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Abstract 

Some non-ductile reinforced concrete walls in buildings were observed to perform poorly in 

the 2011 Christchurch earthquake, with most of the lives lost from the event caused by the collapse of 

buildings that relied on these structural elements for lateral support.  Reinforced concrete (RC) walls 

are widely used throughout the Australian building stock as the primary lateral support elements.  It is 

possible that some of these structural elements would perform poorly in a very rare earthquake due to 

the low standard of detailing that is currently required in Australia, as well as the low earthquake 

return period that the Building Code of Australia stipulates for their design.  The aim of this research 

has been to assess the seismic performance of reinforced concrete structural walls, both rectangular 

and C-shaped, in Australia, a region of low-to-moderate seismicity. 

 The current Australian Standard for Earthquake Actions, AS 1170.4:2007, stipulates 

earthquake hazard values that are based on a seismic hazard map that is over two decades old.  A 

probabilistic seismic hazard analysis was conducted for most of the capital cities in Australia using 

the AUS5 model to provide a more accurate prediction of seismic hazard in Australia.  The results 

indicate that for some cities, such as Melbourne, the response spectrum is expected to be higher for 

large return periods in comparison to the design spectra derived using AS 1170.4:2007.  Furthermore, 

a site response study was conducted using equivalent linear analyses to investigate the amplification 

of the soil response as classified in AS 1170.4:2007 using a range of ground motions that would be 

expected in Australia.  The primary conclusions from the study showed that there can be a large 

dependency of the soil amplification on the intensity of the earthquake ground motions for the softer 

soil classes.  Moreover, the low intensity ground motions resulted in a higher spectral shape factor for 

soil class Be and Ce in comparison to factors derived from the current AS 1170.4:2007. 

 An investigation was undertaken to find the displacement capacity of rectangular lightly 

reinforced and unconfined walls using a finite element modelling (FEM) program, with emphasis on 

finding the equivalent plastic hinge length.  A Secondary Cracking Model (SCM) was formulated, 

which is a simple, mathematical model that has the potential to predict if a RC wall has a sufficient 

longitudinal reinforcement ratio to enable “secondary cracking” to occur.  The SCM has been validated 

by comparison with results from the FEM analyses. Equivalent plastic hinge length equations were 

derived for the rectangular walls that were observed to form secondary cracking and a single, primary 

crack, and this can be used to predict the displacement capacity of these walls. This estimate of the 

displacement capacity assumes that the inelastic rotation that occurs over the inelastic region at the base 

of the wall can be modelled using an equivalent plastic hinge length over which the curvature is assumed 

to be a constant value.  These estimates of the equivalent plastic hinge length are more appropriate for 

RC structural walls commonly found in Australia due to the parameters used in deriving them (e.g. 

mechanical properties of steel, longitudinal reinforcement ratio).  Moreover, some expressions for the 
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equivalent plastic hinge length that have derived by previous researchers were found to be inappropriate 

for the walls analysed in this research; these were particularly inaccurate for walls that do not have 

sufficient longitudinal reinforcement to force secondary cracks to form.  The new expressions provide 

better estimates of the displacement capacity of lightly reinforced and unconfined walls when compared 

with recent experimental observations. 

 One of the most widely used and popular cross-sections used in structural design of RC walls 

is the C-shaped section.  There is a paucity of information available on the inelastic behaviour of such 

elements, and virtually no experimental data exists on non-rectangular concrete walls with inferior 

details commonly found in regions of low-to-moderate seismicity.  An extensive number of nonlinear 

pushover analyses have been conducted based on FEM to investigate the seismic behaviour of C-shaped 

walls with detailing commonly found in Australia.  Based on the FEM results, the SCM, that has been 

developed for rectangular walls, was found to be able to predict the potential of a single-crack forming 

in the walls.  The direction of loading and mode of bending was found to be particularly important for 

the seismic performance of these walls.  A non-ductile failure was observed for the majority of the walls 

investigated due to crushing of the unconfined concrete at the ends of the flanges in the governing 

direction of loading.  Further analyses were conducted in the FEM program but with confined boundary 

ends to emphasise the importance of such structural detailing in allowing some plastic behaviour to be 

achieved for the governing direction of loading.  The equivalent plastic hinge lengths derived from the 

extensive number of FEM analyses correlated poorly in comparison to the estimates from a number of 

expressions that exist in the literature, including a recently developed equation specifically for C-shaped 

walls.  Therefore, equivalent plastic hinge lengths were derived from these results and for each direction 

of loading. 

 A program has been written in MATLAB to derive vulnerability functions for low-rise, mid-

rise and high-rise buildings in Australia that use structural walls as their lateral force-resisting system.  

The city of Melbourne was used as a template for conducting the analyses, and a dataset of thousands 

of buildings obtained from the National Exposure Information System (NEXIS) and Census of Land 

Use and Employment (CLUE) databases was included in the assessment.  The displacement capacity 

of each of the buildings was estimated using a moment-curvature analysis followed by a plastic hinge 

analysis.  A range of artificial earthquakes from GENQKE and real earthquakes from the PEER ground 

motion database on “weathered bedrock” conditions were obtained.  These ground motions were 

subsequently used in equivalent linear analyses using the program SHAKE2000 to find the site response 

at the surface of different soil columns from shear wave velocity profiles taken predominantly from 

sites around Melbourne.  The National Regolith Site Classification Map was used to estimate the soil 

conditions underlying each of the building sites.  The acceleration and displacement response spectra 

resulting from these ground motions were used to represent the seismic demand for different site 
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conditions in the capacity spectrum method and to ultimately estimate the vulnerability of the buildings.  

Thus, vulnerability functions were derived from the results. 
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Chapter 1 Introduction 

1.1 Background 

Buildings that use structural walls as the lateral force-resisting system represent the great 

majority of the building stock in Australia and other low-to-moderate seismic regions (Albidah et al., 

2013; Wibowo et al., 2013).  This includes both commercial and residential structures, as well as 

hospitals and other buildings that have been designed with a post-disaster function.  Buildings that 

utilise walls as the main or only lateral load resisting system are conventionally called “shear wall” (or 

sometimes “structural wall”) buildings.  There are many different cross-sectional shapes that can be 

used for structural walls; however symmetrical shapes are typically desired, with conventional shapes 

illustrated in Figure 1.1. 

 

Figure 1.1 Typical cross-sections used for structural walls (Priestley et al., 2007) 

Figure 1.1(d) is a “C-shaped” wall and is commonly found enclosing a service core, elevators 

(lifts), stairs and toilets.  For example, residential and office buildings generally utilize the core shafts 

and/or enclosing shear walls for stability (Bachmann & Steinle, 2011).  This cross-section is usually 

joined with a symmetrically opposite C-section wall (Priestley et al., 2007), as illustrated in Figure 

1.1(e) (with the broken-lines).  The two C-section walls will usually be connected by coupling beams, 

meaning that they will result in ‘coupled-wall behaviour’ (Priestley et al., 2007).  However, it is 

common to have uncoupled C-shaped walls in low- and mid-rise buildings, particularly in low-to-

moderate seismic regions.  The behaviour of uncoupled C-shaped walls can also differ considerably in 

comparison to rectangular walls when subjected to lateral loading; the wall configuration and 

direction of loading can significantly affect the stiffness, strength and ductility. 

The approach to the design of structural walls for in-plane loading given in AS 3600:2009 

(Standards Australia, 2009) has recently been scrutinized in light of the experiences in the recent 
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Canterbury earthquake sequence in New Zealand. The poor behaviour of non-ductile reinforced 

concrete structures in the Christchurch earthquake has been well documented (Beca, 2011; CERC, 

2012; Dizhur et al., 2011; Elwood, 2013; Kam & Pampanin, 2011; Sritharan et al., 2014) and some 

important findings are discussed below.  Due to the low standard of detailing required in the current 

materials standards in Australia, and the low earthquake return period typically used in design, it is 

anticipated that most of the RC walls and cores embedded within structures around Australia are lightly 

reinforced and unconfined and this is likely to lead to brittle behaviour in an earthquake. The detailing 

of reinforcement in reinforced concrete walls required in the Australian Standard for Concrete 

Structures AS 3600 (Standards Australia, 2009) is such that ‘little or no confinement of concrete would 

be activated’ (Goldsworthy & Gibson, 2012) as restraints and ties of the vertical reinforcement are 

typically not needed.  This is particularly important for walls in which concrete compressive strains can 

govern the flexural performance (e.g. C-shaped walls).  Also, the current minimum vertical 

reinforcement ratio (ρwv) required in Australia for RC walls is given as 0.0015 (or 0.15%) (Standards 

Australia, 2007), and many walls with very low reinforcement ratios are likely to fail in a brittle manner 

in tension.  While it is possible that the large majority of these structural walls can withstand the 

demands from a 500-year return period event, it is unlikely that the displacement capacity of these walls 

is adequate for a 2500-year return period event. 

The September 4th 2010 Darfield earthquake was the beginning of what has been labelled the 

Canterbury earthquake sequence, where a moment magnitude (Mw) 7.1 earthquake struck at an 

epicentral distance of 35km from the second largest city in New Zealand, Christchurch (Bradley, 2012).  

The strong earthquake was generated at a relatively shallow depth of 10km on a fault that had not 

previously been mapped or identified (Goldsworthy, 2012), with the river gravels that covered the 

Canterbury Plains hiding any such evidence of past fault activity in the area (Smyrou et al., 2011).  The 

strong earthquake caused a considerable amount of damage to the city, largely to unreinforced masonry 

structures (Ingham et al., 2011), but the incident passed without causing any fatalities.  However, 

several months later, on the February 22nd, 2011, a local magnitude (ML) 6.3 aftershock struck closer to 

the city of Christchurch at a shallower depth of 5km, with the rupture zone of approximately 10 x 10 

km oriented in such a way that it ran directly under the Central Business District (CBD) area 

(Goldsworthy, 2012).  The strong ground motion from the aftershock only lasted around 10 seconds, 

but the motions were so intense that many structures were severely damaged and this ultimately cost 

the lives of 181 people.  This earthquake was the third most expensive insured natural catastrophe in 

New Zealand’s history, estimated at causing economic losses of over $23bn (Tate, 2012).  Modern 

reinforced concrete (RC) buildings in the Christchurch CBD were observed to suffer some damage, but 

this was ‘not unexpected given the prevailing design philosophy, that of “capacity design”’ 

(Goldsworthy, 2012).  RC buildings that were built pre-1980s, before the implementation of capacity 

design, were typically “non-ductile” structures.  Pampanin et al. (2011) describes the on-off nature of 
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the structural response of the pre-1980s structures due to the earthquake ground motions.  These 

buildings would perform well in the elastic stage, but once they yield their displacement ductility is 

soon exceeded and dramatic failure occurs.  This was most notably seen in the catastrophic collapse of 

the Pyne Gould Building, one of two non-ductile RC buildings to collapse in the event (Goldsworthy, 

2012). 

The Pyne Gould Building was a five-storey RC structure that was constructed in the early 

1960s.  The building was reliant on RC walls for its lateral load resisting system, which formed a core 

surrounding stairs and lifts (Beca, 2011).  The RC core walls between floors one and two had 

insufficient capacity, by a ‘considerable margin’, to resist the large ground motions that the building 

was subjected to from the aftershock on the 22nd February 2011 (Beca, 2011).  The building collapsed 

catastrophically, with the failure occurring due to the reinforcements in the west wall yielding and 

fracturing in vertical tension and conversely the east wall failed in vertical compression.  The collapse 

of the Pyne Gould building has highlighted the vulnerability of lightly reinforced shear core walls with 

flanges, and without sufficient concrete confinement, subjected to a rare earthquake event.  CERC 

(2012) noted that it was unlikely that there was a sufficient amount of longitudinal reinforcement in the 

RC core of the Pyne Gould building to allow secondary cracking.  Therefore, it is predicted that the 

concentration of tension strains carried by the steel reinforcement at this primary crack is partly 

responsible for the buildings non-ductile performance.  Beca (2011) concluded their investigation of 

the collapse with recommendations that ‘further investigation of the seismic performance of existing 

lightly reinforced shear-walls is considered a priority’. 

The earthquake sequence involving the catastrophic destruction in Christchurch has more 

similarities with intraplate earthquake events experienced in Australia rather than the larger, and often 

much deeper, events that are commonly observed on plate boundaries, and that have usually been 

experienced in New Zealand (Goldsworthy, 2012).  The intraplate earthquakes in Australia are typically 

observed to be reverse fault, shallow and high stress-drop events.  On average, Australia experiences 

two earthquake events over magnitude 5 per year (Leonard, 2008) and a magnitude 6 every five years 

(Wilson & Lam, 2008).  This is considered to be a substantially higher level of seismic activity than 

other active intraplate regions around the world.  The most damaging and costly earthquake in Australia 

was caused by a moderate magnitude event of local magnitude (ML) 5.6, which struck the New South 

Wales city of Newcastle in 1989.  The event took the lives of 13 people and caused losses estimated to 

be up to $4 billion (Walker, 2011) if the same event were to recur today.  Ingham et al. (2011) notes 

the similarities in vulnerability to a devastating earthquake that the city of Adelaide, Australia has 

compared with the city of Christchurch, in that both cities have had similar construction practices in 

their early years of development with many unreinforced masonry structures prevalent.  Both cities are 

also built extremely close to ‘fault lines that have a tendency to generate shallow earthquakes of less 

than 20 km depth’ (Ingham et al., 2011).  In fact, many of the Australian capital cities have known 
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faults in their vicinity, having the capabilities of generating damaging shallow earthquakes, which 

forces us to reflect on the adequacy of our existing design philosophy (Goldsworthy, 2012).  Therefore, 

the seismic performance of RC buildings in Australia, which generally have low levels of ductile 

detailing, needs to be investigated. 

 

1.2 Problem Statement 

The aim of this research is to assess the seismic performance of typical RC structural wall 

buildings in Australia when subjected to a rare or very rare earthquake event, corresponding in this 

research to 500-year and 2500-year return periods respectively.  This requires the seismic demand in 

Australia to be reassessed, as well as new expressions for calculating the displacement capacity of 

lightly reinforced and unconfined RC walls to be derived.  Building on this research, vulnerability 

functions (or fragility curves) will be derived for RC buildings in Australia for different earthquake 

levels, and these will be used to deduce how vulnerable the Australian building stock is under rare or 

very rare earthquake events.  Some uncertainties, such as earthquake ground motions and material 

properties of the concrete and reinforcing steel, are accounted for in the development of such 

vulnerability functions using a program developed for this research. 

For seismic vulnerability studies, a good prediction of both seismic demand and structural 

capacity is required to provide an accurate representation of the vulnerability functions in predicting 

the probability of reaching a performance level for a given seismic intensity level.  Vulnerability 

functions are useful for risk assessments used by insurance companies; they are implemented in loss 

estimation software, such as EQRM (Robinson et al., 2005) from Geoscience Australia (GA), which 

uses methodology based on HAZUS (FEMA, 2010) from the Federal Emergency Management 

Agency.  Although the fragility curve relationship, which represents the cumulative probability of 

damage to a building for a given range of a chosen engineering demand parameter (e.g. peak ground 

acceleration), is free to take any shape, it is common for components of the fragility relationship to 

conform more closely to lognormal functions.  The current fragility curves for RC structural wall 

buildings produced by GA (Maqsood et al., 2014) have been derived primarily from expert opinion, 

with no functions being derived from analytical studies with a focus on these types of buildings in 

Australia.  Moreover, previous seismic vulnerability studies for Australia have relied on adopting 

building parameters from other regions to model the capacity of structures (Daniell et al., 2015; 

Koschatzky & de Oliveira, 2016; Koschatzky et al., 2015a, 2015b). 

The seismic demand in most places around the world, including Australia, is not well known, 

given the relatively short recording period (at best 50 years) and historical events only dating back to 

the 1800s.  This duration of time is much shorter than the estimated recurrence interval of faults 
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slipping, which can be thousands of years, or even the typical return periods of 500 years or 1000 

years used for seismic design purposes in the Building Code of Australia (ABCB, 2016).   

Deriving the seismic demand from the current AS 1170.4:2007 for the purposes of 

vulnerability studies is questionable, particularly for the longer return period earthquake events.  

Moreover, there have been many improvements in the understanding of seismic events in Australia 

that have occurred over the last two decades since the 1993 seismic hazard map of Australia was 

created.  This map is still used provisionally in the current AS 1170.4:2007.  More recently, an 

initiative was taken up by GA, starting in 2009, to update the earthquake hazard map, and it was 

intended that this update would be considered during the next revision of the Earthquake Actions 

loading code [AS1170.4] (Burbidge, 2012).  However, some of the decisions and assumptions have 

created some controversy in the seismology and engineering community.  For example, the selection 

and weighting of Ground Motion Prediction Equations (GMPEs) used by GA, which predict the 

attenuation of seismic ground motions, are questionable; a study has yet to be undertaken to show the 

applicability of several potential GMPEs for the Australian region, as there is a paucity of strong-

motion data for the region.  However, recent earthquake events have been captured by several 

seismometers, which could be used in attempting to validate some of the GMPEs for the eastern 

Australian region.  Moreover, the spectral shape factors in AS 1170.4:2007 need to be reassessed, 

given the disparity of earthquake intensity ground motions and mechanisms that were originally used 

for deriving these factors in comparison to what is commonly observed in Australia, as well as the 

large improvements to the available strong ground motion database. 

The generic building parameters that have been typically used in previous loss methodology 

and risk studies for earthquake scenarios in Australia have been derived for the building stock in other 

places internationally (e.g. the United States) and may not represent the building stock of Australia.  

Instead of using these generic building parameters, capacity curves, which are needed for deriving 

vulnerability functions, can be derived from plastic hinge analyses.  The plastic hinge analyses use 

expressions to directly estimate the displacement capacity of RC structural walls.  However, the 

equations and parameters that would commonly be used for this purpose have either been derived or 

calibrated from an extensive amount of numerical and experimental research that has focused on walls 

with detailing typical of high seismic regions and not relevant to the structural walls in Australia.  As 

mentioned previously, RC walls in regions of low-to-moderate seismicity, such as Australia, have far 

less ductile detailing; also, low longitudinal reinforcement ratios are typically required due to the low 

design moment/forces that are a result of the low return period earthquake event considered.  

Moreover, boundary ends of the walls are unconfined, thus limiting the concrete strains in these 

regions when subjected to flexural actions.  The mechanical stress versus strain behaviour of the 

reinforcing steel commonly used in Australia is also less ductile than the reinforcement used in 

regions of high seismicity (e.g. Western United States and New Zealand).  These contrasting attributes 
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of RC walls in Australia, in comparison to walls detailed to meet the requirements of regions of high 

seismicity, lead to questions regarding the validity of the use of the previously derived expressions in 

the case of lightly reinforced and unconfined walls.  Moreover, the limiting strain values 

corresponding to the different performance objectives, such as those proposed by Priestley et al. 

2007), overestimate the strains that can be resisted by the concrete and steel for the typical 

unconfined, lightly reinforced sections found in low-to-moderate seismic regions such as Australia.  

Therefore, expressions need to be derived that can better represent RC walls in Australia, aimed at 

improving the prediction of the displacement capacity of such walls.  These expressions can 

ultimately be used to derive capacity curves for low-rise (LR), mid-rise (MR) and high-rise (HR) (up 

to 12 storeys) RC structural wall buildings, conforming to the classification used in FEMA (2010) and 

Robinson et al. (2005); LR buildings are considered to be up to 3 storeys high, MR buildings are up to 

7 storeys high and HR buildings are 8 storeys and above.  These capacity curves will provide a much 

more accurate prediction of the load versus displacement behaviour of the RC structural wall building 

stock of Australia in comparison to other current methods, and the use of these curves in turn will 

provide better estimates of vulnerability and fragility curves. 

The C-shaped RC wall is also a popular construction choice, which provides flexural stiffness 

in both directions of loading, i.e. about its weaker and stronger axes.  Due to the complex behaviour 

of such elements, the expressions for predicting the seismic behaviour of RC rectangular walls are 

invalid for non-rectangular walls.  Only recently has there been some attempt at providing information 

on the inelastic performance of such elements.  For example, recent experimental testing on C-shaped 

(or U-shaped) walls has provided some basis for deriving equations or improving commonly used 

expressions for predicting the inelastic performance of these types of walls.  However, to the authors’ 

knowledge, there has been no experimental testing of non-rectangular RC wall specimens with 

“inferior” detailing that would be found in low-to-moderate seismic regions of Australia.  Hence, 

there is still a large knowledge gap in terms of the seismic performance of C-shaped walls that have 

the type of detailing commonly used in Australia. 

 

1.3 Research Objectives 

The research objectives are listed as follows: 

1. Assess the seismic hazard of major Australian cities 

Some earthquake recurrence models in Australia that are used in Probabilistic Seismic Hazard 

Analysis studies assume widely uniform seismicity, and these tend to give lower hazard results for the 

more “active” regions.  In contrast, a recurrence model based solely on known seismicity will tend to 
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overestimate the seismic hazard, particularly for regions of low-to-moderate seismicity with an 

incomplete seismic record.  Therefore, using a seismotectonic model with smoothed seismicity can 

result in a seismic hazard that is somewhere in between these two extremes. 

Probabilistic Seismic Hazard Analyses (PSHA) will be undertaken for many capital cities in 

Australia.  This work has been conducted in collaboration with Mr Gary Gibson, using the AUS5 

multi-tiered earthquake recurrence model; it is a seismotectonic model since it includes layers for 

geological information, previous seismicity and active faults with estimated slip rates.  Hazard Factors 

(equivalent to the peak ground acceleration) for a range of return periods for all capital cities will be 

compared to the current provisional values in AS 1170.4:2007. The spectral acceleration and 

displacement results from the PSHA studies will also be used to determine the appropriate demands in 

the building assessments discussed below in objective 6.  

2. Investigate the earthquake response of sites with different soil classes using seismic 

intensities expected in Australia 

The soil conditions at a site can significantly affect the seismic excitations from the bedrock 

ground motions; i.e. the seismic excitations at the ground level will be altered relative to those at the 

bedrock.  The current Australian Standards use Spectral Shape factors to account for potential 

amplification of the building response due to site response.  However, these factors are primarily 

based on research using high peak ground acceleration (PGA) and strike-slip earthquake events and 

these are not representative of moderate to large events in Australia.  Moreover, recent research has 

suggested that the amount of amplification due to soil response is dependent on the intensity of the 

seismic excitations. 

 An investigation will be carried out to study the site response of the different soil classes 

given in AS 1170.4:2007 with a range of depths to bedrock.  Different earthquake ground motions 

will be used that represent intensities consistent with rare to very rare events in Australia.  Moreover, 

ground motions will be obtained from the Pacific Earthquake Engineering Research (PEER) database 

which will conform to strict criteria such that the seismic excitations are consistent with typical or 

expected seismic events in Australia.  Equivalent linear analyses will be used with a program called 

SHAKE2000 to determine the response due to the excitations atop the site.  The results of the 

acceleration response at the surface of the soil sites will be normalised such that a comparison will be 

made to the spectral shape factors in the current AS 1170.4:2007. 

3. Develop a simple model for predicting the onset of secondary cracking 

An important structural failure was observed in both the Chile 1985 and Christchurch 2011 

earthquakes, where a single-crack formed at the base of lightly RC walls rather than having a zone of 
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well distributed cracks as had been expected.  Some researchers have proposed that this type of failure 

was caused by the low tensile force produced in the concrete above the primary crack due to the small 

number of longitudinal reinforcing steel bars (CERC, 2012).  At the time that this area of research was 

investigated, there was a need to develop this simple model of behaviour further and to derive an 

equation to predict the longitudinal reinforcement ratio required to initiate secondary cracking.  This 

will be done here.  It should be acknowledged that this has also been done independently in New 

Zealand for walls with ductile detailing and an equation based on a similar model has been proposed 

as an amendment to NZS 3101:2006 (Cook et al., 2014).  Many structural provisions internationally 

do impose a minimum longitudinal reinforcement ratio requirement for the design of RC walls, 

however the minimum value has been derived primarily for mitigation against thermal and shrinkage 

effects in the concrete. 

A Secondary Cracking model will be proposed and used to derive a simple expression to 

estimate whether secondary cracking will occur above the “primary crack” that typically forms at the 

base of a RC cantilever wall, and this will use parameters relevant to regions of low-to-moderate 

seismicity. 

4. Develop expressions for plastic hinge analysis for the prediction of the displacement capacity 

of rectangular and C-shaped RC walls 

 A series of finite element modelling analyses will be carried out for rectangular and C-shaped 

RC walls using a state-of-the-art nonlinear finite element modelling program for plane RC sections, 

VecTor2, and for 3-dimensional solids, VecTor3, respectively.  A range of parameters commonly 

used in typical RC walls in Australia will be adopted.   The primary focus of the investigation is to 

observe the onset of secondary cracking for the range of longitudinal reinforcement used and to derive 

an equivalent plastic hinge length (PHL) equation.  The PHL is used in a plastic hinge analysis and is 

an equivalent length over which the inelastic behaviour is assumed to occur; the plastic deformation 

capacity of a RC wall is highly dependent on the PHL.  Expressions for determining the yield 

displacement capacity of the wall will also be determined from the results.  Importantly, VecTor3 will 

be used to find the inelastic performance of lightly reinforced and unconfined C-shaped walls for 

bending about the strong (major) and weak (minor) axes.  The finite element results will form the 

basis of a range of simplified expressions for finding the displacement capacity of these types of walls 

for a range of parameters.  Obtaining accurate but simple representations of the force-displacement 

behaviour of lightly reinforced walls is a vital step towards producing realistic estimates of 

vulnerability functions of RC buildings in low-to-moderate seismic regions. 

5. Develop a computer program to assess the seismic vulnerability of an Australian city and 

derive vulnerability functions 
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A computer program written in MATLAB will be developed with the main function of 

providing vulnerability functions for LR, MR and HR RC structural wall and core buildings.  The 

load versus displacement response of a single degree of freedom (SDOF) substitute structure 

representing the buildings will be calculated using the expressions derived previously for lightly 

reinforced and unconfined rectangular and C-shaped walls.  The calculated displacement capacities 

correspond to the different performance levels which are considered in this research: Serviceability, 

Damage Control and Collapse Prevention.  The capacity spectrum method will be shown to provide a 

good estimate of assessing seismic vulnerability in comparison to the more rigorous method of 

dynamic non-linear time history analyses for the buildings considered here, i.e. up to 12 storeys.  The 

city of Melbourne is used as a template, where building stock information will be provided from the 

Census of Land Use and Employment (CLUE) dataset (Melbourne City Council, 2015).  Buildings 

will be idealised with rectangular and/or C-shaped walls and cores.  Soil conditions at the building site 

can be estimated from the Australian National Regolith Site Classification map, which is used for site 

response of the earthquake demand.  Numerous real and artificial earthquake ground motions are used 

to provide a range of seismic intensity to assess the structures and produce vulnerability functions.  

The program will also assess the cities of Adelaide and Melbourne for a rare and very rare earthquake 

events, corresponding to 500-year and 2500-year return periods. 

 

1.4 Structure of thesis 

This thesis consists of 7 chapters.  The organisation of the thesis is summarised as follows: 

Chapter 1 is an introductory chapter, which gives an overview of the damage observed in the 

Christchurch earthquake and how it relates to the challenges associated with the seismic vulnerability 

of the Australian RC building stock. 

Chapter 2 provides a literature review on the following six topics: i) poor structural performance 

observed in the Christchurch earthquake of 2011, ii) seismicity in Australia, iii) soil response from 

earthquake ground motions and spectral shape factors, iv) design of RC walls in Australia and a 

review of previous experimental results on the seismic performance of such structural elements, v) 

plastic hinge analysis and commonly used expressions for RC walls, and vi) seismic assessment 

methods and deriving vulnerability functions. 

Chapter 3 focuses on the seismic demand in Australia, firstly presenting a study using Probabilistic 

Seismic Hazard Analyses (PSHA) to derive seismic hazard values for some of the capital cities in 

Australia.  An investigation into the applicability of some Ground Motion Prediction Equations 

(GMPEs) for the southeast Australian region is also undertaken using seismometer recordings from 
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several moderate earthquake events.  A site response study using equivalent linear analyses is 

undertaken to observe the (de)amplification of the soil response for the site classes in AS 1170.4:2007 

when subjected to a range of earthquake intensities. 

Chapter 4 introduces the Secondary Cracking Model, which can predict if a RC wall has a sufficient 

longitudinal reinforcement ratio to allow secondary cracking.  A study is also presented to investigate 

the equivalent plastic hinge length of lightly reinforced and unconfined rectangular concrete walls, 

using the finite element software VecTor2 to run nonlinear pushover analyses with a range of 

parameters commonly found in low-to-moderate seismic regions.  A plastic hinge length equation is 

derived from the study, which can be used in a plastic hinge analysis for these types of walls.  Other 

expressions typically used in a plastic hinge analysis are scrutinised for RC walls in low-to-moderate 

seismic regions using the results of the finite element modelling analyses.  The longitudinal 

reinforcement layout is also investigated using VecTor2 for a range of RC walls that conform to the 

minimum requirements specified in some international provisions. 

Chapter 5 investigates the seismic performance of RC C-shaped walls using nonlinear pushover 

analyses in the finite element 3D modelling program VecTor3.  While the primary focus of the 

analyses is to derive the equivalent plastic hinge length, the displacement capacities of the walls are 

found for all three different directions of loading.  Findings from the extensive analyses will be used 

to illustrate the brittle nature of these types of walls without the correct confinement in specific 

regions of the wall. 

Chapter 6 introduces a program written in MATLAB for the primary purpose of assessing the 

vulnerability of the RC structural wall and core building stock of Australia.  The city of Melbourne is 

used as an example, and the seismic demand and plastic hinge analysis expressions derived previously 

are used to determine the best possible assessment.  Vulnerability functions for low-rise, mid-rise and 

high-rise buildings are determined from a dataset of thousands of buildings with a range of applicable 

parameters commonly found in the low-to-moderate seismic regions of Australia.  An estimate is also 

given of the expected number of RC buildings that have reached or exceeded the “Collapse 

Prevention” performance level for 500-year and 2500-year return period events. 

Chapter 7 summarises the main findings and conclusions from this thesis, providing 

recommendations for future research as well as to help mitigate earthquake damage for structures in 

Australia. 
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Chapter 2 Literature Review 

This chapter presents a literature review of the extensive research related to the assessment of 

reinforced concrete (RC) buildings, specifically those that use RC walls as their lateral force-resisting 

system, in Australia.  Some structural failures observed in the Christchurch earthquake event that are 

relevant to the Australian building stock are reviewed in Section 2.1.  The seismic history of Australia 

is presented in Section 2.2, which includes background information about the hazard maps, the 

Earthquake Actions Standard produced by Standards Australia and relevant Ground Motion 

Prediction Equations for the region.  The phenomenon of soil response due to earthquake ground 

motions is discussed in Section 2.3.  Background on the design of RC walls and cores in Australia is 

presented in Section 2.4, with a review of the previous and relevant experimental research.  A review 

of the expressions commonly used in a plastic hinge analysis for RC walls is presented in Section 2.5.  

Finally, methods of seismically assessing RC buildings and deriving vulnerability functions are 

reviewed in Section 2.6. 

 

2.1 Structural Performance Observed in Christchurch 

This section provides an overview of some of the structural deficiencies that were observed in 

some of the RC buildings after the February 22nd 2011 Christchurch earthquake.  In particular, the 

non-ductile failures of some structural elements are highlighted, since this led to the complete collapse 

of the structure in the case of the Pyne Gould building.  These failures are relevant to the Australian 

building stock and provide a valuable source of information about the types of failures that could 

occur in non-ductile RC buildings in Australia. 

2.1.1 Pyne Gould Corporation building 

The Pyne Gould building in Christchurch was a five-storey RC structure constructed in the 

early 1960s.  The building, shown in Figure 2.1, was reliant on RC walls for its lateral load resisting 

system, which formed a core surrounding stairs and lifts (Beca, 2011).  The walls are symmetrical in 

the north-south directions within the centreline of the building and there is an offset for the walls from 

the east-west axis, as illustrated in Figure 2.2.  The core wall had a single layer of deformed 16 mm 

bars spaced at 381 mm for both the horizontal and longitudinal reinforcement (Beca, 2011).  This 

reinforcement satisfied the minimum requirements of the New Zealand Standards (NZSS, 1953) at the 

time of the design. Both the longitudinal (vertical) and horizontal reinforcement ratios (ρwv and ρwv 

respectively) were calculated to be approximately 0.25%. 

Although there was noticeable non-structural damage in the building resulting from the 4th 

September 2010 earthquake, there did not appear to be any significant structural damage.  Months 
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later, the ground motions caused by the Mw 6.3 aftershock on the 22nd February caused forces and 

displacements that were too great for the lateral load resisting system of the Pyne Gould Building to 

withstand, and the structure collapsed catastrophically. 

 

Figure 2.1 The Pyne-Gould Building in 2010, photo taken from the south-east corner (Beca, 2011) 

Figure 2.2 Plan view of the Pyne Gould Corporation building for (a) ground level and (b) upper levels 
(typical) (CERC, 2012) 

An investigation into the collapse of the building concluded that the core wall connected 

between level one and two had insufficient capacity to resist the large ground motions that the 

building was subjected to on the 22nd February 2011.  The failure, according to Beca (2011), occurred 

(b) (a) 
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between levels one and two due to the vertical reinforcement in the west wall of the core yielding in 

vertical tension and subsequently fracturing.  Moreover, the wall continued to displace to the east, 

where the compression capacity in this region of the wall was eventually exceeded.  The more robust 

and stiffer ground floor of the building, which had more RC walls than the other floors, as shown in 

Figure 2.2(a), ‘stayed intact and virtually undamaged’.  Due to the failure of the west wall, the 

deflections in the horizontal east direction grew and were eventually too great for the “gravity 

system”, with failures occurring at some levels between columns and beams and also between the 

floors and the shear-core, and this eventually caused all of the floors to “pancake”.  Figure 2.3 depicts 

the collapsed state of the building. 

 

Figure 2.3 The collapsed state of the Pyne-Gould Building with locations of main structural components 
(CERC, 2012) 

 Hyland 2011) performed material testing on some of the structural elements of the collapsed 

building.  It is interesting to note that the concrete strengths, obtained from cores for both the columns 

and beams, were much greater than the 28-day characteristic compressive strengths (f’c) specified in 

the design; the columns had a mean compressive strength (fcmi) of 47 MPa, while the beams had an fcmi 

of 41 MPa.  The f’c specified in the design for the columns and beams ranged from 24 to 28 MPa 

(depending on the location of the particular column under consideration) and 17 MPa respectively, 

leading to increased strength factors (κ) of around 2.0 and 2.4 respectively.  This did not come as a 

surprise in the report, as it was discussed that it is widely known in the construction industry that the 

concrete will increase in strength over time (Hyland, 2011).  However, a high compression strength 
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(and correspondingly tensile strength) of the concrete increases the tensile force required to allow well 

distributed cracks to occur in the tensile region of the wall; the magnitude of the tensile force that can 

develop is limited by the percentage of longitudinal reinforcement and the strength of this 

reinforcement.  The Christchurch Earthquake Royal Commission (CERC, 2012) discuss the cracking 

that occurred in the shear wall in the critical section of level one.  CERC (2012) point out that ‘it was 

unlikely that sufficient tension could have been transmitted to initiate a secondary crack in the 

concrete’.  This was due to the low percentage of longitudinal reinforcement in the walls and hence 

the low level of tension force that could be developed, even if this reinforcement was able to reach its 

full tensile strength.  Therefore, it is likely that a single crack occurred in the core wall of the Pyne 

Gould building, with a subsequent brittle failure occurring due to the concentration of strain and 

fracturing of the longitudinal reinforcing bars in this region. 

Beca (2011) believe that one of the primary factors that caused the collapse of the Pyne Gould 

Corporation building was due to the ‘compression or buckling failure in the east wall of the 

unconfined shear-core’.  This highlights the vulnerability of lightly, reinforced shear core walls with 

flanges, especially those without sufficient concrete confinement to enable them to withstand very 

rare earthquake events.  ‘Further investigation of the seismic performance of existing lightly 

reinforced shear-walls is considered a priority’ (Beca, 2011).  CERC (2012) also made note of the 

importance and potential implications of the ‘inadequate longitudinal reinforcement in the walls, no 

confinement in the walls’, due to the building being designed before ductile detailing became 

provisional.  ‘A building with this combination of features could not lawfully be constructed today’ 

(CERC, 2012).  This might be true for New Zealand codes of building practice; however, this type of 

construction is still prevalent in the low-to-moderate seismic region of Australia.  This is particularly 

important for C-shaped walls, illustrated in Figure 2.4.  The channel-shaped, or C-shaped is one of the 

simplest and most popular choices of geometry for a RC wall as it can enclose non-structural items 

such as elevators or staircases (Beyer et al., 2008a, 2008b).  There has been some concern in the 

recent literature about these types of unconfined walls in Australia and their seismic performance 

when large concrete compressive strains govern the behaviour (Goldsworthy et al., 2015).  For 

example, for bending about the minor axis which causes the web of the C-shaped wall to go into 

compression (WiC) the reinforcement in the flanges is likely to yield and this results in substantial 

plastic deformations.  This is due to the relatively small depth required from the neutral axis to the 

extreme fibre edge in compression, which means large tension strains (εs) govern for this direction of 

loading.  However, when the web of the C-shaped wall is in tension (WiT), a non-ductile and brittle 

failure can occur due to the large (governing) compression strains (εc) needed to balance the tensile 

forces developed by the longitudinal reinforcement in the web.  If these “boundary elements” at the 

end of the flanges are unconfined, there is a potential for a brittle compression failure for this 

direction of loading in the event of large ground motions, similar to what has been observed with the 
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RC core of the Pyne Gould building.  These loading scenarios and idealised strain distributions are 

illustrated in Figure 2.4. 

 

Figure 2.4 Tension governing (WiC) and compression governing (WiT) C-shaped walls for loading that 
cause bending about the minor axis 

Beca (2011) recommended a reassessment of existing building guidelines to confirm the 

structural inadequacy that they thought was responsible for the catastrophic collapse of the Pyne 

Gould building.   

2.1.2 Gallery Apartments building 

The lateral load resisting system of the north tower of the 14-storey high-rise Gallery 

Apartments building (Figure 2.5a) relied on precast RC walls, which were typically two storeys high 

as shown in the floor layout of Figure 2.5(b).  CERC (2012) noted that the RC building had been 

designed to meet the requirements of the Concrete Structures Standard, NZS 3103:1995 (Standards 

Association NZ, 1995), and this required the use of limited ductile detailing which corresponds with 

the use in design of a ductility factor (μ) of 3.  However, an inspection of the drawings revealed that 

“nominally” ductile detailing was used (Henry, 2013; Smith & England, 2012), which corresponds 

with a ductility of 1.25 in the New Zealand Standards.  The RC walls had no confinement, and yet this 

was required in the compression zones of “limited ductility” walls as stipulated by NZS 3101:1995.  

There was a clear mismatch between the assumed ductility in comparison to the detailing used 

(CERC, 2012). 
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Figure 2.5 The Gallery Apartments building in Christchurch (a) view of the north tower (Smith & 
England, 2012) (b) typical floor plan of the northern tower (CERC, 2012) 

On thorough inspections of the building, it was discovered that the narrow cracks had actually 

opened by a significant width during the seismic excitations from the February 22nd 2011 earthquake 

which had resulted in correspondingly large wall drifts, but had closed back up as the wall re-centred 

(Morris et al., 2015).  Furthermore, ‘the expected crack pattern of primary and secondary cracks that 

had been observed in structural tests did not develop in this building’ (CERC, 2012).  It was observed 

that many of the RC walls in the Gallery Apartments building tended to have only one primary crack 

form in the plastic hinge zone, which resulted in the concentration of inelastic (plastic) strains over a 

very short height of the wall.  Moreover, it was common to find in these walls that some of the 

longitudinal reinforcing bars that crossed the crack in some of these walls had fractured due to the 

large concentration of inelastic deformations developing over such a small length.  The single crack 

and fracture of the reinforcement is shown in Figure 2.6.  It should be noted that although the building 

was still standing, the damage state was described as near the collapse limit state (Morris et al., 2015). 

(a) (b) 
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Figure 2.6 Gallery Apartments building with RC wall (a) showing single at the base and (b) fractured bar 
(Sritharan et al., 2014) 

CERC (2012) suggest that the wall behaviour observed was due to an insufficient amount of 

longitudinal reinforcement, and, as discussed in Section 2.1.1 this also one of the main factors which 

results in the failure of the Pyne Gould building.  Thorough investigations of the RC wall in the 

Gallery Apartments using a finite element modelling program have led to the same conclusion; the 

RC wall had an insufficient amount of longitudinal reinforcement to initiate “secondary cracking” 

(Henry, 2013; Lu et al., 2014; Sritharan et al., 2014). 

The specified compressive strength (f’c) of the concrete used in design for the critical RC wall 

in the Gallery Apartments building was 30 MPa.  However, material tests by Holmes Solutions (Smith 

& England, 2012) indicate that the cylinder compressive strengths ranged from 47 MPa to 56MPa, a 

corresponding increased strength factor (κ) of up to 1.9. 

2.1.3 Minimum reinforcement according to NZS 3101:2006 

The critically damaged wall in the Gallery Apartments building (Figure 2.6) was 4300mm 

long by 325mm thick and contained two grids of 12mm longitudinal reinforcement which was spaced 

at 460mm along the length of the wall.  Two grids of grade-500 12 mm diameter bars were also used 

for the horizontal reinforcement, but at 400mm centres (up the height of the wall) (Sritharan et al., 

(a) 
(b) 
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2014).  This corresponds to a longitudinal reinforcement ratio (ρwv) of 0.16%, which was just above 

the minimum required by NZS 3101:1995 (Standards Association NZ, 1995) (using Equation 2.1 and 

assuming that the yield stress of the steel bars (fy) is 500MPa).  Inspection of the drawings by CERC 

(2012) confirm that Grade 500 Steel was used in the RC walls. 

��� ≥
0.7

��
 2.1 

It should be noted that a ρwv of 0.16% does not meet the current minimum requirements given 

in the revised NZS 3101:2006 (Standards Association NZ, 2006a); the longitudinal reinforcement 

ratio required by that standard is calculated to be 0.274% (using Equation 2.2).  However, the 

reinforcement ratio can be less than that required in Equation 2.2 if the vertical reinforcement was at 

least one third greater than that required by analysis (Standards Association NZ, 2006a). 

��� ≥
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It should be noted that the requirements of the current NZS 3101:2006 for the minimum 

longitudinal reinforcement ratio (Equation 2.2) do not differentiate between nominally ductile, limited 

ductile and ductile walls. 

Due to the recent observations of poor seismic performance of lightly reinforced concrete 

walls, the Structural Engineering Society of New Zealand (SESOC, 2011b) recommended increasing 

the minimum longitudinal reinforcement ratio requirement for limited ductile and ductile walls to that 

of Equation 2.3. 
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As discussed in Morris et al. 2015), Equation 2.3 accounts for a ‘higher than expected 

concrete strength of up to 2.5 times the 28-day specified value’ and this is responsible for the increase 

in the required minimum longitudinal reinforcement ratio relative to that previously given by NZS 

3101:2006 (Standards Association NZ, 2006). 

A recent revision has been proposed for the required minimum ρwv for limited ductile and 

ductile walls in NZS 3101:2006 (Standards Association NZ, 2006a) with Amendment 3 (Cook et al., 

2014), which largely arose due to some of the undesirable performances of RC walls observed in the 

Christchurch earthquake (Section 2.1.2).  The changes require the designer to provide a larger 

longitudinal reinforcement ratio at the boundary ends of the wall (ρl,e), equal or greater than the 

reinforcement ratio calculated using Equation 2.4.  It should be noted that this equation gives a 
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required minimum that is less than what was recommended by SESOC (2011b), and is double what 

was originally required for nominally ductile, limited ductile and ductile walls (Equation 2.2).  The 

required longitudinal reinforcement in the web of the wall must be greater than the original 

requirement, given in Equation 2.2, and must also be greater than 0.3ρl,e. 

��,� =
1.2 × 0.85 × 0.52 �1.2 × 1.1 × ��

�

1.1 × 1.08 ×  ��
=

���
�

2��
 2.4 

As discussed in Cook et al. (2014), each of the factors in Equation 2.4 are as follows: 

 1.2 is related to the increase of the tensile strength of concrete due to dynamic loading 

 0.85 is related to the tensile strains imposed by the drying shrinkage of concrete 

 0.52 is a factor that relates the mean value to the upper characteristic value of the tensile 

strength of concrete 

 1.2 is a factor that relates the average target compressive strength to the lower characteristic 

value 

 The 1.1 factor in the numerator is related to increase of the strength of concrete with age 

 The 1.1 factor in the denominator is related to the increase of steel reinforcement due to the 

dynamic loading 

 1.08 is a factor that relates the lower characteristic value to the mean value of the strength of 

steel 

To the authors’ knowledge, no analytical study has been undertaken to confirm that the 

minimum reinforcement ratio given by Equation 2.4 allows what is known as “secondary cracking”.  

Moreover, it is possible that requiring a lower minimum ρwv in the web of the wall compared to the 

boundary ends could create other undesirable behaviour in the wall, such as out-of-plane behaviour of 

the wall and crushing of the web region of the wall (Beyer et al., 2008b; Brueggen, 2009; Rosso et al., 

2014). 

2.1.4 Secondary Cracking 

As discussed in Section 2.1.1, a single crack at the bottom of a critical wall was postulated to 

have occurred in the lead up to the catastrophic collapse of the Pyne Gould building; also this 

phenomenon was observed in a RC wall in the Gallery Apartments building.  This type of 

performance in RC walls was observed during the Chilean Earthquake of 1985 in the El Faro building 

(Wood et al., 1991; Wood, 1989).  The investigation by Wood et al. (1991) on the El Faro building 

provided a ‘rare, documented failure of a structural wall-system’, with failure and ultimately collapse 

of the building occurring after the longitudinal reinforcement fractured in a first-story wall.  To the 

authors’ knowledge, this was the first documented case of a single-crack-failure in a RC wall from an 
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earthquake event, and Wood et al. (1991) identified the longitudinal reinforcement ratio as a 

‘convenient parameter’ in determining the susceptibility of the longitudinal reinforcement to fracture.  

In the discussion below a rationale is given to explain why this type of failure is observed. 

The single-crack failure was unexpected given the performance observed in the majority of 

previous tests on RC walls under cyclic loading.  An important difference, as discussed by Morris et 

al. (2015), was that most RC wall test specimens contained ‘moderate and high quantities of 

reinforcement’ in comparison to the walls that have been observed to fail with a single crack in the 

plastic hinge zone.  However, not all previous experiments on RC walls have revealed ductile flexural 

behaviour with well-distributed cracks up the height of the wall in the plastic hinge zone at the base of 

the wall.  Wood (1989) analysed 37 RC wall specimens that been experimentally investigated prior to 

the 1985 Chilean Earthquake and which contained a range of longitudinal reinforcement ratios.  A 

single, primary crack at the base of the wall was observed to form in one of the walls tested by 

Cardenas and Magura (1972), and the formation of this crack was followed by fracturing of the 

reinforcing bars at the crack.  This led Wood (1989) to conclude that walls that contained less than 1% 

ρwv were susceptible to premature fracture.  Furthermore, three of the six walls tested by Dazio et al. 

(2009), all with a total ρwv less than 1%, failed with localised cracking and fracturing of the 

longitudinal reinforcing bars in the web.  A more thorough discussion of some tests on RC wall 

specimens that are relevant to the research presented here is given in Section 2.4. 

As will be discussed further in Section 2.4, the majority of RC walls in Australia are lightly 

reinforced; they often have similar quantities of longitudinal reinforcement to that in the walls of the 

Pyne Gould and Gallery Apartments buildings.  This suggests that the current minimum requirement 

for ρwv in the Australian Concrete Structures Standard may not be adequate in that it may result in 

walls that have insufficient displacement capacity to enable them to withstand a rare to very rare 

earthquake event.  ‘If secondary cracks cannot form between primary cracks, very high reinforcement 

strains are induced and limited ductility can be sustained before the reinforcement fails’ (Morris et al., 

2015). 

Past research has indicated the dangers of lightly RC walls having an ultimate capacity or 

yield moment (Mu and My respectively) that is less than the cracking moment (Mcr).  This can result in 

the development of a single crack near the base with all of the inelastic (plastic) behaviour 

concentrated at this location (Goldsworthy & Gibson, 2012; Henry, 2013; Wibowo et al., 2013).  The 

cracking moment for a RC rectangular wall section can be calculated using the fundamental bending 

stress equation and incorporating the stress due to the axial load acting on the section.  This is shown 

in Equation 2.5, where f’ct.f is the characteristic flexural tensile strength of concrete, P is the axial 

load, Ag is the gross section area, Ig is the gross second moment of inertia of the wall cross-section and 

y is the distance from the neutral axis to the extreme tension fibre region. 
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The characteristic flexural tensile strength of concrete, f’ct.f can be taken as 0.6����� as 

recommended in AS 3600 (Standards Australia, 2009), where fcmi is the mean in situ compressive 

strength of the concrete.  The f’ct.f is useful in determining a lower bound for the moment at which 

flexural cracking first occurs and is most appropriate for design.  However, for the assessments being 

carried out in this research, it is more important to determine a realistic value for the flexural strength 

of the concrete of the wall.  Thus, the mean value of the flexural tensile strength of the concrete (fct.fl) 

will be determined, the calculations of which are given in Section 2.4.2.5. 

Although some codes state that the minimum longitudinal reinforcement requirement in RC 

walls is necessary to prevent the formation of a single crack in the plastic hinge region Morris et al. 

(2015), the same cannot be said for the current Australian Standard for Concrete Structures, AS 

3600:2009 (Standards Australia, 2009).  For example, in the commentary related to Supplement 1 of 

the current standard (Standards Australia, 2014), it states in C11.7.1 for the design and detailing of 

walls that ‘minimum horizontal and vertical reinforcement is to be provided for control of shrinkage 

and thermal effects’.  This further supports the supposition that the minimum ρwv required in AS 

3600:2009 has been specified without due consideration given to the displacement capacity needed to 

withstand a rare or vary rare earthquake.  Furthermore, although Clause 8.1.6.1 in AS3600:2009 

requires the ultimate design strength in bending of RC beams to be larger than 1.2Mcr, this only 

applies to RC walls that are designed in accordance with Clause 11.2.1 (b).  Beletich et al. (2013) 

discusses that Clause 8.1.6.1 in AS 3600:2009 should be a provision not only for beams but for slabs 

and walls by implication; the author does not acknowledge that walls designed in accordance with 

Section 11.2.1 (b) must satisfy the requirements of Section 8 of AS 3600:2009. The Standard AS 

3600:2009 does not explicitly require the check for 1.2Mcr for all walls designed for bending due to 

in-plane loads.  Paulay and Priestley (1992) recommends that the nominal moment capacity of a 

concrete section should have a minimum reinforcement that corresponds to around 1.5 to 2.0 times 

Mcr.  Further discussions on the design of RC walls in Australia are incorporated in Section 2.4.1. 

Henry (2013) investigated the failed wall of the Gallery Apartments building by conducting a 

moment-curvature analysis on the wall for a range of varying parameters: concrete compressive 

strengths (f’c), concrete tensile strengths (fct.fl), mechanical properties of the reinforcing steel and the 

axial load.  The results highlighted the vulnerability of the wall; half of the analyses conducted 

resulted in a yield moment (My) less than Mcr, which indicates that ‘the wall cannot retain its lateral 

resistance after the formation of a crack at the wall base’ (Henry, 2013).  The results also indicated the 



22 
 

importance of the axial load ratio (ALR) in providing a sufficient margin of safety when looking at the 

ratio of Mu to Mcr. 

An additional analysis of the failed wall of the Gallery Apartments building was conducted by 

Sritharan et al. (2014).  A nonlinear pushover analysis was conducted, using the finite element 

modelling program VecTor2 (Wong & Vecchio, 2002), for the failed wall using the estimated 

parameters of the wall as-built (ρwv = 0.16%, “As-built” in Figure 2.7).  A pushover analysis was also 

performed for the same wall but with an increased longitudinal reinforcement ratio, this time with an 

amount that conformed to the Standards at the time of failure, NZS 3101:2006 (Standards Association 

NZ, 2006a) with Equation 2.2 (ρwv ≈ 0.27%, “modified” in Figure 2.7).  What is apparent in Figure 

2.7 is that although the increase in the longitudinal reinforcement has resulted in a slight increase in 

the displacement capacity of the wall, secondary cracks have still been unable to form between the 

primary cracks that have formed at the base and at some height up the wall.  In theory, other primary 

cracks should form up the wall height within two times the distance from the neutral axis to the 

extreme tension fibre from the previous primary crack (CEB-FIP, 1993; Dickson, 1986).  This 

suggests that even when the ultimate moment capacity of the wall is significantly higher than the 

cracking moment the plasticity can still be concentrated over a relatively short height of the wall.  The 

comparison of the ultimate moment capacity to cracking moment of a RC wall has also been 

discussed in Henry (2013). 

Figure 2.7 Cracking distributions for the Gallery Apartments RC wall (a) as-built with ρwv of 0.16% (b) 
modified with ρwv of 0.27% and (c) force-displacement relationships (Sritharan et al., 2014) 

(a) (b) (c) 
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There is a growing emphasis in the recent literature on the need for the longitudinal 

reinforcement ratio in RC walls to be high enough to achieve distributed cracking.  An explanation for 

why secondary cracks form is given in CERC (2012), and is also discussed in Henry (2013).  In the 

case of lightly reinforced walls the lack of distributed plasticity (inelastic deformation) is driven by 

the low tensile force produced by the small number of longitudinal reinforcing steel bars that cross a 

primary crack.  Consequently, the stress developed in the concrete above the first crack may be lower 

than the tensile strength of the concrete and hence secondary cracks are unable to form.  The tensile 

force produced by the bars is dependent on the number of reinforcing bars and the mechanical 

properties of these bars, particularly with regards to the yield strength, fy, and the strain hardening 

ratio.  The strain hardening ratio is defined as the ultimate to yield strength (fu / fy) ratio of the 

longitudinal reinforcing bars.  While a minimum number of reinforcing bars are required to form 

secondary cracking, the strain hardening ratio is an important factor for allowing a distribution of 

plasticity.  This is discussed in SESOC (2011a), where a section of the reinforcing steel reaches yield 

(typically at the base of the wall), which hardens and then forces the steel at the next crack with a 

lower strength to yield.  This results in the reinforcing bars to ‘strain harden over a substantial length, 

enabling the wall to sustain significant plastic curvatures before fracture of the reinforcing steel’ 

(SESOC, 2011a).  However, Morris (2015) also emphasise the importance of the strain hardening 

ratio in the case when a single, primary crack forms; significant strain hardening of the reinforcement 

at this location must occur to increase the potential for development of another primary crack up the 

height of the wall.  Patel et al. (2015) also found that the strain hardening of the reinforcement was a 

critical parameter in ensuring secondary cracks were able to form in lightly reinforced concrete 

members.  The importance of this ratio on plasticity has also been recognised previously by other 

researchers, for example in the plastic hinge length estimation by Priestley et al. (2007), which is 

discussed later in Section 2.5.3. 

Given the recent observations of the performance of lightly reinforced walls in the 

Christchurch and Chile earthquakes, there is a need to investigate the minimum longitudinal 

reinforcement ratio required to initiate secondary cracking and allow plasticity to be distributed over a 

reasonable height from the base of the wall.  The reasoning provided by CERC (2012) will be used in 

Section 4.1 as a basis for deriving formulae to predict the longitudinal reinforcement ratio necessary 

for secondary cracking. 

 

2.2 Seismicity in Australia 

In this section, a brief introduction on plate tectonics is given, followed by a discussion on the 

common characteristics of earthquakes that occur in low-to-moderate seismic regions, such as 
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Australia.  The seismic history of Australia is reviewed, providing some evidence to suggest a 

moderate-to-large earthquake event could potentially occur near a densely populated area.  The 

seismic hazard maps that have been derived for the country, including the recently released 2012 

Australian Earthquake Hazard Map, are discussed.  Finally, potential functions that can predict the 

attenuation of the seismic ground motions for Australia are reviewed.  

2.2.1 Intraplate earthquakes 

Australia is situated within the middle of the Indo-Australian plate (Figure 2.8), and the 

occurrences of earthquakes on the continent are considered ‘intraplate’ events, since they occur away 

from the plate boundary.  In fact, intraplate earthquakes cannot be predicted, and are actually not yet 

fully understood or explained by the plate tectonics theory (McCue et al., 2008).  However, one 

explanation is that the stress that is caused by the compression on the Indo-Australian plate colliding 

with the surrounding plates creates a squeeze, which builds up and is released within the plate, 

sometimes within the continent of Australia (Middlemann, 2007).  As discussed in Lam et al. (2016), 

the ‘intraplate seismicity by definition exists in all areas away from any tectonic margin’, which 

therefore make it possible for the large earthquake events to occur at any place (Bird et al., 2010). 

 

Figure 2.8 The Indo-Australian plate slowly moving north at around 100 mm per year, image courtesy of 
Sandiford 2013) 
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 Nordenson and Bell (2000) summarises the following principal characteristics for moderate 

seismic regions, such as the Australian continent: 

 Infrequent, moderate or major earthquakes are known to have occurred 

 Most of the buildings have not been designed for earthquake lateral loading 

 The sources of earthquakes in these regions are less well understood being far away from 

tectonic plate boundaries, making hazard assessments more difficult 

 Ground shaking caused by earthquakes diminishes (or “attenuate”) much less with increasing 

distance from the earthquake.  This means that for a certain magnitude, the affected area and 

extent of damage is much greater in moderate seismic regions compared inter-plate regions of 

higher seismicity. 

 

These characteristics will be discussed in an Australian context within this next few sections. 

 

2.2.2 Fault mechanics and Earthquake magnitude 

The non-vertical faults that are typically found in Australia consist of two blocks, a lower 

block (foot wall) and upper block (hanging wall).  The upward movement of the hanging wall is given 

the term “reverse” faulting, and is caused by large compression forces trying to push the two walls 

together, as illustrated in Figure 2.9.  If the dip angle of a reverse fault, which is the δ term given in 

Figure 2.9, is less than 45°, the mechanism is given the term “thrust” faulting.  A common 

characteristic of intraplate earthquakes that occur in Australia is that they are associated with seismic 

events that are generally shallow, with the surface zone typically extending to less than 20 km.  Seven 

large Australian earthquakes have been observed to have caused surface ruptures (Brown & Gibson, 

2004).  The seismicity in Australia tends to cluster in time and space, with the next earthquake cluster 

often occurring in a different location where there has previously been little or no activity.  Above 

average stress drops are another common characteristic that is seen in earthquake events in Australia 

(Brown & Gibson, 2004).  It is worth noting again that the earthquake characteristics of a shallow, 

reverse fault event, commonly seen in Australia, were observed in the Christchurch earthquake of 

February, 2011. 
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Figure 2.9 A planar fault is defined by the strike and dip of the fault surface and the direction of the slip 
vector (Shearer, 2009) 

 

2.2.3 A Brief history of seismicity in Australia 

Thousands of earthquakes have been recorded in Australia over the past century.  Most of 

these earthquakes are either too small or too isolated to cause damage (McCue, 2010).  On average, 

Australia experiences two earthquakes that are over magnitude 5 per year (Leonard, 2008) and a 

magnitude 6 every five years (Wilson & Lam, 2008), and this is considered to be a higher level of 

seismic activity than other active, intra-plate regions around the world.  In fact, seven earthquake 

events have been large enough to rupture the earth’s surface, a common characteristic associated with 

large magnitude and shallow events in Australia as discussed previously.  The locations of these five 

events, along with other historic earthquakes, are illustrated in Figure 2.10.  Some of these 

earthquakes, which are discussed below, and others that will be discussed throughout this thesis have 

been summarised in Table 2.1. 
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Figure 2.10 Map of Australia with some historic seismic events over magnitude 4.0, with some traces of 
five historic surface ruptures (Clark et al., 2011) 

Table 2.1 Summary of some of the large, historic earthquakes in Australia 

Year Location ML 

1897 Beachport, South Australia 6.5 

1902 Warooka, South Australia 6.0 

1954 Adelaide, South Australia 5.4 

1968 Meckering, Western Australia 6.8 

1988 Tennant Creek, Northern Territory 6.3 

1988 Tennant Creek, Northern Territory 6.4 

1988 Tennant Creek, Northern Territory 6.7 

1989 Newcastle, New South Wales 5.6 

2012 Moe, Victoria 5.4 

 

The local magnitude (ML) 6.8 earthquake in Meckering, Western Australia in 1968 caused a 

surface rupture around 35km long and not more than 15km deep (McCue, 2010).  This third largest 

event recorded in Australia caused extensive damage to infrastructure because of the large ground 

deformation and consequently large ground shaking.  This large shaking also damaged roads, 

Kalgoorlie water pipelines (McCue, 2010) and even deformed railway lines, as shown in Figure 2.11.  
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Damage caused by the earthquakes to houses was so extensive the town was moved.  The event 

brought earthquake risk to the notice of the structural engineering profession (McCue et al., 2008). 

 

Figure 2.11 Railway lines near Meckering, WA, 14 October 1968, clearly exhibiting the large ground 
deformation (photo courtesy of Alice Snooke) 

A sequence of large earthquakes hit Tennant Creek, a town in the Northern Territory of 

Australia, in 1988.  These large earthquakes of magnitude (ML) 6.3, 6.4 and 6.7 occurred within a 

twelve-hour period and caused thousands of aftershocks in the area, similar to those in the Canterbury 

sequence in 2011.  Major surface faulting was caused due to the extreme ground deformations 

(McCue et al., 2008). 

Although these large earthquake events only caused moderate amounts of damage, there have 

been earthquakes that have caused widespread damage, with the losses into millions and billions of 

dollars, as well as causing injuries, and even deaths. 

Towards the end of the 19th Century, the city of Adelaide was not only known as the capital 

city of the state of South Australia, but was also renowned as the earthquake capital of Australia.  It 

was rocked by an estimated magnitude (ML) 6.5 earthquake in 1897; the epicentre was quite far from 

Adelaide, and was within the mainland southeast of Beachport (Goldsworthy & Gibson, 2012), and it 

caused liquefaction and significant damage to towns located close to Adelaide (Ingham et al., 2011).  

Another event in 1902, with a magnitude (ML) of 6.0, and with an epicentre to the west of Adelaide at 

Warooka, killed two residents, the first known recorded deaths caused by an earthquake in Australia 

(McCue et al., 2008). 

However, the most damaging earthquake to occur in the Adelaide region was in 1954 when a 

magnitude (ML) 5.4 struck just south of the city causing widespread damage. Over 30,000 insurance 
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claims were made, totalling a value of tens of millions of dollars when adjusted to 2012 dollars 

(Goldsworthy & Gibson, 2012).  It occurred on the Eden-Burnside fault, which is still thought to be 

active, and further significant movement is predicted to occur along the fault in the future (Ingham et 

al., 2011). 

It was several decades later that the most damaging and costly earthquake in Australia’s 

history occurred.  A moderate magnitude (ML) 5.6 earthquake struck the New South Wales city of 

Newcastle in 1989.  The epicentre of the reverse fault earthquake was at a close proximity to the city 

and at a shallow depth of around 12km (Walker, 2011).  The earthquake caused widespread damage 

to the city and its surroundings, largely to unreinforced masonry structures (McCue et al., 2008).  The 

loss has been estimated to be $3.2 billion in 2012 dollars (Goldsworthy, 2012), although some report a 

loss of up to $4 billion (Walker, 2011).  The catastrophic event caused injuries to at least 160 people 

who required further hospital treatment, the deaths of 13 residents, and made around 1000 people 

homeless (Walker, 2011). 

The Newcastle earthquake in 1989, Meckering in 1968 and Adelaide in 1954, clearly 

demonstrate that moderate-sized earthquakes have the potential to tragically affect Australian 

communities in the future (Middlemann, 2007).  Nordenson and Bell (2000) suggests that these 

moderate magnitude and damaging events are “significant risks” in regions of low-to-moderate 

seismicity due to the vulnerable building stock and unprepared communities.  ‘In other words, a 

moderate earthquake will cause more damage, over a larger area, in these regions than a similar 

magnitude earthquake in the high seismic regions’(Nordenson & Bell, 2000). 

The large 1968 Meckering earthquake, the first seismic event in the country to cause 

noticeable structural damage, triggered research into the potential seismic hazard throughout 

Australia. This ultimately led to the production of the first earthquake code AS 2121:1979 (Standards 

Australia, 1979).  The out-dated provisions in this code were replaced when AS 1170.4:1993 

(Standards Australia, 1993) was released, with the major material design standards following suit and 

also improving their standards and basic detailing for earthquake design (Wilson & Lam, 2008).  

While the material standards for concrete structures in Australia will be discussed in more detail (with 

regards to the design of RC walls) in Section 2.4.1, the seismic hazard provisions of Australia and 

corresponding hazard maps are discussed in the next section. 

2.2.4 Seismic provisions in Australia 

The first earthquake loading code in Australia was the AS 2121:1979 (Standards Australia, 

1979) and was produced as a result of the Meckering (Western Australia) earthquake in 1968.  

Woodside (1992) discusses how unsuccessful the code (AS 2121:1979) was due to the fact it was 

primarily used in only two Australia states (Western Australia and South Australia).  Therefore, most 
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of the different regions of Australia were in a “zone 0” and did not require any specified earthquake 

design.  In response to the Tennant Creek and Newcastle earthquake events in 1988 and 1989 

respectively, ‘which were ironically both in zone 0 of AS2121’ (Wilson et al., 2008), the AS 

2121:1979 was replaced in 1993 with AS 1170.4:1993 (Standards Australia, 1993).  Earthquake 

loading now became a general loading requirement for all regions of Australia.  Importantly, the base 

shear (Vb) demand for earthquake loading for a building could be calculated from AS 1170.4:1993 

using Equations 2.6 to 2.9. 

�� = �(
��

��
)�� 2.6 

where I is the Importance Factor, C is the earthquake design coefficient, S is a site factor (given in 

Section 2.3.2), Rf is the structural response factor (taken as 4.5 for RC shear walls) and Gg is the 

gravity load. 

 The important factor (I) is equal to 1.0 for buildings of “normal” importance, whereas 1.25 is 

used for buildings such as emergency services, power stations and structures housing dangerous 

substances. 
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where ag is the acceleration coefficient and T is the structure period. 
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where hn is the total height of the structure above the structural base in metres.  

�� = � +  ���  2.9 

where G is the dead load, Q is the live load and ψ is the live load combination factor (typically taken 

as 0.3). 

The acceleration coefficient (ag) was equivalent to the peak ground acceleration (PGA) given 

for a 475-year return period earthquake event (in g’s) on rock (soil class Be) for different regions of 

Australia; this value was given by the Australian earthquake hazard map.  Figure 2.12 shows the 

progress of the Australian earthquake hazard maps that were derived from 1976 to 1993.  Gibson and 

McCue (2001) identified that the general trend illustrated in Figure 2.12 is for each successive 

earthquake hazard map to become more complete, with the hazard values typically increasing as the 

earthquake catalogue increases.  This was argued again by McCue (2013), stating that ‘normally 
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hazard increases with time as new earthquakes occur closer to the site than previously (e.g. 

Christchurch, NZ) or old or pre-historic earthquakes are discovered’.  The acceleration coefficients for 

some of the cities of Australia as given in AS 1170.3:1993 are shown in Table 2.2. 

  

  

Figure 2.12 Australian earthquake hazard maps (a) McEwin et al. 1976) (b) AS 2121:1979 (Standards 
Australia, 1979) (c) Gaull et al. 1990) and (d) AS 1170.4:1993 (Standards Australia, 1993) 

Table 2.2 Peak ground acceleration values from numerous sources for Australian cities 

 AS 1170.4:1993 AS 1170.4:2007 GA (Leonard et al., 2013) 

City Acceleration Coefficient (ag) Hazard Factor (Z) PGA 

Adelaide 0.1 0.1 0.058 

Brisbane 0.06 0.05 0.043 

Canberra 0.08 0.08 0.06 

Darwin 0.08 0.08 0.11 

Hobart 0.05 0.05 0.021 

Melbourne 0.08 0.08 0.06 

Newcastle 0.11 0.11 0.051 

Perth 0.09 0.09 0.042 

Sydney 0.08 0.08 0.056 

a) 
b) 

c) d) 
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 A revised edition of AS 1170.4 in 2007 was initially intended to be a joint provision with 

New Zealand.  However, as discussed in Wilson et al. (2008), due to difficulties, including the vast 

differences in seismic hazard and design practices between the two countries, separate earthquake 

loading provisions were to be developed for each country using ‘similar notation where possible’.  

Although the layout of the revised AS 1170.4:2007 (Standards Australia, 2007) is similar to that of 

the AS 1170.4:1993 edition, numerous updates and improvements were made, which included: 

 Better estimates of the response spectra according to Wilson et al. (2008).  The spectral shape 

factors are given in Section 2.3.2 and shown in Figure 2.18b. 

 Nonlinear pushover curves can be used where required 

 Importance level improvements for different buildings 

 Ductility and over strength factors included for minimum levels of robustness 

Similar to AS 1170.4:1993, the requirements of AS 1170.4:2007 typically correspond to a 

force-based approach, where the base shear force (Vb) is calculated based on initial and calculated 

parameters, and this is then distributed up the height of the building.  The corresponding displacement 

at each storey is calculated using linear static analysis and then factored up by μ/Sp to find the actual 

displacement; this assumes that the equal displacement principle is valid.   In accordance with AS 

1170.4:2007 the base shear (Vb) can be calculated using Equation 2.10. 

�� = [�����(��)��/�]� � 2.10 

where kp is the probability factor appropriate for the limit state under consideration, Z is the hazard 

factor (Table 2.2), Ch(T1) is the value of the spectral shape factor for the fundamental natural period of 

the structure, Sp is the structural performance factor (taken as 0.77 for limited ductile shear walls), μ is 

the structural ductility factor (taken as 2.0 for “limited ductile” shear walls) and Wt is the seismic 

weight of the structure (equivalent to Gg with Equation 2.9). 

The fundamental (or elastic) period is in the form of height-dependent formulae in many code 

and provisions, such as that given in Equation 2.11 from AS 1170.4:2007 (Standards Australia, 2007): 

�� = 1.25��ℎ�
�.�� 2.11 

where the kt factor is 0.05 for RC shear wall structures.  

As discussed in Priestley et al. (2007), a variation of the calculated period can result in 

different assumptions for member stiffness’s in force-based design, which is inherent in AS 

1170.4:2007.  Furthermore, the potential variations of the fundamental period are worsened when 

using the height-dependent expression used by many codes.  These simple height-dependent equations 
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that are prescribed in mot building codes (including AS 1170.4:2007) commonly underestimate the 

actual fundamental period (Aninthaneni & Dhakal, 2017).  Thus, the resulting period values are 

suitable for the design of a new building but are inappropriate for the assessment of existing buildings 

(Aninthaneni & Dhakal, 2017), which is the primary focus of the research to be undertaken in this 

thesis.  Instead, it is possible to instead calculate the elastic (and effective) periods of the structure 

directly from the mass of the building and force-displacement relationship, which will be explored in 

Section 2.6.2. 

The kp value given in AS 1170.4:2007 corresponds to the building’s Importance Level, which 

can be obtained from the Building Code of Australia (BCA, 2008) or more recently the National 

Construction Code (ABCB, 2016).  Table 2.3 gives the different Importance Levels with the 

corresponding annual probability of exceedances for earthquakes that are to be used in design from 

ABCB (2016) and the kp values from AS 1170.4:2007 (Standards Australia, 2007).  The annual 

probability of exceedance is the probability that a given earthquake event will be exceeded in any one 

year.  It is equal to the inverse of the average return period (referred to as “return period” hereafter) of 

that level of event. It should be noted that it is expected that the great majority of buildings in 

Australia can be categorised as Importance Level 2, which means that the majority of buildings 

designed after 1993 would have considered loading from a 500-year return period earthquake event.  

AS 1170.4:2007 also requires that buildings of Importance Level 4 be demonstrated to remain in a 

Serviceable State in the event of an Importance Level 2 earthquake event (500-year return period 

event).  McBean (2013) translates the Serviceability performance level as corresponding to ‘some 

minor damage is permitted under the Importance Level 2 earthquake event provided it is easily 

repairable and would not interfere with the ongoing operation of the Hospital’ when discussing the 

structural design of the new Royal Adelaide Hospital. 

Table 2.3 Importance levels of buildings in Australia and corresponding kp factors 

Importance Level Description 
Annual Probability 

of Exceedance 
kp 

1 
Buildings or structures presenting a low degree of 

hazard to life and other property in the case of 
failure. 

1:250 0.75 

2 
Buildings or structures not included in Importance 

Levels 1, 3 and 4. 
1:500 1 

3 
Buildings or structures that are designed to contain 

a large number of people. 
1:1000 1.3 

4 
Buildings or structures that are essential to post-
disaster recovery or associated with hazardous 

facilities. 
1:1500 1.5 
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While there were some noticeable changes incorporated in the 2007 edition of AS 1170.4, the 

hazard factor (Z) values, which are equivalent to the acceleration coefficients (a) in AS 1170.4:1993 

or the PGA, are the same for almost all cities in Australia as given in Table 2.2; the only noticeable 

difference is the slight downgrade of PGA for Brisbane from 0.06g to 0.05g.  This is because the 

hazard map used in the current AS 1170.4:2007 is the same as that derived for the AS 1170.4:1993 

(Figure 2.12d).  This map gives the hazard factor (Z) for a return period of 475-years, which is 

conventionally rounded to 500-years.  Furthermore, this earthquake hazard map, shown more clearly 

in Figure 2.13, was based on a catalogue of earthquake events that pre-dated the late 1980s.  

Therefore, an update is required for the earthquake hazard map for the next revision of the Australian 

earthquake actions loading code.  This required update is discussed in Burbidge (2012); ‘the 

Australian Earthquake Loading Standard goes through an approximate 10 year cycle of updates’, 

which means that the next revision is due for consideration around 2017. 

 

Figure 2.13 The current earthquake hazard map utilised in AS 1170.4:2007 (Standards Australia, 2007) 

In 2009, Geoscience Australia (GA) initiated a process to update the previous earthquake 

hazard map, and the intention was that this would then be considered for the next revision of the 

Earthquake Actions loading code.  The resulting map released in 2012 is shown in Figure 2.14. It uses 

three different layers for the earthquake source zones and the different layers aim to capture the 

seismic characteristics at sub-national, regional and high-activity point (“hotspot”) scales. 



35 
 

 

Figure 2.14 The 2012 Australian Earthquake Hazard Map – PGA for 500 year return period on rock 
(Burbidge, 2012) 

However, the new hazard map has created some controversy in the seismology and 

engineering community which is related to the different decisions and assumptions that were made in 

deriving the map.  Firstly, the 2012 Australian Earthquake Hazard Map is based only on post-1965 

earthquake records, and the historical and paleo-seismological records have not been considered on 

the basis of ‘lack of sample completeness for the recurrence model adopted’ (McCue, 2013).  This 

dramatically decreases the hazard values in every capital city in Australia as shown in Table 2.2.  The 

range of Ground Motion Prediction Equations (GMPEs) and corresponding weighting for the different 

geological regions of Australia is also under question, and this is discussed more thoroughly in 

Section 2.2.5.  As a result of the controversy, GA released a further set of hazard maps (Leonard et 

al., 2013) associated with different return periods and spectral acceleration, but these were only 

slightly different to the maps derived in 2012.  Some of the changes included the re-calculation of the 

ground motion out to longer distances for a larger range of spectral acceleration periods, and 

extensions of some source zones, and this approach slightly increased the resultant PGA (or Z) values 

for Perth and Adelaide.  However, it was acknowledged that ‘in most capital cities the 500 year PGA 

hazard is generally lower than the hazard map in AS1170.4’ (Leonard et al., 2013).  Moreover, the 

acceleration response spectra are severely reduced for all capital cities in comparison to the spectra in 

the current AS 1170.4:2007, which is shown in Figure 2.15 for a 500-year return period. 
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Figure 2.15 Acceleration response (on rock, class Be) of the 500-year return period from Leonard et al. 
(2013) with comparisons to the dotted lines from AS 1170.4:2007 

The Australian Building Code Board (ABCB) is unlikely to consider implementing the newly 

proposed hazard map since it decreases the hazard throughout most of Australia for the return period 

that is typically used in design (for buildings of “normal importance”).  McCue 2013) recommends 

increasing the stipulated return period for design as a solution to this problem, although this solution 

does not help in correcting the large inconsistencies between the proposed GA hazard map and 

previous provisional seismic hazard maps.  However, increasing the return period of the ultimate limit 

state earthquake event from 500-years to 2500-years has already been a topic under consideration by 

Standards Australia and the ABCB for the next revision of the earthquake loading standard (Wilson & 

Lam, 2008).  Furthermore, when the 2012 Australian Earthquake Hazard Map was first introduced at 

the Australian Earthquake Engineering Society meeting, there was ‘a general acceptance that the 

reference hazard return period in the earthquake loading code should move from 500 years to 2500 

years’ (Leonard et al., 2013).  Recent practices internationally in other regions of low-to-moderate 

seismicity, such as the eastern United States (U.S.), have increased the design return period from 500-

years and, in the case of the U.S. they now consider two-thirds of a 2500-year return period event. 

This is less stringent than the recommendation for Australia mentioned above from (Wilson et al., 

2008).  The stipulated performance objective is that a minimum performance level of life safety be 

achieved under this level of earthquake. The 2500-year return period event was ‘nominated to be the 

maximum considered event (MCE)’ (Goldsworthy & Gibson, 2012).  Another stated performance 

objective is to achieve a minimum performance level of “collapse prevention” under this level of 

event (SEAOC, 1995). The use of two-thirds of the 2500-year return period event resulted in a similar 
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hazard value to the 500-year return period in areas of high seismicity, but an increase ‘as much as 100 

to 200 % greater in areas of low to moderate seismicity’ (Nordenson & Bell, 2000).  This is because, 

when it came to comparing the ratio of expected ground motions in a 2500-year return period event to 

those in a 500-year return period event (equivalent to the kp factor), there was a larger ratio for regions 

of low-to -moderate seismicity (intra-plate regions) compared to regions of higher seismicity (inter-

plate regions) (Nordenson & Bell, 2000).  The kp values specified in Tsang (2014) for different cities 

in the Western (“High-seismicity”) and Central or Eastern (“Low-to-moderate seismicity”) areas of 

North America, which are given in Table 2.4, further highlight this important difference.   

Even more stringent performance objectives than those currently used in the U.S. have been 

recommended in Goldsworthy et al. (2015) for buildings in the Central Business District (CBD) of 

major cities in Australia.  For example, Goldsworthy et al. (2015) recommends that buildings of 

Importance Levels 2 and 3, as specified in the National Construction Code (ABCB, 2016), should be 

designed for “Damage Control” under a 2500-year return period event and “Collapse Prevention” 

under a 5000-year return period event in CBD areas.  These performance objectives (and others) are 

discussed further in Section 2.5.5.  The rigorous performance objectives recommended in 

Goldsworthy et al. (2015) are based on the assumption that the consequences of an earthquake event 

are related non-linearly to the magnitude of the event in these areas of dense population.  ‘The loss of 

a hundred lives in one event on average every 10 years has a much greater impact on the community 

than the loss ten lives on average every year from separate individual events’ (Walker & Musulin, 

2013).  For example, a larger magnitude event than the Newcastle earthquake, but located closer to 

the Sydney CBD, could cause much greater losses than the 1989 event (deaths, injuries and 

economically), some estimating it could cause economic losses in the order of AUD$25 billion 

(Walker, 2008). 

Table 2.4 Probability factor values for 2500-year return period events in North America (Tsang, 2014) 

High Seismicity Low-to-moderate seismicity 

Los Angeles 1.7 Montreal 2.4 

San Franciso 1.7 Toronto 2.6 

Vancouver 1.9 New York City 3.3 

  Charleston 5.0 

  Memphis 5.1 
 

There is a need to update the current earthquake hazard values for some of the Australian 

cities in order to provide a better estimate of the seismic demand.  Moreover, for the purposes of 

assessment, deriving acceleration and displacement response spectra for a range of return periods will 

help in providing a more realistic estimate of the seismic demand rather than using the spectra 

provided by the current Standard.  Therefore, a PSHA will be carried out in Chapter 3 using the AUS5 
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earthquake recurrence model to derive hazard values and response spectra for some of the capital 

cities in Australia. 

2.2.5 Attenuation and Ground Motion Prediction Equations 

There have been some recent attempts to either adopt or derive Ground Motion Prediction 

Equations (GMPEs) that may be suitable for the Australian conditions (Hoult et al., 2013).  GMPEs 

‘predict the maximum acceleration response of a 5% damped oscillator with a natural period of 

vibration equal to that of interest when subjected to an earthquake of given magnitude, depth, distance 

and local bedrock condition’ (Leonard et al., 2013).  In stable continental regions, such as Australia, 

the observed ground-motion datasets are thought by some to not to be sufficient to develop reliable 

GMPEs based on the recorded data alone (Burbidge, 2012).  However, there have been some attempts 

at deriving attenuation functions explicitly for Australian conditions, including models from Lam et 

al. (2000), Somerville et al. (2009) and more recently from Allen (2012) (the latter two denoted here 

as the S09 and AL12 models, respectively).    Due to the paucity of earthquake data in Australia, 

adopting well developed attenuation functions from other regions around the world that have similar 

geological conditions are more appealing than relying on models derived from a small dataset.  For 

example, GMPEs developed in Western North America, such as the Next Generation Attenuation 

(NGA-West) functions, are considered to be more suitable to eastern Australia (or the “Non-Cratonic” 

region) than the models developed for the eastern parts of North America (Brown & Gibson, 2004).  

As an example, Gibson and Dimas (2009) computed the seismic hazard for the Newcastle region 

using the AUS5 earthquake reoccurrence model (Brown & Gibson, 2004) and the NGA-West 

attenuation function from Chiou and Youngs (2008) (denoted here as the CY08 function), which is 

thought to be applicable to the region.  Moreover, Goldsworthy and Gibson (2012) investigated the 

performance of RC structural walls in Adelaide by using ‘the latest seismic hazard techniques 

available in Australia’ at that time.  This included a PSHA study using the AUS5 recurrence model 

and four GMPEs that were thought to be suited to the Adelaide region: CY08, S09 (Non-Cratonic), 

Abrahamson and Silva (2008) (denoted AS08) and Campbell and Bozorgnia (2008) (denoted CB08).  

The NGA-West function from Boore and Atkinson (2008) was omitted from the study as the GMPE 

was ‘for lower stress earthquakes’ and considered not to be ‘appropriate for the Adelaide region’ 

(Goldsworthy & Gibson, 2012).  There has also been a recent update in the GMPEs for western North 

America with the release of the NGA-West 2 functions in 2014 (Bozorgnia et al., 2014).  One of the 

improvements to the NGA-West 2 functions is the potential for estimating the response and 

attenuation of smaller magnitude earthquake events. 

As previously discussed in Section 2.2.4, there was some debate among the earthquake 

engineering and seismology community in Australia about the GMPEs (and the corresponding 

weighting of these) selected by Geoscience Australia (GA) to derive the 2012 Australian Earthquake 
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Hazard Map (Burbidge, 2012).  The selected GMPEs and corresponding weighting are given in Table 

2.5.  It is important to note the high weighting given to the AL12 and S09 (both the Cratonic and Non-

Cratonic) functions.  This is potentially inappropriate; for example, the AL12 function was derived for 

the southeast Australian region, and correspondingly used data explicitly for that region, yet it is used 

for the Western and Central regions of Australia (“Cratonic” crust).  Moreover, the Atkinson and 

Boore (2006) function (denoted here as AB06) was specifically developed for the eastern North 

American, which is a crustal (“Cratonic”) region, and has subsequently been used in the final 

weightings for all regions of Australia, including the Non-Cratonic areas of Australia (e.g. eastern 

Australia).  To the author’s knowledge, there is yet to be an extensive study that investigates the 

applicability of the attenuation functions by comparing the predictions to recordings of large 

magnitude events that have occurred in Australia.  The lack of research in this area is likely the result 

of the paucity of strong-motion data in Australia, as has been mentioned previously in this section. 

Table 2.5 Ground motion prediction equations used in creating the 2012 Australian Earthquake Hazard 
Map, along with the given weight, for the different regions of Australia 

GMPE Region West & Central East Extended Crust 

AB06 Eastern North America (B/C Site) 0.30 0.25 0.25 

CY08 Western North America 0.10 0.25 0.25 

S09 Cratonic Australia 0.30 0.00 0.00 

S09 Non-Cratonic Australia 0.00 0.25 0.25 

AL12 Southeastern Australia 0.30 0.25 0.25 

 

2.3 Soil response in low-to-moderate seismic regions 

 In this section, some of the observations of soil response observed in the 1989 Newcastle and 

the 2011 Christchurch earthquakes are reported.  The current provisional spectral shape factors and 

their derivation are discussed, followed by more recent research that has recommended a modification 

to the current factors.  Comparisons are made between the soil response observed in Christchurch and  

the results obtained using current and modified spectral shape factors.  The information provided in 

this section leads to the conclusion that a review of the current spectral shape factors in AS 

1170.4:2007 is warranted. 

2.3.1 Soil response observations 

A strong correlation was observed between the areas of maximum damage around Newcastle 

from the 1989 earthquake event (discussed previously in Section 2.2.3) and the geographical extent of 

Quaternary sediments (Jones et al., 1996).  Hence, the Newcastle earthquake event is considered by 

some researchers to be one of many examples where site amplification has played a major role in the 

destruction caused by moderate earthquakes (Anbazhagan et al., 2013).  However, recent research has 
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determined that rather than the presumed correlation between the site class and damage, the observed 

damage distribution is controlled mainly by the buildings’ age and construction type (McPherson & 

Hall, 2013).  It was shown that much of the recorded building damage in Newcastle is mapped onto 

the soft or deep soil class (‘Holocene alluvium materials’) as shown in Figure 2.16; however, the area 

in which these sediments are found largely coincides with those in which there are many older 

unreinforced masonry buildings.  If the age of the buildings and the construction type are taken into 

account, the proportion of damage on the softer site class (‘Fine-grained alluvial/estuarine deposits’) 

is much lower than expected, whereas the number of badly damaged structures on rock sites is higher 

than expected (McPherson & Hall, 2013).  The results of nonlinear site response analyses conducted 

by Chandler et al. (1991) using borehole data from the Newcastle region suggest that shallow soft soil 

sites would have amplified the seismic ground motions in the short period range; however, in results 

that are consistent with the findings from McPherson and Hall (2013), deep soft soil sites were 

unlikely to have caused any substantial amplification effects when excited by the 1989 earthquake.  

Chandler et al. (1991) concluded that the correlation of the building damage and regions of deep 

alluvial soil deposits around Newcastle was not corroborated by the observed damage distribution nor 

by the nonlinear analytical results. 

 

Figure 2.16 Site classification map for Newcastle with building damage (McPherson & Hall, 2013) 

The Christchurch earthquake event (Mw 6.2) was captured by two seismometer recording 

stations within a kilometre distance from one another.  The two stations, LPCC and LPOC, were on 
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sites that had different soil conditions; the LPCC station recorded the event on ‘engineering bedrock’ 

with a source-to-site distance (Rrup) of 7.1 km, whereas the LPOC station had a Rrup of 6.6 km and was 

located on a site with a shallow soil that primarily contained silts and clays (Bradley & Cubrinovski, 

2011).  The spectral acceleration results from the ChCh event recorded at these two stations are given 

in Figure 2.17.  The spectral acceleration in the short period range (0 - 0.5s) has clearly been 

decreased (or deamplified) for the soft soil (LPOC) in comparison to the rock site (LPCC).  The 

observations of the spectral acceleration from the Christchurch earthquake event as captured by the 

two seismometers in Figure 2.17 do not reflect the shape of the design spectra specified in some 

current earthquake loading provisions, including the Australian Standards Earthquake Actions AS 

1170.4:2007 (Standards Australia, 2007). 

 

Figure 2.17 Acceleration response spectra from the Christchurch earthquake on rock and soft soil 

2.3.2 Spectral Shape Factors in AS 1170.4 

The surface amplification of the bedrock seismic motions for each of the soil classes is 

represented in some Standards and provisions by a spectral shape factor (Ch(T)).  The Ch(T) are 

calculated, as shown in Equation 2.12, as the ratio of the spectral acceleration value, Sa, for each of the 

soil classes, for the corresponding period, T, to the peak ground acceleration (PGA) on rock (defined 

as the PGA on site sub-soil class Be, i.e. PGAB).  The Spectral Shape Factor (Ch(T)) is an important 

parameter that is used in determining the horizontal static shear force when designing a structure for 

earthquake loads using the conventional equivalent static analysis procedure in Section 6 of AS 

1170.4:2007 (Equation 2.10, Section 2.2.4). 
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The first major investigation into site response and spectral shape factors was conducted by 

Seed and Idriss (1982).  The three different site conditions (with two additional rock classes) and the 

corresponding spectral shapes derived by Seed and Idriss (1982) were used in the Uniform Building 

Code (UBC) of the United States (ICBO, 1994) and also in the first edition of the Australian 

Earthquake Loading Standard AS 1170.4:1993 (Standards Australia, 1993).  The site factors given in 

AS 1170.4:1993 are shown in Figure 2.18(a) for the different “soil profiles”. The soil profiles are 

defined in Table 2.6 and are similar to the soil classifications given in the revised Standard released in 

2007.  A revision of the spectral shapes and soil classes, primarily based on the research by Martin 

and Dobry (1994), Borcherdt (1994) and Crouse and McGuire (1996), led to the adoption of new 

scaling factors to define the spectral shapes (or response spectra) in the UBC1997 (ICBO, 1997), 

IBC2000 (ICC, 2000) and AS 1170.4:2007 provisions, as shown in Figure 2.18(b). The response 

spectral shapes illustrated in Figure 2.18(b) for the different soil site classes, from Strong Rock (Ae) to 

Very Soft Soil (Ee); for a given period, T, Ch(T) generally increases as the “softness” of the site 

increases. 

Figure 2.18 Spectral Shape Factors for different soil site classes given in (a) AS 1170.4:1993 and (b) AS 1170.4:2007 
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Table 2.6 Site factors for general structures taken from AS 1170.4:1993 (Standards Australia, 1993) 

 

The five site classes in AS 1170.4:2007 (Standards Australia, 2007) are given in Table 2.7; 

they are differentiated by the average shear-wave velocity (Vs) through the soil or rock in the first 30 

m (Vs30) or 10 m (Vs10) from the surface, or by the low-amplitude natural site period (Tn) which can be 

calculated using Equation 2.13.  The Tn values, given in Table 2.6 for site classes Ce and De, can be 

used to calculate the corresponding limiting shear-wave velocity for soils Ce and De using Equation 

2.13 provided that the depth of the soil profile is known, since this equation simply represents ‘four 

times the shear-wave travel time from the surface to rock’ (Standards Australia, 2007).  It should be 

noted that other soil classification systems internationally have a much higher minimum Vs30 value for 

soil class Be, which represents ‘firm to hard rock’, including the National Earthquake Hazard 

Reduction Program (NEHRP) Site Classes in which Vs30 values between 760 m/s and 1500 m/s are 

specified for site class B (Building Seismic Safety Council, 2009), rather than the range of 360 m/s 

and 1500 m/s given in Table 2.7. 

�� = 4�/����  2.13 
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Table 2.7 Site Sub-Soil Class Definitions as per AS 1170.4 (Standards Australia, 2007) 

Site Sub-Soil Class Definition VS30 (m/s) VS10 (m/s) Tn (sec) 

Ae Strong Rock > 1500 - - 

Be Rock > 360 - - 

Ce Shallow soil - - < 0.6 

De Deep or Soft soil - - > 0.6 

Ee Very soft soil - < 150 - 

 

The study by Crouse and McGuire (1996), which led to the stipulated site factors in AS 

1170.4:2007, used a large number of strong-motion events in California that were recorded from 1933 

through to 1992.  It is important to note that the recommended amplification factors from Crouse and 

McGuire (1996) were based on taking the average site response, which would therefore “smear” the 

potential peak response of a site.  The database used by Crouse and McGuire (1996) also included a 

large number of strike-slip earthquake events, and yet the strike-slip mechanism is not usually 

observed in Australia.  Moreover, the values of PGA corresponding to the events used in the study are 

often outside the limits of what would normally be considered to correspond to a rare to very rare 

event in Australia, with a PGA of up to 0.5g being used.  For a 500-year return period event, the 

Hazard Factor (Z) given by AS 1170.4:2007 for most capital cities in Australia ranges from 0.08g to 

0.1g, with higher values of 0.13g and 0.20g being used for Tennant Creek and Meckering, 

respectively.  In accordance with AS 1170.4:2007, multiplying the 500-year return period Hazard 

Factor by the Probability Factor (kp) of 1.8 as given in AS 1170.4:2007 for a 2500-year return period 

(corresponding to the definition of a “very rare” earthquake event in Australia here) gives the 

resulting Hazard Factor.  Hence for a 2500-year return period event the Hazard Factor varies from 

0.144g to 0.36g, according to AS 1170.4:2007.  It is possible that the high PGA events used in the 

study by Crouse and McGuire (1996) have given a false representation of the level of site 

amplification; this would be true if higher intensity events tend to have reduced amplification as found 

by Dhakal et al. (2013) and Walling et al. (2008).  Crouse and McGuire (1996) acknowledged the 

need to update their findings as new data became available. Given that the available strong ground 

motion database has been improved considerably in the last two decades, there is a compelling case to 

proceed with this update. 
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2.4 Reinforced Concrete Walls and Cores 

In Australia, a significant amount of the building stock is comprised of RC structures that rely 

on walls as their lateral load resisting system (Albidah et al., 2013; Wibowo et al., 2013).  These 

buildings typically consist of two walls in each principle direction or the core placed centrally in plan 

(Goldsworthy & Gibson, 2012).  The current type of detailing given in the “Concrete Structures” 

Australian Standard AS 3600:2009 (Standards Australia, 2009) is such that the buildings have limited 

ductility; the provisions do not require the designer to use capacity design principles (Goldsworthy & 

Gibson, 2012). 

This section of the chapter introduces some of the current design guidelines for RC walls in 

Australia.  The different parameters that can influence the seismic capacity of RC walls are 

introduced.  A review of the results obtained from monotonic and cyclic tests on rectangular and C-

shaped RC wall specimens are presented since these are relevant to the research that will be 

conducted in this thesis. 

2.4.1 Design of concrete structures in Australia 

The current design requirements for RC walls in Australia are given in the material standards 

for Concrete Structures AS 3600:2009 (Standards Australia, 2009).  As discussed in SRIA (2015), AS 

3600:2009 gives the minimum requirements for the design and construction of concrete structures, 

which have been developed over many years, adopting international standards and local expertise.  

Depending on the level of ductility (μ) required, the design and detailing of a RC wall in accordance 

with AS 3600:2009 will either be given in the body of the Standard (Section 11) or Appendix C.  The 

structural ductility factors specified in Table C3 of AS 3600:2009 are replicated here in Table 2.8; the 

ductility factor represents the expected ratio of ultimate displacement to the displacement at yield.  

Most  RC walls in Australia are designed and detailed to the main body of AS 3600:2009, and they 

would hence be specified as having a μ value of 2 for “limited ductile shear walls”. 
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Table 2.8 Structural ductility factor and performance factors from AS 3600:2009 

 

Most RC walls in Australia would comply with what is defined as a “braced wall”, which 

‘forms part of a structure that does not rely on out-of-plane strength and stiffness of the wall’ 

(Standards Australia, 2009).  The term “shear wall” is also often used to define a structural wall that is 

used for resisting horizontal, in-plane actions (e.g. in-plane bending and shear) (SRIA, 2015). 

Section 11.2.1(a) of AS 3600:2009 states that if the horizontal cross-section of a braced wall 

is subjected to compression over the entire section, ‘in-plane bending may be neglected’ and the wall 

may be designed for horizontal shear forces, using Clause 11.6 of the Standard, and vertical 

compressive forces, either in accordance with the simplified method of Clause 11.5 or as columns in 

accordance with Section 10.  An example of a RC wall with a horizontal section that is subjected to 

compression (N*) over the entire surface is shown in Figure 2.19(a).  This section of the Standard is 

highly criticised in Goldsworthy et al. (2015) and SRIA (2015), where it is recommended that a high 

degree of caution be used when coupling the seismic design of braced RC walls with this ‘simplified 

method’ in AS 3600:2009.  For example, it is noted in SRIA (2015) that this section of the Standard 

makes it possible for designers to use a single grid of reinforcement for thin wall sections (e.g. 150 

mm thick), which is typically implemented for loadbearing precast concrete panels which use high 

strength concrete (Goldsworthy et al., 2015). 

In comparison to a wall subjected to compression over the entire section, a wall can be 

subjected to both compression and tension, as illustrated in Figure 2.19(b).  A RC structural wall will 

typically have a low axial load ratio (ALR), as discussed later in Section 2.4.2.2.  Thus, it is probable 

in most cases part of a structural wall will be subjected to some tension forces (T* in Figure 2.19b).  

Therefore, Clause 11.2.1(b) requires the wall to be designed for in-plane bending, in accordance with 

Section 8 of AS 3600:2009 (‘design of beams for strength and serviceability’), and horizontal shear 

with Clause 11.6.  If appropriate, Section 12 of the Standard (for ‘design of non-flexural members, 
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end zones and bearing surfaces’) can be used for the design of the wall for both in-plane bending and 

shear. 

 
 

Figure 2.19 Design segments of a wall (a) subjected to compressive forces and (b) compressive and tensile 
forces (Standards Australia, 2014) 

As stated above, Clause 11.6 of AS 3600:2009 gives the equations necessary for design of 

walls for in-plane shear forces.  Clause 11.6.1 states that the ‘critical section for maximum shear shall 

be taken at a distance from the base of 0.5Lw or 0.5Hw, whichever is less’ (Standards Australia, 2009), 

where Hw is the floor-to-floor height of the wall.  Clause 11.6.2 gives the equations required to 

calculate the design strength of a wall subjected to in-plane shear (Vu).  For the sake of brevity, these 

calculations have not been reported here, and the reader is referred to AS 3600:2009 (Standards 

Australia, 2009) for calculations of Vu. 

 Clause 11.7 of AS 3600:2009 give the requirements for the reinforcement detailing of RC 

walls, with Clause 11.7.1 stating that the minimum requirement for the longitudinal (vertical) 

reinforcement ratio (ρwv) cannot be less than ‘the larger of 0.0015 [0.15%] and the value required for 

strength’ (Standards Australia, 2009).  In the horizontal direction, the reinforcement ratio (ρwh) must 

not be less than 0.25% for typical walls.  The ρwh may be required to increase with Clause 11.7.2 if a 

higher degree of cracking control is necessary due to shrinkage or temperature effects; however, for 

exposure classes A1 and A2 (e.g. Melbourne), a minor degree of control over cracking is required, 

which corresponds to a ρwh of 0.25%.  The minimum and maximum spacing of the reinforcement is 

given in Clause 11.7.3.  This requirement corresponds to a clear spacing between bars of at least 3dbl 

and a maximum centre-to-centre spacing from the lesser of 2.5tw and 350 mm.  Moreover, if the wall 

thickness (tw) is greater than 200 mm, the vertical and horizontal reinforcement need to be provided in 

two grids. 

a) b) 
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 Clause 11.7.4 of the Standard gives the requirements for restraining for the vertical 

(longitudinal) reinforcement.  However, restraining the longitudinal reinforcement is not required if 

either one of these conditions is met: 

 The axial load is less than 0.5ΦNu (where Nu is the axial strength in the wall, Clause 11.5.1 of 

AS 3600:2009), or 

 The concrete strength is less than 50 MPa and either 

(i) the longitudinal reinforcement is not used as compressive reinforcement, or 

(ii) the ρwv is not greater than 2%, and a minimum of 0.25% is used for ρwh 

There are some practicality issues with Clause 11.7.4.  Firstly, the axial load ratio (ALR) of 

RC walls are often less than 10%; this will be discussed more thoroughly in the next section.  

Therefore, the first requirement of Clause 11.7.4 will often be met, as 0.5ΦNu will correspond to an 

ALR of approximately 30 to 40%.  Secondly, the concrete design strength (f’c) is often less than 50 

MPa (e.g. 32 MPa or 40 MPa) and a minimum ρwh of 0.25% is already a requirement given in Clause 

11.7.1.  Therefore, even if the first requirement of Clause 11.7.4 is not met (with regards to the axial 

load), the wall will often meet the second requirement.  This further supports the supposition that the 

majority of RC walls in Australia have detailing that provides very little, if any, confinement or 

restraint of the longitudinal bars. 

In Australian Standards for concrete structures that AS 3600:2009 has superseded, the 

requirements for the minimum reinforcement ratios in the vertical and horizontal directions do not 

differ considerably.  For example, the AS 1480:1974 (Standards Australia, 1974) has the same 

longitudinal and horizontal reinforcement ratio requirements for deformed steel reinforcing bars.  

However, it should be noted that the types of reinforcing steel that have commonly been used in 

Australia have changed with time, the mechanical properties of which can vary considerably in 

comparison to the D500N bars that are typically used presently.  This is discussed further in Section 

2.4.2.6. 

Appendix C of AS 3600:2009 forms a “normative” part of the Standard, which offers 

additional minimum ‘requirements for structures subject to earthquake actions’.  However, it is 

believed that Appendix C simply offers designers more detailing options and is rarely used in practice 

It should be noted that if a RC wall is to be designed in Australia for a ductility greater than 3, the AS 

3600:2009 refers the designer to comply with the requirements in NZS 3101:2006 (Standards 

Association NZ, 2006a).  It is important to note that in NZS 3101:2006, nominally ductile walls that 

are designed in accordance with provisions that are similar or more stringent than those in the main 

body of AS 3600:2009, are only allowed to have a ductility factor of up to 1.25, not 2 as in AS 

3600:2009.  There is another category of “limited ductility” walls in NZS 3101:2006 and special 
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provisions need to be satisfied if the wall is to be categorised in this manner; if these special 

provisions are satisfied then a ductility factor of up to 3 is allowed. 

2.4.2 Design parameters affecting capacity 

Recent numerical studies on lightly reinforced and unconfined concrete walls have examined 

the influence of certain parameters on the seismic capacity of the lateral load resisting elements.  

Goldsworthy and Gibson (2012) investigated the seismic performance of RC walls in Australia in a 

2475-year return period event, and considered the effect of the aspect ratio (Ar), longitudinal 

reinforcement ratio (ρwv), horizontal reinforcement ratio (ρwh) and axial load ratio (ALR).  Similarly, 

these design parameters were investigated by Wibowo et al. (2013).  A reconnaissance survey was 

conducted by Albidah et al. (2013) on eight buildings in low-to-moderate seismic regions, which 

included Australia, in an effort to find realistic values of the parameters discussed above.  These 

findings from different researchers are discussed below in relation to the variation of several key 

parameters. 

2.4.2.1 Aspect ratio 

 The aspect ratio (Ar), also known as the flexure-to-shear strength ratio (Wibowo et al., 2013) 

or shear span ratio, of a wall is the calculated ratio of the ultimate moment at the critical section (M) 

to the corresponding base shear force (V) multiplied by the length of the wall (Lw).  This is given in 

Equation 2.14, which is typically simplified as the ratio of the effective height of the wall (He) to the 

wall length (Lw): 
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RC (rectangular) walls that are considered to be moderate (1 < Ar < 2) or slender (Ar ≥ 2) will 

generally be dominated by flexural actions, while squat walls (Ar ≤  1) are likely to be dominated by 

shear failure modes (Wibowo et al., 2013).  Albidah et al. (2013) found from the walls investigated that 

the aspect ratio (Ar) ranged from 3 to 30, with 90% of the walls having an aspect ratio higher than six.  

However, it should be noted that only one of the buildings surveyed by Albidah et al. (2013) was 

classified as a “low-rise” structure, corresponding to the definition given in FEMA (2010); of the eight 

buildings surveyed, two were “mid-rise” structures and five were “High-Rise”. The definitions of low-

rise, mid-rise and high-rise from FEMA (2010) were given previously in Section 1.2.  Therefore, one 

would expect the Ar to be primarily larger than 2 (slender), given the height of the buildings inspected. 
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2.4.2.2 Axial load ratio 

The ultimate displacement capacity of a RC wall has a high dependence on the axial load ratio 

(ALR) (Goldsworthy & Gibson, 2012; Henry, 2013; Wibowo et al., 2013).  The axial load ratio can be 

calculated using Equation 2.15: 

��� =
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  2.15 

Experimental results have indicated that RC walls with a low axial load ratio display ductile 

flexural failure, while a higher axial load ratio shows a more brittle compressive failure of the wall 

(Wibowo et al., 2013).  However, a numerical investigation from Henry (2013) illustrated that a wall 

with an ALR of 0.05 (5%) was found to have a much more desirable behaviour than the same wall with 

lower axial loads applied.  Henry (2013) concluded that this was due to the higher axial load applied 

giving an ‘initial pre-compression to the wall that increased the moment required to cause cracking’. 

The reconnaissance study by Albidah et al. (2013) found that the axial load ratio was generally 

low for the walls observed in low-to-moderate seismic regions, with 75% of the surveyed walls having 

an ALR lower than 0.05 (5%) while the highest ALR did not exceed 0.10 (10%).  This appears to be 

consistent with the axial loads applied to most of RC wall specimens used for experimental seismic 

assessments (Albidah, 2016; Altheeb, 2016; Cardenas & Magura, 1972; Ile & Reynouard, 2005; Lowes 

et al., 2013; Lu et al., 2015; Oesterle et al., 1976; Sittipunt & Wood, 1993).  This is further reflected in 

Wood (1989), where only 1 of the 37 RC experimental wall specimens that were investigated had an 

axial load ratio over 10%. 

2.4.2.3 Horizontal reinforcement ratio 

The horizontal reinforcement ratio (ρwh) can be taken as the horizontal reinforcing steel area per 

unit height of the wall; for walls with evenly distributed horizontal reinforcement, the average ρwh can 

be calculated using Equation 2.16, where As is the area of reinforcing steel and Agv is the vertical cross-

sectional area of the wall. 

��� =
��
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The purpose of the horizontal reinforcement in a RC wall is typically to provide resistance 

against shear and the control of cracks (shrinkage and thermal effects), as reflected in the requirements 

of AS 3600:2009.  According to the investigation conducted by Albidah et al. (2013), around two-thirds 

of the RC walls observed in the low-to-moderate seismic regions had a horizontal reinforcement ratio 

less than 0.5% and horizontal reinforcement did not exceed 0.01 (1%) in the web in any of these walls.  

However, many of the walls investigated by Albidah et al. (2013) had “boundary regions”, with 
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detailing that differed from the web of the wall.  This type of detailing is not common in Australia, 

particularly for the older RC buildings.  However, it should be noted that only 3 of the 8 buildings 

investigated in this study were detailed to the requirements of the Australian Standards.  Furthermore, 

all of the Australian RC structural wall buildings investigated by Albidah et al. (2013) were over 23 

storeys, making it likely that higher amounts of confining reinforcement were needed (in comparison 

to the minimum requirements discussed in Section 2.4.2.3) due large compressive forces in the 

boundary ends of the wall at an ultimate design limit state. 

An increase of the confining reinforcement in the boundary regions, corresponding with hoops 

or ties, has been found to increase the ultimate displacement capacity of RC walls (Wibowo et al., 

2013).  This is because the “confining” reinforcement, enables the concrete in the core at the boundary 

ends of the wall to achieve a higher concrete strain (in comparison to unconfined concrete) and it also 

mitigates against the potential for buckling of the longitudinal reinforcement once the concrete cover 

has spalled.  This was illustrated with the experimental program in Thomsen and Wallace (2004), which 

showed that a rectangular wall with a large amount of confining reinforcement at the boundary ends 

(ρwh = 1%) was able to perform cycles with drifts (displacement at roof level relative to the height of 

the wall) up to 2.2%.  This is in contrast to the testing of an identical wall but with less confining 

reinforcement in the boundary region (ρwh = 0.7%), which was only able to sustain a single cycle and 

1.9% drift before the longitudinal reinforcement buckled. 

2.4.2.4 Longitudinal (vertical) reinforcement ratio 

Similar to the horizontal reinforcement ratio, the longitudinal reinforcement ratio (ρwv) can be 

taken as the longitudinal (vertical) reinforcing steel area per unit length of wall; for walls with evenly 

distributed longitudinal reinforcement, the average ρwv can be calculated using Equation 2.17.   

��� =
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where Ag is the gross cross-sectional area of the wall. 

Wibowo et al. (2013) discusses the mixed results that have been given in the past from 

experimental studies on the ultimate displacement capacity of RC walls with varying ratios of 

longitudinal reinforcement.  As previously mentioned in Section 2.1.4, when a wall has an ultimate 

moment capacity (Mu) that is less than the cracking moment (Mcr) (Equation 2.5), the formation of a 

single crack is expected, where the ‘inelastic behaviour [is] concentrated at the cracked section, and 

development of a rocking action’ is to occur (Wibowo et al., 2013).  This was further exemplified in 

the study by Henry (2013), where half of the moment-curvature analyses conducted using different 

parameters on a RC wall resulted in a ‘section yield moment less than the cracking moment, 

indicating that the wall cannot retain its lateral resistance after the formation of a crack at the wall 
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base’.  An example of a moment-curvature analysis from Henry (2013) where the Mcr is larger than 

Mu (and My) is illustrated in Figure 2.20. 

 

Figure 2.20 A moment-curvature result from Henry (2013) illustrating the larger Mcr in comparison to My 
and Mu  

According to Albidah et al. (2013), the conventional approach in designing walls was to 

concentrate longitudinal reinforcement at the wall boundaries and limit the steel distributed in the web.  

While this might be practiced in regions of high seismicity, “lumping” the longitudinal reinforcement 

at the boundary ends of the wall is not typically practiced in Australia.  Instead, the reinforcement is 

commonly distributed evenly throughout the cross-section.  From the buildings that were surveyed by 

Albidah et al. (2013), the ρwv in these boundary regions commonly ranges between 0.5% and 4.5%, with 

about 50% of the walls having less than 1.5%.  The longitudinal reinforcement in the web region was 

observed to generally be lower than the boundary ends, with ratios in the web for the majority of the 

walls less than 1%.  Although these walls appear to have a much higher ρwv than what is current 

stipulated as the minimum in the Australian Standards AS 3600:2009 (of 0.15%, Section 2.4.1), Albidah 

et al. (2013) explains that the majority of the walls observed in the study were recently built structures, 

most of which were designed outside of Australia.   

The number of buildings from Albidah et al. (2013) with walls that were found to have 

concentrated the longitudinal steel in the boundary regions of the walls is of potential concern.  An 

experimental study by Kuang and Ho (2007) concluded that this type of detailing in walls generally led 

to more diagonal shear cracking, pinched hysteretic behaviour and less of a strain-hardening effect.  ‘It 

is likely that shear walls with this design may not perform as well as those having uniformly distributed 

bars’ (Kuang & Ho, 2007).  However, there have been cases where lumping the reinforcement at the 

boundary ends of experimental specimens has resulted in an improvement in the performance.  For 

example, wall specimens SW-4 and SW-5 from Cardenas and Magura (1972) had distributed and 

lumped reinforcement layouts, respectively.  Although SW-5 had an average ρwv that was less than SW-
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4 (2.34% and 2.89% respectively), a ductility factor (μ) of 3.4 was achieved by specimen SW-5, higher 

than the μ value of 2.7 achieved by SW-4.  It should be noted in the case of SW-5, a minimum of 1.00% 

for the longitudinal reinforcement ratio was used in the web region of the wall, a higher ratio in 

comparison to the approximate ρwv of 0.70% that was used in the web of the test specimens by Kuang 

and Ho (2007).  This type of longitudinal reinforcement layout, lumping reinforcement at the boundary 

ends, is currently a requirement proposed with Amendment 3 of NZS 3101:2006 (Cook et al., 2014); 

in that case the area of steel in the middle of the wall must satisfy certain minimum limitations that are 

intended to inhibit the poor behaviour observed by Kuang and Ho (2007). 

2.4.2.5 Concrete strength 

 The seismic performance and behaviour of a RC wall can be influenced greatly by varying the 

strength of the concrete.  For example, it was hypothesised in Section 2.1.4 that if a RC wall has a 

high concrete compressive strength (and correspondingly, a high concrete tensile strength), the wall 

will require a large amount of longitudinal reinforcement to generate an adequate amount of tension in 

the effective concrete area that surrounds the vertical bars to crack it.  Moreover, a higher concrete 

strength (unconfined) becomes more brittle, and is particularly an issue for walls where concrete 

strains (and stresses) govern the performance (e.g. C-shaped walls). 

For RC walls less than 13 storeys high popular strengths used in design include 32 MPa and 

40 MPa, or N32 and N40 concrete mixes respectively (Menegon, Tsang, & Wilson, 2015).  In this 

study, specified concrete strengths of up to 50 MPa only have been considered, which means that 

many buildings over 12 storeys are excluded from the study. Buildings with precast walls are also 

excluded, since in these buildings higher strength concrete (up to 100MPa) will usually be employed 

in the walls.  The mean cylinder strength of concrete at 28 days (fcm.28), as calculated with the equation 

suggested in AS 3600:2009 Supplement 1 (Standards Australia, 2014) (Equation 2.18), appears to 

correlate well with the limited number of concrete cylinder tests performed at 28 days and presented 

in Menegon et al. (2015).  However, three of the four concrete compressive strengths experimentally 

investigated by Allington and Bull (2003) are slightly higher than the fcm calculated with Equation 

2.18, as shown in Figure 2.21. 

���.�� = (1.2875 − 0.001875��
�)��

� 2.18 
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Figure 2.21 Specified and actual concrete strength comparisons (Allington & Bull, 2003) 

Equation 2.18 determines the fcm.28 based on the characteristic cylinder strength at 28 days (f’c) 

assuming a linear relationship.  There are currently no expressions given in Standards Australia 

(2014) for the increase in the compressive strength of concrete due to age.  Although it was suggested 

by Menegon et al. (2015) that ‘in-situ concrete typically does not continue to strengthen with age’, 

concrete samples from Christchurch and previous research in this area give a contrasting view. 

In Section 2.1, the collapse of the Pyne Gould building and failure of the RC wall in the 

Gallery Apartments building after the Christchurch earthquake were discussed.  In the case of the 

Pyne Gould building, concrete strengths of some concrete structural elements were reportedly much 

higher than the specified characteristic compressive strength (f’c). The in-situ concrete strengths 

correspond to increased strength factors (κ), calculated using Equation 2.19, of 2.0 and 2.4 for the 

columns and beams respectively (Hyland, 2011).  Similar concrete testing by Holmes Solutions 

(Smith & England, 2012) of the failed RC wall in the Gallery Apartments building indicated a κ value 

of up to 1.9.  The data presented by Moehle (2015) from research reported by others (Mindess et al., 

2003; Monteiro & Moehle, 1995; Wood, 1992) for strength gain with time of concrete made with 

different portland cements is shown in Figure 2.22.  This figure shows the relative mean strength with 

time, thus “relative [mean] strength” of concrete in Figure 2.22 is shown to vary between 1.1 and 1.7.  

These values are likely to be higher if the strength gain with time was given relative to the f’c, which 

is what has been used to define κ in Equation 2.19.  For example, the 1.1 and 1.7 values from Figure 

2.22 are lower than the values discussed above that were obtained from tests conducted on cores from 

actual buildings in Christchurch. 
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� =
����

��
�  2.19 

where fcmi is the mean in situ compressive strength of concrete 

 

Figure 2.22 Concrete strength gain with time (Moehle, 2015) 

It is therefore important to incorporate a strength enhancement factor into the capacity 

calculations to ensure a more accurate representation of the average concrete strength is used for 

assessment purposes.  There have been a range of values recommended for κ in recent research.  For 

the proposed Amendment 3 of NZS 3101:2006, Cook et al. (2014) discusses that the revised 

minimum longitudinal reinforcement ratio (Equation 2.4) considered a total increased strength factor 

(κ) of 1.32, i.e. to be multiplied by f’c.  As discussed in Hyland (2011), a divisor of 1.5 (equivalent to 

κ) was recommended in Priestley et al. (1996) to be used on strength aged concrete specimens to 

approximate the f’c value.  SESOC (2011b) used a value of 2.5 for κ when recommending a revised 

minimum longitudinal reinforcement ratio, as given in Equation 2.3.   

Values of 1.25 and 1.50 will be used for κ in the research conducted in this thesis. 

Importantly, these κ values will be incorporated in the assessment program in Chapter 6, dependent on 

the year of construction of the RC structural wall building. 

Although the lower characteristic value of the characteristic flexural tensile strength of 

concrete (f’ct.f) is typically used in design for providing a conservative value when calculating the 

strength capacity of RC members, recent research has stressed the importance of using a more 

realistic value for assessment (and design) purposes (Morris et al., 2015).  The mean flexural tensile 

strength of the concrete (fct.fl), is one of the most important parameters that will used in deriving a 

model for predicting secondary cracking in RC walls (Section 4.1). Many equations have been 

proposed previously to calculate the value of this parameter, some of which are introduced here.  In 
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AS 3600:2009 (Standards Australia, 2009), the characteristic flexural tensile strength of concrete 

(f’ct.f) can be determined using Equation 2.20. The mean and upper characteristic values can be 

estimated from the AS 3600:2009 equation by scaling the result by 1.4 and 1.8 respectively. 

���.�
� = 0.6���

� 2.20 

The Model Code 2010 (fib, 2012) recommends that the direct tensile strength (fct) be 

calculated using Equation 2.21.  The upper and lower characteristic values of fct can be obtained by 

multiplying the results of these equations by factors of 1.32 and 0.68 respectively.  Equation 2.21 has 

also been adopted in the NZS 3101:2006, as discussed in the Commentary (Standards Association 

NZ, 2006b).  Furthermore, this Commentary discusses the many factors that can explain the large 

variance in the ratio of tensile strength to compression strength; the variance is primarily due to the 

coarse aggregate used in the concrete and the direction in which the RC member is cast relative to the 

orientation of the concrete. 

��� = 0.3(��
�)

�
� 2.21 

The flexural tensile strength of concrete (fct.fl) can be calculated using Equations 2.22 and 2.23 

and the fct from Equation 2.21, which have been taken from the expressions from Model Code 2010 

(fib, 2012).  Furthermore, Equations 2.22 and 2.23 have been incorporated in NZS 3101:2006 

(Standards Association NZ, 2006a) as explained in the Commentary (Standards Association NZ, 

2006b). 

�� =
0.06ℎ�.�

1 + 0.06ℎ�.�
 2.22 

���.�� =
���

��
 2.23 

The ratio of fct.fl to the direct tensile strength decreases as the depth of the member increases, 

which is reflected in Equations 2.22 and 2.23, where h (in mm) is the depth of the section.  In the case 

of a RC wall section, the depth (h) is equivalent to Lw.  This is due to: 

 Higher probability of a weaker section with larger sections. 

 Thicker RC sections and the differential shrinkage between the inside region and the 

surface can influence tensile stresses in layers at the surface. 

 Crack widths will increase in width as the section increases in thickness, which will 

reduce the effectiveness of post cracking tensile stress transfer. 
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The corresponding lower characteristic, mean and upper characteristic values of fct.fl obtained 

from AS 3600:2009 (Standards Australia, 2009) and the Model Code 2010 (fib, 2012) using the 

equations above for a range of typical f’c values are illustrated in Figure 2.23. The mean fct.fl values 

obtained using the equations given in AS 3600:2009 are found to be similar to the upper characteristic 

values from the Model Code 2010. 

 

Figure 2.23 Flexural tensile strength of concrete values for a range of compressive strengths of concrete 

  

2.4.2.6 Reinforcing steel properties 

Depending on the period of construction, different types of steel have been used for the 

reinforcement in the design of RC structures in Australia.  The characteristic values of the different 

reinforcing steels used in Australia throughout the years have been collated in OneSteel (2015) and 

CIA (2010).  However, there is a paucity of information on the mean mechanical properties for the 

different reinforcing steels, which would be useful for evaluating performance and assessment 

purposes.  

 Currently, it is common for designers to use D500N reinforcing bars in RC walls constructed 

in Australia, which typically have values of the mechanical properties greater than the characteristic 

values given in Standards Australia/New Zealand (2001).  It is estimated that over 60% of all Class N 

type reinforcing bars in Australian building construction are either 12 or 16 mm in diameter, most of 

which are used in either RC slabs or walls as the main flexural reinforcement (Patrick et al., 2008).  It 

is also possible to detail RC walls in Australia using low ductility steel (D500L).  As noted in SRIA 

(2015), low-ductility mesh is commonly used in precast and tilt-up wall panels in the current 
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Australian construction industry. The lower characteristic value for the ultimate strain, εsu, is only 

required to be 1.5% for the low-ductility mesh compared with 5% for normal –ductility steel. 

Menegon et al. (2015) conducted an extensive number of tensile tests of D500L and D500N 

reinforcing bars obtained from different industry suppliers.  A range of different diameter bars were 

used with a total of 2128 and 3979 samples being tested for D500L and D500N respectively.  The 

mean results of the tests and corresponding standard deviations for the different mechanical 

parameters of the steel are given in Table 2.9 and Table 2.10 for D500L and D500N respectively.  It 

should be noted that the mean and standard deviation of the mechanical properties showed little 

variation with bar diameter Menegon et al. (2015).  Furthermore, these values can be compared to the 

lower characteristic values given in AS/NZS 4671:2001 Standards Australia/New Zealand (2001) for 

both D500L and D500N bars in Table 2.11. 

Table 2.9 Mean and standard deviation values of D500L reinforcement from Menegon et al. (2015) 

 fy (MPa) fu (MPa) fu / fy εsh εsu 

Mean 587 619 1.056 - 0.033 

Standard Deviation 31.1 31.0 0.025 - 0.008 
 

Table 2.10 Mean and standard deviation values of D500N reinforcement from Menegon et al. (2015) 

 fy (MPa) fu (MPa) fu / fy εsh εsu 

Mean 551 660.5 1.201 0.0197 0.095 

Standard Deviation 29.2 37.7 0.076 0.0095 0.029 
  

 Table 2.11 Lower characteristic values of reinforcing bars from Standards Australia/New 
Zealand (2001) 

 fy (MPa) fu (MPa) fu / fy εsu 

D500N 500 540 1.08 0.050 

D500L 500 515 1.03 0.015 
 

As previously discussed in Section 2.1.4, another important mechanical property of the 

reinforcing steel that can have a large influence in determining whether a RC wall will behave in a 

ductile manner is the strain hardening ratio, fu / fy.  For example, Lestuzzi and Bachmann (2007) 

investigated the seismic performance of six rectangular RC walls of identical cross-section using a 

shaker table.  Two of the six walls used longitudinal reinforcement with a strain hardening ratio (fu / 

fy) less than or equal to 1.10, which is close to the currently specified characteristic value of the 

D500N bars used in Australia.  In contrast, four other walls used reinforcing steel with a strain 

hardening ratio of at least 1.19.  The two walls with steel having a lower fu / fy ratio, denoted WDH1 

and WDH2, failed with a ductility (μ) of just 2.1 and 2.4 respectively, while the four other walls with 
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a larger fu / fy ratio achieved μ values between 3.1 to 3.4.  It was concluded that the reason for 

observing such a limited-ductile performance was ‘related to their poor ductility properties (limited 

strain hardening ratios) of their reinforcing steel’ (Lestuzzi & Bachmann, 2007).  Importantly, it 

should be noted that the lower characteristic strain hardening (fu / fy) ratio of the D500L bars tested in 

Menegon et al. (2015) (Table 2.9) was outside the limits set in AS/NZS 4671:2001 (Standards 

Australia/New Zealand, 2001) (1.02 compared to the lower limit of 1.03 given in Table 2.11).  This 

effect of the strain hardening ratio on the distribution of plasticity will be investigated in Chapter 4 

using common mechanical property values of the reinforcing steel used in Australia. 

The next two sections provide a review on some experimental seismic testing of RC walls that 

will be relevant to the research carried out in the subsequent Chapters of this thesis. 

2.4.3 Review on experimental studies: rectangular RC walls 

This section provides an overview of some experimental testing that has been conducted on 

rectangular RC walls.  Importantly, the focus is reporting on experimental RC walls that had similar 

characteristics and detailing to those found in Australia and other low-to-moderate seismic regions; in 

particular, RC walls with either a low longitudinal reinforcement ratio and/or unconfined boundary 

ends. 

2.4.3.1 SW-1 from Cardenas and Magura (1972) 

Cardenas and Magura (1972) investigated six different rectangular RC walls that were 

designed using parameters obtained in a survey of high-rise structures built around the West Coast of 

the United States.  While all six specimens had the same cross-section that is depicted in Figure 2.24, 

other parameters were varied in each of the walls, such as the amount of distributed longitudinal and 

horizontal reinforcement, axial load ratio, concrete strength and reinforcement grade.  The effective 

height (He), corresponding to the height from the base to the point of contraflexure, for the first 4 

specimens (SW-1 through to SW-4) was 6.40 m , while the remaining 2 walls (SW-5 and SW-6) had 

an He of just 3.66 m. This corresponded to aspect ratios (Ar = He/Lw) of approximately 3.4 and 1.9 

respectively.  The test setup of the six specimens is shown in Figure 2.25.  Wall specimen SW-1 had 

the lowest amount of reinforcement, with both the longitudinal and horizontal reinforcement ratios 

(ρwv and ρwh) corresponding to 0.27%.  A single row of D4 bars (dbl ≈ 5.7 mm) were used for both 

directions of reinforcement in the wall.  The concrete strength and yield strength of the reinforcing 

bars were reported in Wood (1989) to be 51 MPa and 415 MPa respectively.  The tensile splitting 

strength and axial load on the wall were reported in Cardenas and Magura (1972) to be 4.6 MPa and 

407 kN (ALR ≈ 5.6%) respectively. 
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Figure 2.24 Cross-section of PCA SW-1 wall specimen from Cardenas and Magura (1972) 

 

Figure 2.25 Dimensions and setup of the shear wall specimen (Cardenas & Magura, 1972) 

Importantly, wall specimen SW-1 formed a single crack at the base of the wall during the 

monotonic, one-directional loading (Cardenas & Magura, 1972; Wood, 1989).  As discussed in Wood 

(1989), ‘large strains were expected in the steel running across this crack’ and the normal ‘procedure 

used to determine the nominal flexural capacity of the cross section [moment-curvature analyses] 

would not model such a strain concentration’.  To the author’s knowledge, this is the first recorded 

instance of a RC wall forming a single, primary crack during experimental testing, and the results 

from this test will be used in this thesis.  However, the data collated from the experiment was sparse; 

no force-displacement or strain distributions (up the height of the wall) were reported by Cardenas 

and Magura (1972).  However, the moment-curvature results measured experimentally for all walls 

tested by Cardenas and Magura (1972) are shown in Figure 2.26.  The rotations at the base of the 

specimens were measured with Linear Variable Differential Transformers (LVDTs) placed in the 

extreme tension and compression fibre regions of the wall and measured over a 1 metre length of the 

wall.  Wood (1989) examined the observations from specimens SW-1 and another wall with a low 

amount of longitudinal reinforcement [specimen “R1” from Oesterle et al. (1976)] and concluded that, 
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‘walls with total reinforcement ratios less than 1 percent were identified as being susceptible to 

fracture of the tensile reinforcement’. 

 

Figure 2.26 Measured moment-curvature relationships for different walls from Cardenas and Magura 
(1972) 

2.4.3.2 R1 from Oesterle et al. (1976) 

Out of the 37 RC experimental walls examined by Wood (1989), fracturing of the 

longitudinal reinforcement only occurred in two specimens before crushing of the concrete 

commenced; wall specimens PCA SW-1 (discussed previously in Section 2.4.3.1) and R1 from 

Oesterle et al. (1976).  These two walls also happened to have the lowest (longitudinal) reinforcement 

ratios of the 37 walls examined in Wood (1989).   

Wall specimen R1 from Oesterle et al. (1976) was one of two rectangular walls tested as part 

of an experimental program to investigate the load-deformation characteristics of RC walls, which 

would help develop design procedures.  Specimen R1 was a third-scale model wall shown in Figure 

2.27(a), with the cross-section depicted in Figure 2.27(b).  The length of the wall (Lw) was 1905 mm 

and the thickness (tw) was 102 mm.  The effective height (He) of the wall was approximately 4572 

mm, corresponding to an aspect ratio (Ar) of 2.4.  The boundary ends of the wall had lumped 

longitudinal reinforcement with larger diameter bars (dbl ≈ 9.5 mm) in comparison to the bars used in 

the web (dbl = 6 mm).  This reinforcement layout resulted in longitudinal reinforcement ratios of 

approximately 1.47% and 0.26% in the boundary and web respectively.  The bars in the boundary 

ends were restraint by a transverse hoop arrangement provided from D3 reinforcing bars.  The 

concrete strength and ‘modulus of rupture’ were reported by Oesterle et al. (1976) to be 44.7 MPa and 

4.5 MPa respectively.  The yield and ultimate strength of the #3 bars used in the boundary regions 
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were estimated to be 511 MPa and 765 MPa respectively (Oesterle et al., 1976).  Full details of the 

mechanical properties of all the reinforcing bars used in the wall can be found in Oesterle et al. 

(1976).  First yielding of the bars in specimen R1 was recorded to occur at a load of approximately 89 

kN corresponding to a maximum crack width of 0.46 mm.  The maximum measured load was 118 kN 

at 51 mm, corresponding to a maximum crack width of 5.1 mm.  The force-displacement relationship 

recorded from the cyclic loading performed on wall specimen R1 is presented in Figure 2.28.  As 

mentioned previously, even with a relatively high reinforcement ratio at the boundary end, fracturing 

of the bars was observed to occur before the crushing of the concrete.  However, it should be noted 

that ‘significant spalling’ of the concrete and with buckling of the boundary longitudinal 

reinforcement was observed to have occurred prior to fracturing of the reinforcement; ‘the fractured 

bars were the two that had buckled first’ (Oesterle et al., 1976).  Cracking and strain distributions 

were provided in the results by Oesterle et al. (1976), some of which are given in Figure 2.29.  It 

should be noted that VHP & VHR in Figure 2.29 correspond to the strain gauges on the west toe of 

the wall and VAP & VAR are the gauges on the east toe. 

 

 

Figure 2.27 (a) Dimensions of test specimen (in feet) and (b) cross-section of R1 (in mm) (Oesterle et al., 
1976) 

a) b) 
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Figure 2.28 Force-displacement hysteresis plot of wall specimen R1 (in kips and inches) (Oesterle et al., 
1976) 

  

Figure 2.29 Steel strain distribution for specimen R1 (Oesterle et al., 1976)  

2.4.3.3 C1 from Lu et al. (2015) 

Researchers at the University of Auckland (Y. Lu et al., 2016; Lu et al., 2015) have recently 

conducted experimental testing on rectangular RC walls to invetsigate the current minimum 

reinforcement requirements given in NZS 3101:2006 (Standards Association NZ, 2006a).  An 

elevated view of the reinforcement layout of wall specimen C1 is given in Figure 2.30(a), while the 
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wall cross-section and longitudinal reinforcement layout is given in Figure 2.30(b).  The 

corresponding ρwv is 0.53%, while the the f’c and fy were reported in Lu et al. (2014) to be 40 MPa and 

300 MPa respectively.  Moreover, Yiqiu Lu (personal communication, January 22, 2016)  measured 

the concrete properties for wall specimen C1 at time of testing, and these are given in Table 2.12.  

These measured properties for both the D10 and R6 steel bars are given in Table 2.13. 

Table 2.12 Measured concrete properties for wall specimen C1 (Lu et al., 2015) 

Specimen f'c (MPa) Ec (GPa) fct (MPa) ρc (kg/m3) 

C1 38.5 26 2.88 2405 
 

Table 2.13 Measured reinforcing steel properties for wall specimen C1 (Lu et al., 2015) 

Bar Type fy (MPa) fu (MPa) εsu (%) 

D10 300 409 15.3 

R6 300 462 12.6 

 

The scaled wall specimen was to be representative of a limted ductile wall conforming to the 

NZS 3101:2006.  The Ar of the wall was 2 (Lu et al., 2015), while the constant ALR was 3.5% 

(corresponding to approximately 294 kN) (Lu et al., 2014).  During testing, the deformation was 

found to be primarily concentrated at one crack at the wall base, which opened 20 mm wide, whereas 

other flexural cracks were found to be no more than a few millimetres (Lu et al., 2015).  The lack of 

confinement in the boundary regions resulted in the concrete spalling and crushing during the cycle at 

around 2.0% drift (corresponding to the displacement at roof level relative to the height of the wall).  

Furthermore, two corner bars fractured on the third cycle at approximately 2.5% drift (Lu et al., 

2015).  The overall condition at 2.5% drift is given in Figure 2.31(a), while the extent of flexural 

cracking is given in Figure 2.31(b).  The moment-displacement hysteretic curve of the test specimen 

C1 is illustrated in Figure 2.32. 
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Figure 2.30 Reinforcement layout for C1 (Lu et al., 2015) with (a) elevated view and (b) cross-section  

 

 

Figure 2.31 (a) Overall state at 2.5% drift and (b) flexural cracking for specimen C1 (Lu et al., 2015) 

b) 
a) 

a) 

b) 
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Figure 2.32 Measured bending moment-displacement response of wall C1 (Lu et al., 2015) 

2.4.3.4 Walls from Albidah (2016) and Altheeb (2016) 

An experimental program from Albidah (2016) and Altheeb (2016) focused on the seismic 

performance of three unconfined rectangular RC walls with longitudinal reinforcement layouts typical 

of low-to-moderate seismic regions, such as Australia.  The walls incorporated different levels of 

longitudinal reinforcement, with cross-sections shown in Figure 2.33.  The corresponding ρwv for 

Wall1, Wall2 and Wall3 were 0.33%, 0.66% and 1.34% respectively.  The effective height (He) of all 

walls were 2.65 m (with Ar = 2.94) and the axial load ratio (ALR) was held constant for all walls at 5% 

(Albidah, 2016; Altheeb, 2016).  The values for the mechanical properties of the reinforcing steel are 

given in Table 2.14.  The average concrete compressive strengths at the time of testing for specimens 

Wall1, Wall2 and Wall3 were 35.2 MPa, 34.7 MPa and 42.7 MPa respectively. 

Table 2.14 Reinforcing steel properties of the D500N bars used in Albidah (2016) and Altheeb (2016) 

dbl (mm) fy (MPa) fu (MPa) εsy εsh (%) εsu (%) 

10 500 720 0.29 - 10.0 

12 530 630 0.26 2.8 11.0 

16 550 640 0.24 2.3 10.0 

 

The seismic performance of the wall with the lowest amount of longitudinal reinforcement 

(Wall1) was governed by strain penetration, with a large, primary crack forming at the base of the 

wall.  Fracturing of the (outermost longitudinal) reinforcing bars that crossed this crack first occurred 
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at a top wall displacement of approximately 70 mm.  Specimen Wall2, with a higher reinforcement 

content, experienced more flexural cracking in comparison to Wall1.  Flexural deformations primarily 

contributed to the overall displacement capacity of specimen Wall2.  The crack pattern propagated 

even more for Wall3, which had the highest amount of longitudinal reinforcement content, with more 

flexural cracks observed to occur along the wall at mid-height in comparison to the other two wall 

specimens.  The force-displacement relationships of all three walls are illustrated in Figure 2.34. 

 

Figure 2.33 Cross-section and reinforcement layout of specimens (a) Wall1 (b) Wall2 and (c) Wall3 
(Altheeb, 2016) 
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Figure 2.34 Force-displacement results for (a) Wall1 (b) Wall2 and (c) Wall3 from Albidah (2016) and 
Altheeb (2016) 

2.4.3.5 W1 specimens from Puranam and Pujol (2017) 

Four RC rectangular walls were tested in Puranam and Pujol (2017) to investigate the 

minimum amount of conventional and high-strength longitudinal reinforcing steel required to ensure 

that fracturing of the bars did not limit the displacement capacity of the walls.  In this case, 

“conventional” and “high-strength” steel corresponded to Grade 60 (fy = 414 MPa) and Grade 120 (fy 

= 830MPa) steel.  All four wall specimens were 203 mm thick, 1016 mm long and 4267 mm tall.  

However, as illustrated in Figure 2.35, the test setup used was such that the load was applied at “mid-

height” and the corresponding He was approximately 1800 mm (Ar ≈ 1.8).  The reinforcement content 

varied for each of the specimens, as illustrated in Figure 2.36 (e.g. W1-120-0.07 corresponds to 

specimen W1 with Grade 120 steel and a ρwv of 0.07%).  Importantly, the longitudinal reinforcement 

ratio (ρwv) varied from 0.07% to 0.24%. 

Table 2.15 Concrete properties of the wall specimens from Puranam and Pujol (2017) 

Specimen fcmi (MPa) fct (MPa) 

W1-120-0.07 52 3.8 

W1-120-0.14 54 4.1 

W1-60-0.14 54 3.8 

W1-60-0.24 55 3.6 

 

All four wall specimens exhibited a single, primary flexural crack during testing and 

consequently failed in tension with rupturing of the longitudinal reinforcement.  A drift capacity, 

defined in Puranam and Pujol (2017) as ‘the ratio of the displacement measured at the load point to 

the distance from the load point to support’, at fracturing of the reinforcement were approximately 

0.50% and 0.85% for the walls with Grade 120 and Grade 60 reinforcement, respectively.  The higher 
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drift capacity with the Grade 60 reinforcement in comparison to the walls with Grade 120 

reinforcement is likely due to the differences in uniform elongation strain (εsu), which were 

approximately 12% and 6% respectively. 

 

Figure 2.35 Test setup from (Puranam & Pujol, 2017) 

 

Figure 2.36 Wall specimens and reinforcement layout from Puranam and Pujol (2017) 

2.4.4 Review on experimental studies: C-shaped RC walls 

Despite the popularity of C-shaped (or “U-shaped”) RC walls in practice, there are relatively 

few studies that focus on the inelastic seismic performance of these walls.  Unlike the RC rectangular 

walls discussed in Section 2.4.3, there has been no experimental testing on non-rectangular RC walls 

with reinforcement detailing similar to that used in Australia and other regions of lo-to-moderate 

seismicity.  The small number of experimental studies that have been conducted on C-shaped RC 
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walls have been on heavily reinforced elements that are highly confined.  Some of those experimental 

investigations have been reported here. 

2.4.4.1 TUA and TUB from Beyer et al. (2008b) 

Beyer et al. (2008b) investigated the seismic performance and inelastic behaviour of two U-

shaped (or “C-shaped”) RC walls.  The two wall specimens, “TUA” and “TUB”, are shown in Figure 

2.37 and were built at half-scale with detailing for high ductility.  The primary difference between the 

two walls was the thickness, which corresponded to 150 mm and 100 mm for TUA and TUB 

respectively.  The concrete cylinder strengths of TUA and TUB were much higher than the intended 

strength that was aimed for (f’c = 45 MPa), resulting in fcmi values of 77.9 MPa and 54.7 MPa 

respectively (Beyer, 2007).  A ductile steel was used for the reinforcement, with a fu / fy ratio of 1.22 

(or 595 MPa / 488 MPa) and εsu of 13% being used for the longitudinal D12 bars.  The effective 

height (He) of the specimens differed depending on the applied loading direction, with a He of 3.35 m 

and 2.95 m for the walls bending about the major and minor axes respectively. 

 

a) 
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Figure 2.37 Cross-section of walls (a) TUA and (b) TUB from Beyer et al. (2008b) 

A quasi-static loading protocol was used to assess the walls’ behaviour for five different 

directions corresponding to that indicated in Figure 2.38.  The experimental force-displacement 

results for specimen TUA are given in Figure 2.39 for bending about the major and minor axes.  The 

experiment results showed that the design approach adopted by Beyer et al. (2008b) resulted in 

ductilities of approximately 8 and 6 for TUA and TUB respectively.  This was not surprising given 

the quality of the detailing used, with a relatively high longitudinal reinforcement ratio, lumped 

reinforcement in the “boundary” regions of the wall and high levels of confinement.  As mentioned 

previously this type of detailing is uncommon in Australia and other regions of low-to-moderate 

seismicity. 

 
 

Figure 2.38 (a) Cardinal points and labelling and (b) target displacement pattern (Beyer, 2007) 

b) 

a) 
b) 
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Figure 2.39 Force-displacement relationship for specimen TUA and bending about the (a) major and (b) 
minor axes 

Equivalent plastic hinge lengths (Lp) were also calculated in Beyer (2007) for the two 

specimens as a function of ductility (μ).  This is illustrated in Figure 2.40 for specimen TUA and for 

bending about the major and minor axes.  It can be seen that the Lp at a μ of 4 is approximately 552 

mm, 493 and 406 mm for bending about the major axis, minor axis with WiC and WiT respectively. 

  

Figure 2.40 Equivalent plastic hinge lengths as a function of ductility for specimen TUA and bending 
about the (a) major and (b) minor axes 

The testing regime started by Beyer et al. (2008b) was continued by Constantin and Beyer 

(2016), where two more U-shaped walls were investigated.  However, the two other C-shaped wall 

specimens (TUC and TUD) from Constantin and Beyer (2016) are not summarised in detail here due 

to the similarities of the design specifications in comparison to specimens TUA and TUB from Beyer 

et al. (2008b).  Moreover, there is a large contrast between the design specifications of all of these test 

specimens and the typical design procedures used in Australia and other low-to-moderate seismic 

regions.  For example, all four walls investigated in Beyer et al. (2008b) and Constantin and Beyer 

(2016) were heavily confined and used a large amount of longitudinal reinforcement with lumping of 

the bars in the boundary regions, as discussed previously in this section.  This is further emphasised in 
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Beyer (2007), in which it is said that ‘the project was restricted to well detailed U-shaped walls with 

heavily confined boundary elements at the flange ends and the corners’.    However, Beyer (2007) 

noted that it would be ‘interesting to investigate the behaviour of U-shaped walls in which such 

boundary elements are either missing or poorly detailed’.  Moreover, the test results from Constantin 

(2016) further emphasised the importance of ‘proper confinement of the flange ends to ensure the wall 

displacement ductility’ as well as ‘distributing more than the minimum required vertical [longitudinal] 

reinforcement content with the unconfined [web] concrete part of the wall’.  Some of the 

recommendations from Beyer (2007) and Constantin (2016) will be investigated in the research 

presented in this thesis. 

 

2.5 Plastic Hinge Analysis 

For the purposes of seismic design and assessment, it is common to use a bilinear 

approximation of the force-displacement response of RC walls (Priestley et al., 1996), as illustrated in 

Figure 2.41.  A Plastic Hinge Analysis (PHA) is one of the most widely used and simplest methods 

for calculating the force-displacement capacities of RC members (Almeida et al., 2016).  The PHA 

acknowledges that the top displacement of a cantilever wall structure is the summation of the 

deformation components primarily due to flexure, shear and slipping.  These deformation components 

can be used to calculate the yield displacement (Δy) and plastic displacement (Δp), as illustrated in 

Figure 2.42.  The ultimate displacement (Δu) of the cantilever RC wall is the summation of Δy and Δp.  

The ultimate capacity (or failure) of RC walls in some research has been taken at the point at which 

the maximum strength is reduced by 20% (Krolicki et al., 2011; Park, 1989).  However, as illustrated 

in Figure 2.41, the non-ductile failure that is typically expected in unconfined walls with the details 

commonly found in low-to-moderate seismic regions is likely to correspond to a more abrupt 

reduction in strength.  Therefore, “failure” here is deemed to correspond to material strain limits in the 

reinforcing steel and concrete (discussed later in Section 2.5.5).  Different material strain limits will 

be used to define different levels of structural performance. 
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Figure 2.41 Idealised Force-displacement response with effective yield displacement 

This section contains a review of the equations that have been proposed previously for use in 

determining the displacement capacity of RC walls using the PHA method.  The relevant yield and 

plastic deformation equations for both RC rectangular and C-shaped wall sections are discussed first.  

This is followed by a discussion of the various different equations that have been proposed by 

researchers to estimate the equivalent plastic hinge length.  Some recent research that discusses the 

equations that have been developed for estimating the deformation contributions of a structural wall 

due to shear is introduced.  All of these PHA equations will ultimately be scrutinised as to their 

applicability for lightly reinforced and unconfined rectangular and C-shaped walls in Chapter 4 and 

Chapter 5 respectively. 

 

Figure 2.42 Flexural displacement profile of a cantilevered structural wall with yield (Δy) and plastic (Δp) 
components 
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2.5.1 Yield Displacement 

The point of first yield (Δ’y) is defined as when the outermost reinforcing bar in the extreme 

tension fibre region of the RC section first reaches the strain at yield.  The line that extends from this 

point to the nominal yield (Δy) point (Figure 2.41) is calculated using Equation 2.24. 

�� =
�′���

��
  2.24 

For moderate to slender rectangular RC walls (Ar > 2) the contribution of shear deformations 

and displacements due to slip are commonly ignored due to the negligible amount they contribute to 

the overall displacement capacity (Priestley et al., 2007; Wibowo et al., 2013). 

The yield displacement (Δ’y) expression at the effective height (He) given in Equation 2.26 

can be derived using simple beam theory (Equation 2.25); the yield displacement coefficient (kΔ) is 

primarily dependent on the curvature distribution up the height of the wall (Tjhin et al., 2004).  

Assuming uniform floor mass and story heights, a kΔ value of 0.33 is used for the fundamental first 

mode response. 

�′� =
��

������
  2.25 

where Φ’y is the curvature at yield, My is the moment at yield, Ec is the Young’s Modulus of the 

concrete and Ieff is the effective second moment of inertia of the RC section. 

∆′� = �∆����
�  2.26 

The yield curvature can be calculated from a sectional analysis (or “moment-curvature 

analysis”), where Equation 2.25 corresponds to the curvature at which the outer-most longitudinal 

reinforcing bar in the extreme tension fibre region reaching the yield strain (εy = fy/Es).  The nominal 

yield curvature (Φy), similar to the nominal yield displacement in Figure 2.41, can thus be calculated 

using Equation 2.27.  Moreover, the expression shown in Equation 2.28, which was first suggested by 

Priestley and Kowalski (1998), can be used to estimate the nominal yield curvature (Φy) of a RC wall, 

where the ‘proportionality factor’ (K1) is said to largely depend on the longitudinal reinforcement 

layout and the shape of the cross section of the wall.  For example, a commonly used expression for 

Φy, which has been derived from analytical and experimental studies on RC rectangular walls (Paulay, 

2002; Priestley & Kowalski, 1998; Priestley et al., 1996), is given in Equation 2.29. This equation has 

been used in the PHA method outlined in Priestley et al. (2007). 
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�� =  ��
� �

��

��
�  2.27 

where Mu is the ultimate moment capacity of the RC section. 

�� =
�����

��
 2.28 

�� =
2���

��
 2.29 

However, as discussed in Priestley and Kowalski (1998), the relationship for yield curvature 

(given in Equation 2.29) ‘should not be extrapolated beyond the range 300 ≤ fy ≤ 500 MPa nor beyond 

the limits of longitudinal steel ratio’, which were between 0.01 ≤ ρwv ≤ 0.04.  Given that the lower 

characteristic value of the yield stress (fy) of D500N reinforcing bars commonly used in Australia is 

500 MPa (Standards Australia/New Zealand, 2001), the actual value of fy will typically be higher than 

500 MPa.  Moreover, as discussed previously in Section 2.4.2.4, the majority of RC walls found in 

this region will have longitudinal reinforcement ratios lower than 0.01 (Albidah et al., 2013; Wibowo 

et al., 2013).  Hence the equation for estimating the nominal yield curvature for rectangular walls in 

Australia needs further investigation. 

Priestley et al. (2007) recommends that Equation 2.30 be used for the estimation of Δy of RC 

cantilever walls; this equation has been derived assuming a linear curvature profile up the wall height, 

which is illustrated in Figure 2.43 (including some inelastic behaviour from the wall).  There is 

generally a slight increase of the assumed linear yield curvature profile some height up the wall in 

comparison to the “actual” curvature profile.  However, it is argued in Priestley et al. (2007) that the 

assumed linear distribution accounts for tension shift effects and (partially) for shear deformations. 

∆�=  
����

�

2
�1 −

��

3��
�  2.30 

where Hn is the height of the cantilever wall at roof level. 
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Figure 2.43 Idealisation of curvature distribution (Priestley et al., 2007) 

However, the assumption of the linear curvature profile (at yield) is questionable in the case 

of the single-crack failure corresponding to lightly reinforced concrete walls.  Therefore, this 

commonly used expression (Equation 2.30) needs further investigation for predicting the nominal 

yield displacement of these types of walls commonly found in Australia. 

Several researchers have given recommendations on the value of K1 that should be used to 

estimate Φy (Equation 2.28) for a range of geometric sections, and these values are given in Table 

2.16.  The value of approximately 2.0 for K1, which was previously discussed in relation to equation 

2.35, is consistently recommended for rectangular RC sections that are heavily confined and with 

different mechanical properties to those commonly used in Australia.  Note that FiC and FiT in Table 

2.16 are acronyms for the flange in tension and compression respectively for T-shaped RC sections. 

Table 2.16 Different proposed values of K1 

 Rectangular I-shaped T-shaped (FiC) T-shaped (FiT) 

Priestley et al. (1996) 2.14 - - - 

Priestley and Kowalski (1998) 2.25 - - - 

Paulay (2002) 2.00 1.40 1.40 1.80 

Sullivan et al. (2012) 2.00 - 1.75 2.15 

  

Beyer (2007) recognised that K1 factors had not been derived explicitly for U-shaped (or C-

shaped) RC sections.  However, Beyer (2007) realised it was possible that the K1 factors for I-shaped 

and T-shaped walls could ‘serve as approximates’ for C-shaped walls and bending about the major 

Hn 
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and minor axis respectively.  Following the research by Beyer (2007), some values have been 

proposed by Sullivan et al. (2012) for C-shaped walls, given in Table 2.17.  Note that “Major” 

correspond to bending of the C-shaped wall parallel to the web (about the major axis), whereas WiC 

and WiT correspond to bending of the wall parallel to the flanges (about the minor axis) with web in 

compression and web in tension, respectively.  Testing of the seismic performance of C-shaped walls 

from Constantin (2016) found that these proposed values corresponded well to experimental 

observations.  Note that the values in Table 2.17 are the same values proposed by Paulay (2002) in 

Table 2.16. 

Table 2.17 K1 values proposed for C-shaped walls 

 Major WiC WiT 

(Sullivan et al., 2012)  1.40 1.40 1.80 
 

Beyer (2007) also recognised that the ‘linear curvature profile [Figure 2.43] tends to 

overestimate the flexural displacements in the upper part of the wall’.  To overcome this, a new approach 

was proposed in Beyer (2007) to calculate the yield displacement based on the flexural, strain 

penetration and shear deformation components (Equation 2.33).  A new factor (defined here as kcr) was 

also introduced to account for the actual height of the wall that is estimated to be cracked, which is 

illustrated in Figure 2.44.  The expression for kcr is simplified by Constantin (2016) in the form of 

Equation 2.31. 

 

Figure 2.44 Factors proposed by (Beyer, 2007) for calculating the yield displacement 

��� =  � + 0.5(1 − �)(
3���

��
−

���
�

��
� )  2.31 

Hcr 

Hn 

Φ’y αΦ’y 
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where α is the ratio of cracked to uncracked flexural wall stiffness (EcIcr / EcIg) and Hcr is the height of 

the cracked wall, which can be estimated using Equation 2.32.  It should be noted that the stiffness of 

the cracked section (EcIcr) can be estimated with M’y / Φ’y. 

��� = max ���, �1 −
���

��
� ���  2.32 

where Mcr is the cracking moment (Equation 2.5) and My is the moment corresponding to nominal yield. 

 Thus, the yield displacement expression for a RC wall as proposed by Beyer (2007) is in the 

form of Equation 2.33, which includes the contributions due to shear deformations (discussed in Section 

2.5.4). 

∆�=  ��(
���

3
��

� + �����)(1 +
∆�

∆�
)  2.33 

where Lyp is the yield strain penetration length (parameter discussed in Section 2.5.3) and Δs / Δf is the 

shear-to-flexure deformation ratio. 

It should be noted (as previously discussed) that for the purposes of estimating the yield and 

plastic displacement capacities of rectangular RC walls (with high aspect ratios), the shear deformations 

can be neglected (e.g. Δs/Δf = 0).  However, the shear deformations can make an important contribution 

to the overall displacement of non-rectangular RC sections, such as C-shaped walls. 

It is acknowledged that the proposed expression from Beyer (2007) (Equation 2.33) attempts 

to rectify the potential issue of overestimating the yield displacement when assuming a linear curvature 

distribution, as shown in Figure 2.43.  However, this proposed expression may still be inappropriate for 

lightly reinforced concrete wall sections, where the strain can be concentrated over a relatively small 

length. 

2.5.2 Plastic Displacement 

To estimate the plastic deformation (Δp), the strains and corresponding curvatures need to be 

determined, and these will vary considerably up the height of a cantilevered wall.  However, it is 

common practice to simply assume that the inelastic curvature is uniform for a height above the base 

that is equivalent to the plastic hinge length (Lp) (Bohl & Adebar, 2011; Fenwick & Dhakal, 2007), an 

important parameter which is discussed further in Section 2.5.3.  This is a reasonable approximation 

and is utilised in the equations proposed by Priestley et al. (2007) for the displacement profile of a 

cantilevered wall: 
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∆�=  ��(�� − ��)��  2.34 

where Φu is the ultimate curvature. 

 The shear-to-flexure ratio can be included in the calculation of the plastic deformation with 

Equation 2.35, which is used (for example) by Constantin (2016) for the plastic displacement of C-

shaped walls. 

∆�=  ��(�� − ��)��(1 +
∆�

∆�
) 

 
 2.35 

As previously discussed, the assumption of flexural behaviour governing the seismic 

performance of a wall and an equivalent plastic region at the base may not be applicable to lightly 

reinforced walls that exhibit a concentration of plasticity (and curvatures) due to the formation of a 

single crack. 

 The estimated plastic deformation of a RC cantilever wall is greatly dependent on the assumed 

plastic hinge length (Lp).  The next section introduces the many equations that have been proposed by 

researchers to estimate the plastic hinge length. 

 

2.5.3 Plastic Hinge Length 

The equivalent plastic hinge length is illustrated in Figure 2.45(a) using an idealised curvature 

distribution.  As previously discussed in Section 2.5.1, the elastic curvature distribution is commonly 

assumed to vary linearly up the height of the cantilever wall.  Figure 2.45(b) illustrates the idealised 

(expected) steel strain distribution at the ultimate condition in the extreme tension fibre region of 

unconfined reinforced concrete walls that either form a single crack or a distribution of cracks up the 

wall height.  It should be noted for the purpose of this illustration that the ultimate concrete and steel 

strains for an unconfined RC section have been taken as 0.003 and 0.05 respectively, which conform 

to the collapse prevention performance level discussed in Section 2.5.5.  The wall with well 

distributed yielding in Figure 2.45(b) has lower steel strains, as expected, and is likely to fail in 

compression (concrete strains governing). 
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Figure 2.45 (a) Curvature distribution (solid line) along RC cantilever wall with idealised profile (dotted 
line) and (b) expected strain distribution results 

If a single, primary crack is formed in a RC wall, the strain penetration (or “yield 

penetration”) length becomes the only source of plastic deformation (Morris et al., 2015).  The strain 

penetration length is the depth that the inelastic strains in the reinforcing steel can penetrate (Patel et 

al., 2015), and is measured from the crack to the termination point of the inelastic strains in the steel 

bars.  This is shown in Figure 2.45(b), where the ultimate steel strain is reached in the extreme tension 

fibre region of the wall, with inelastic strains penetrating either side of the crack (into the wall and 

into the foundation).  Therefore, the height over the wall in which yielding of the reinforcement 

occurs is severely reduced in comparison to a wall with distributed cracking, thus decreasing the Lp 

that would be used in calculating the plastic displacement capacity.  As discussed in Morris et al. 

(2015), in this situation the elongation of the steel reinforcing bars is dependent on the amount the 

steel can strain and the true length of strain penetration either side of the primary crack.  This could be 

an issue for regions of low-to-moderate seismicity, where the uniform elongation strain (εsu) of typical 

reinforcing bars (e.g. D500N bars in Australia) is low in comparison to bars used in regions of higher 

seismicity (e.g. D500E bars).  Recent field observations from the Christchurch earthquake in New 

Zealand indicated strain penetration lengths into the foundation as low as 1 to 2dbl (Morris et al., 

2015).  As illustrated in Figure 2.45(b), the plastic hinge length (Lp) for walls with a single crack is 

approximately 2Lyp, where Lyp is the strain penetration length one side of the crack.  Empirical 

equations are given later in this section that make estimates of Lp based solely on the strain 

penetration length. 
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There are many different empirical equations available for the equivalent plastic hinge length.  

Some of these equations, which later in this thesis will be scrutinised as to their applicability for 

lightly RC walls, include Lp estimations from Bohl and Adebar (2011) (Equation 2.36), Kazaz (2013) 

(Equation 2.37), Priestley et al. (2007) (Equation 2.38 and 2.39), ICBO (1997) (Equation 2.40) and 

Thomsen and Wallace (2004) (Equation 2.41).  It should be noted that Equation 2.40 has been utilised 

in the 1997 Uniform Building Code (UBC) (ICBO, 1997) and more recently in NZS 3101:2006 

(Standards Association NZ, 2006a); it is an approximate value that many researchers have 

recommended (Paulay, 1986; Priestley & Park, 1984; Wallace & Moehle, 1992). 

�� = (0.2�� + 0.05��)(1 −
1.5�

��
���

) ≤ 0.8��  2.36 

where Ag is the gross section area of the wall, Lw is the wall length, He is the effective height, P is the 

axial load and f’c is the compressive strength of concrete. 

�� = 0.27�� �1 −
�

����
�� �1 −

�����

��
� � �

�
�

��
�

�.��

  2.37 

where fy is the yield strength of steel and ρwh is the horizontal reinforcement in the wall. 

�� = ��� + 0.1�� +  ���   2.38 

where k is a constant reflecting the distribution of plasticity dependent on the ratio of the ultimate 

strength to yield strength of the reinforcing steel (k = 0.2(fu / fy-1) ≤ 0.08), He is the effective height, 

and Lsp is the strain penetration length defined in Priestley et al. (2007) as: 

��� = 0.022������  2.39 

fye is the expected yield stress of the steel (1.1fy). 

�� = 0.5��  2.40 

�� = 0.33��  2.41 

It should be noted that the 0.1Lw component in the equation for Lp from Priestley et al. (2007) 

(Equation 2.38) is the “shear lag term” based on research by Paulay and Priestley (1992), who had 

originally suggested 0.2Lw to be used.  Therefore, Equation 2.42 ‘might be more appropriate for 

assessment purposes’ (Beyer, 2007). 

�� = ��� + 0.2�� +  ���   2.42 
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Furthermore, Constantin (2016) derived a plastic hinge length equation for RC C-shaped 

walls that was calibrated to experimental and numerical analyses.  Using a nonlinear least square 

solver, Constantin (2016) found four dependent variables in determining the plastic hinge length.  

These variables included the effective height of the wall (He), wall length (Lw), axial load ratio (ALR) 

and average shear stress (τ).  The proposed expression from Constantin (2016) is given in Equation 

2.43, which resulted in a mean error of the predicted to numerical Lp of 0.98. 

�� = �0.05�� + 0.05�� �
�

0.17���
�
�� (1 + 4���)  2.43 

where τ can be calculated from a sectional analysis (moment-curvature analysis) or can be estimated 

by dividing the base shear (Vb) by the effective area (Aeff) of the section. 

It should be noted that because the shear flow varies over the depth of the section, design 

codes typically simplify calculations to an average shear stress across the gross area of the section 

(Krolicki et al., 2011).  The effective shear area (Aeff) is commonly taken as the area of the wall web 

minus the compression zone.  The length of the compression zone is typically taken to be 

approximately 0.2Lw.  Hence, Aeff (in Equation 2.43) can be estimated to be 0.8Ag, where Ag is the 

gross cross-sectional area of the wall.  However, for C-shaped walls, the depth of the compression 

zone may vary considerably depending on the mode of bending (e.g. bending about the minor axis 

with WiT).  Therefore, where possible, the average shear stress should be calculated from a moment-

curvature analysis, as was conducted in Constantin (2016).  It should also be noted that in Equation 

2.43, Constantin (2016) has taken the wall length (Lw) as the length of the web (Lweb) for bending 

about the major axis and the length of the flange (Lflange) for bending about the minor axis, which 

coincides with the wall length parallel to the direction of loading.  Moreover, the average shear stress 

for bending about the major and minor axes corresponded with the web and both flanges respectively, 

where the ‘shear force in the direction of the flanges [were] equally distributed between the flanges’ 

(Constantin, 2016). 

These equations for the plastic hinge length have been derived from analytical or 

experimental results for RC walls that are not representative of lightly reinforced concrete walls in 

regions of low to moderate seismicity.  For instance, most of the experimental results that were used 

in deriving these equations were from tests on RC walls with well confined boundary regions and 

reinforcing steel with mechanical properties that would not be used in regions of low-to-moderate 

seismicity.  As discussed in Section 2.1.4 and further emphasised in Morris et al. (2015), the fu / fy 

ratio is an important parameter in determining the extent of plasticity at the base of a RC wall, which 

has been recognised by other researchers [e.g. has been incorporated in the Lp estimation from 

Priestley et al. (2007)].  Furthermore, the mean and lower characteristic fu / fy values in Section 2.4.2.6 
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for D500N bars are lower than the 1.6 and 1.3 values used for plastic hinge length studies by Bohl and 

Adebar (2011) and Kazaz (2013) respectively.  Both of these studies also focused on RC walls with a 

higher concentration of longitudinal reinforcement (and confinement) at the boundary ends, which 

would not be typical low-to-moderate seismic regions. 

It should be noted that the equations for Lp determined by Equations 2.36 to 2.41 are known 

to be approximate since, although Lp has been shown to be dependent on the axial load ratio (ALR = 

P/f’cAg) (Bohl & Adebar, 2011), these equations, with the exception of Equations 2.36 and 2.37, do 

not include this variable. 

A recent experimental study by Altheeb (2015) used scaled, lightly reinforced concrete 

elements to investigate the strain penetration deformation.  Ultimately, a strain penetration plastic 

hinge length was derived (Equation 2.44) using a nonlinear regression analyses from the experimental 

results.  

�� =
��� − ������

�.�

4���
�

  2.44 

Wibowo et al. (2013) have proposed an alternative equation (Equation 2.45) for the plastic 

hinge length for when Mcr is larger than Mu at the critical section in the RC walls.  Wibowo et al. 

(2014) recognised the possibility of a single crack forming for some lightly reinforced walls, 

consequentially reducing ‘the plastic hinge length to a function of the yield penetration length’. 

�� = 15���  2.45 

 As there is a paucity of experimental data currently available to evaluate and develop 

empirical models for plastic hinge lengths of lightly reinforced walls, a numerical study is proposed to 

be undertaken in Chapter 4.  The equivalent plastic hinge length will be estimated for a series of 

rectangular RC walls with parameters that reflect the values commonly found in Australia.  The 

plastic hinge length equations introduced in this section will be scrutinised as to their applicability by 

comparing the estimates to the results of the numerical analyses for lightly RC walls.  An equivalent 

plastic hinge length will be derived for rectangular, lightly reinforced and unconfined walls using the 

results of the extensive numerical analyses.  Moreover, a similar investigation will be undertaken in 

Chapter 5 but for C-shaped RC walls. 

2.5.4 Shear Displacement 

A common assumption in a plastic hinge analyses for rectangular RC wall sections with large 

Ar is to neglect the shear and slip displacements (Almeida et al., 2016).  For example, this assumption 

appeared to be valid for the three experimental lightly reinforced concrete walls tested by Albidah 
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(2016) and Altheeb (2016), which were introduced in Section 2.4.3.4.  Altheeb (2016) discusses that 

the inclusion of the shear deformation method by Beyer et al. (2011) (discussed below) in a PHA was 

not necessary when comparing the displacement capacity estimates to the experimental force-

displacement results of specimen “Wall1”.  This was due to the performance of Wall1 being governed 

by strain penetration deformations.  Therefore, it was not possible to implement the shear deformation 

model for Wall1 as ‘no pronounced plastic hinge was observed in the test specimen’.  This was in 

contrast to the observations of specimens Wall2 and Wall3, where the shear deformation estimates 

proposed by Beyer et al. (2011) correlated well with the experimental data (Altheeb, 2016).  

Nevertheless, Altheeb (2016) acknowledges that the shear deformations were ‘insignificant’; the 

combination of shear and sliding shear deformation corresponded to approximately 11% and 9% for 

Wall2 and Wall3 respectively. 

However, for non-rectangular wall sections (e.g. C-shaped), shear deformations can represent 

a larger portion of the total displacement capacity of the wall in comparison to that for rectangular 

walls.  For example, Beyer (2007) found that the shear-to-flexure (Δs/Δf) ratios of the two 

experimentally tested C-shaped walls (TUA and TUB) ranged from approximately 8% to 38%, 

depending on the direction of loading.  Moreover, recent experimental testing on two other C-shaped 

walls (TUC and TUD) from Constantin (2016) found similar values for the same directions of 

loading, with Δs / Δf values ranging from 16% to 33%.  Given the potential for shear deformations to 

make a large contribution to the overall displacement capacity of RC C-shaped walls, it is important 

to incorporate a shear deformation model into the plastic hinge analysis (PHA) for these types of 

walls. 

Over the past decade or so, several models have been suggested for use in predicting the shear 

displacement of RC walls, and these can be incorporated into a PHA (Beyer et al., 2011; Hannewald, 

2013; Hines et al., 2004; Priestley et al., 2007).  The simplified method for incorporating the shear 

deformations (Δs) in a PHA for RC walls is by comparing the shear contribution to the overall flexural 

deformation (Δf).  This is because the shear-to-flexure ratio has previously been found to be relatively 

constant throughout the inelastic range (Beyer et al., 2011; Hines et al., 2004). 

The shear-to-flexure (Δs / Δf) deformation model proposed by Beyer et al. (2011) is expressed 

in the form of Equation 2.46.  Some of the inherent assumptions in deriving the expression (Equation 

2.46) include that the shear-to-flexure ratio is assumed to be constant throughout the inelastic range 

and that the shear deformations only occur in the equivalent plastic hinge region. 

∆�

∆�
= 1.5 �

��

������
� �

1

��
�  2.46 
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where εm is the mean axial strain of the RC section (which can be estimated from a moment-curvature 

analysis), Φ is the curvature corresponding to the performance level (e.g. Serviceability, Damage 

Control or Collapse Prevention, which are discussed in Section 2.5.5) and θc is the crack angle. 

 The crack angle (θc) has traditionally been taken as 45° (Krolicki et al., 2011), a value which 

is also used for design purposes (Beyer et al., 2011).  However, recent research has indicated that 

there is some variability in the cracking angle, which can range from 25° to 65° (Krolicki et al., 

2011).  Moreover, Priestley et al. (1996) recommend an average cracking angle of 30º to be used for 

the assessment of existing structures. 

 As with the equations for other deformation components (e.g. flexural) that make up the yield 

and plastic displacement capacities in Sections 2.5.1 and 2.5.2, the shear deformation expression 

(Equation 2.46) requires a corresponding curvature.  The curvatures of the RC wall can be calculated, 

for instance, using a moment-curvature analysis (or section analysis).  However, the curvatures must 

correspond to material strains in the concrete and reinforcing steel, which in turn link to “performance 

levels” and an expected amount of damage.  This is discussed in the next section. 

2.5.5 Performance Levels and Strain Limits 

Performance objectives for the seismic design of RC buildings are now commonly used 

internationally, particularly in regions of high seismicity.  This involves linking the expected 

performance of a building to the expected intensities of seismic ground motions (SEAOC, 1995).  As 

the intention of this research is to assess rather than design, the “performance levels” that are linked to 

the seismic performance objectives are used to indicate the seismic behaviour of a building for a given 

level of intensity earthquake event.  The three different performance levels used to assess the 

buildings of this thesis will be “Serviceability”, “Damage Control” and “Collapse Prevention”, 

following the similar classifications established in Priestley et al. (2007).  Each of these performance 

levels will be defined later in this section in relation to non-ductile walls. 

A set of engineering demand parameters must be defined in order to portray the different 

performance levels and corresponding structural damage and these will ultimately be used to assess 

buildings.  For reinforced concrete (RC) structures, it is common to have the maximum tensile and 

compressive strain values representing the engineering demand parameters (Almeida et al., 2016).  

For example, different compressive (concrete) and tensile (steel) strain values have been 

recommended in Priestley et al. (2007) to represent when the different performance levels that are 

reached in RC walls.  However, these strain values have been provided for well confined reinforced 

concrete sections that are representative of the typical designs in high seismic regions.  Therefore, the 

critical strain values for the different performance levels given in Priestley et al. (2007) for well 

confined concrete have been modified for use in assessing the performance of walls with the non-
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ductile detailing that has been commonly used in Australia.  For well-confined concrete the transverse 

ties (horizontally) and longitudinal reinforcement (vertically) are closely spaced; not only is a higher 

concrete axial strain acceptable at performance levels such as Damage Control and Collapse 

Prevention, but also the longitudinal bars are well restrained and are less likely to buckle when the 

outer concrete spalls off.  For the purpose of the studies in this thesis, strain limits have been chosen 

for the concrete and steel at each of three main structural performance limit states (or levels); these are 

given below in Table 2.18. 

Given the lack of experimental data on the cyclic behaviour of non-ductile walls, conservative 

material strain limits have been chosen here.  Another reason for choosing conservative material strain 

limits is that the walls typically act as the primary lateral force-resisting system, and failure or 

softening of these walls could lead to unexpectedly high displacements being experienced by the 

secondary RC “gravity” frames which are poorly detailed. 

Consideration has been given to the brittle nature of possible failure modes such as bar 

buckling, out-of-plane buckling of walls, concrete crushing and low-cycle fatigue of bars, which can 

occur ‘at levels of tensile strain significantly below εsu’ (Priestley et al., 2007).  The author has had 

some deliberations with regard to the strain values that are appropriate for the different performance 

objectives for unconfined reinforced concrete walls (Hoult, Goldsworthy, et al., 2014; Hoult et al., 

2015).  The Serviceability and Damage Control strain limits in the concrete and steel correspond to 

the limits recommended in Tsang et al. (2016) for “Slight” and “Moderate” damage in reinforced 

concrete buildings for Australia respectively. 

Table 2.18 Strain limits corresponding to performance levels 

Structural Performance Limit State (Unconfined) Concrete Strain (%) Steel Strain (%) 

Serviceability 0.1 0.5 

Damage Control 0.2 1 

Collapse Prevention 0.3 5 
 

A description of the primary performance levels and the reasons for limiting the strains in the 

steel and concrete are given below. 

 Serviceability (εc=0.001 and εs=0.005): The concrete stress-strain curve is close to linear and 

steel strains are limited to twice the nominal yield value such that the residual crack widths 

are small. 

 Damage Control (εc=0.002 and εs=0.01): Concrete is now in the non-linear range but there is 

a low expectation of spalling.  A small margin is given against spalling, which is typically 

expected at an unconfined concrete strain of 0.003.  Steel strains are sufficiently low so that 

repair is inexpensive.  Moreover, there is low likelihood of low cycle fatigue or of out-of-
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plane buckling on load reversal.  Some cracking and damage might be expected with the 

limiting strain values of 0.2% and 1% for the concrete and steel at this performance level; this 

is justified in Priestley et al., (2007), where steel strains several times the yield strain (εsy ≈ 

0.0025) can be ‘sustained without creating damage requiring repair’.  Furthermore, the 

damage can be considered ‘acceptable’ if the cost is considerably less than the cost of 

replacement (e.g. wide, residual cracks that require injection grouting) (Priestley et al., 2007). 

 Collapse Prevention (εc=0.003 and εs=0.05): Concrete is on the verge of spalling and has 

reached close to its ultimate capacity.  It is acknowledged that this concrete strain represents a 

conservative value for the likelihood of concrete crushing.  However, given that a greatly 

reduced lateral stiffness of the walls could lead to failure of poorly detailed “gravity” frames 

in the building, it was decided that an unconfined concrete strain of 0.003 would be used to 

coincide with the Collapse Prevention limit state.  Steel strains are limited to prevent collapse 

due to low cycle fatigue (due to inelastic cycles in main event plus aftershocks) and out-of-

plane buckling on reversal of load.  This has been calculated as 0.6εsu as per the 

recommendations by Priestley et al. (2007), where εsu has been taken as an approximate mean 

value given in Menegon et al. (2015) for D500N bars.  A more conservative value could be 

warranted for the reinforcing steel in design, such as 0.03, which corresponds to 0.6 of the 

nominal uniform elongation strain for N-type reinforcing steel (Standards Australia/New 

Zealand, 2001).  For example, the limiting strains for the steel of 0.02 and 0.03 have been 

recommended in Tsang et al. (2016) to represent Performance Level 3 (“Extensive Damage”) 

and Performance Level 4 (“Complete Damage”) respectively. 

 

2.6 Seismic Assessment 

Two of the most widely used methods for the seismic analysis and assessment of a building or 

structure are the Dynamic Time-History Analysis (DTHA) method and the Capacity Spectrum (CS) 

method, both of which are discussed in this section.  Once the building has been assessed, 

vulnerability functions can be derived, which give the probability of a structure reaching or exceeding 

a given limit state for a level of earthquake intensity.  The method of deriving these functions is also 

discussed in the following sections. 

2.6.1 Nonlinear Dynamic Time-History Analysis 

The most accurate method for seismic analysis is the non-linear Dynamic Time-History 

Analysis (DTHA) (Causevic & Mitrovic, 2011).  The method imitates the dynamic response of a 

multi-degree-of-freedom (MDOF) structure using time-history records (earthquake ground motions).  

In comparison to static methods of analysis, the DTHA method has the potential of providing more 



89 
 

accurate predictions of the displacement demand of a structure.  The ground motions are applied to 

the structure in the form of a time-history analysis.  The structure can be represented by either a 

single-degree-of-freedom (SDOF) system or multi-degree-of-freedom (MDOF) system, the latter of 

which allows the contribution of higher mode effects.  For a SDOF system, Equation 2.47 gives the 

expression of motion for time-history analysis. 

��̈(�) + ��̇(�) + ���(�)� = −��̈�(�) 2.47 

where �̈(�), �̇(�) and �(�) are the resulting acceleration, velocity and displacement respectively for a 

SDOF system at a given time t.  The �̈�(�) term is the input acceleration, m is the mass of the system, 

ζ is the viscous damping coefficient and k(t) is the stiffness of the system at a time t.  The force-

displacement relationship F(x(t)) of the SDOF system can be expressed using Equation 2.48, based on 

the first principles of Hooke’s law. 

���(�)� = �(�)�(�) 2.48 

 The numerical time-stepping method from Chopra (2011) can solve the equation of motion 

(Equation 2.47).  It should be noted that for MDOF systems and depending on the corresponding 

number of degrees, some of the parameters above (e.g. stiffness k) are in the form of matrices. 

In the case of a non-linear system, which is typical for assessing RC structures, the stiffness 

of the system k(t) is updated with time in a non-linear time-history analysis.  As discussed in Chopra 

(2011) and Clough and Penzien (1993), the Rayleigh damping model is commonly used in obtaining 

the amount of viscous damping, expressed with Equation 2.49.  Equivalent viscous damping values 

commonly vary from 1% to 8% (SeismoSoft, 2016b), which are highly dependent on many things, 

such as the materials, non-structural elements and period (Wakabayashi, 1986). 

� =  ��� +  ��� 2.49 

where the coefficients a0 and a1 are obtained through calibration with respect to two quantified natural 

frequencies (e.g. ωm and ωn) or modes of the system, as illustrated in Figure 2.46. 
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Figure 2.46 Rayleigh damping model (Clough & Penzien, 1993) 

Many computer programs are readily available in applying the DTHA calculations described 

above to entire buildings, such as SeismoStruct (SeismoSoft, 2016b).  The verification report 

(SeismoSoft, 2016c) has many examples where SeismoStruct has been able to produce accurate 

results in comparison to large scaling testing and applying DTHA.  This includes the large-scale 

testing of a RC shear wall from Panagiotou et al. (2010). 

  There are some inconsistencies with regards to the number of ground motions required by 

different guidelines and codes that recommended or allow the use of DTHA.  Mehdipanah et al. 

(2016) discuss some concerns with the issue of inconsistencies by comparing the minimum 

requirements according to different codes and guidelines.  For example, FEMA 356 (FEMA, 2000) 

and Eurocode 8 (Eurocode, 2004) only require a minimum of three sets of acceleration time-histories 

to analysis a structure.  Whereas, the National Institute of Standards and Technology (NIST) 

(Venture, 2011) recommend seven sets of records be used if the average maximum response is to be 

calculate, otherwise a minimum of thirty ground motions are to be used for sufficiently deriving 

vulnerability functions.  Moreover, there is also a lack of consensus in the earthquake engineering 

community on the appropriateness of selecting and scaling the ground motions for assessing a 

building using DTHA (Haselton et al., 2012).  One of the current scaling techniques involves 

calculating the square-root-of-sum-of-squares (SRSS) such that the resulting average spectral 

acceleration (SaSRSS) value exceeds the target spectrum for the period range of interest (Haselton et al., 

2012).  This is utilised by the Pacific Earthquake Engineering Research (PEER) Centre’s ground 

motion database (PEER, 2016) for scaling records to best match a user input target spectrum.  

Haselton et al. (2012) recommends a period range of 0.2T1,min to 2T1,max for scaling ground motions 

and for shear wall buildings, where T1,min and T2,max are the lesser and greater of the estimated ‘first 

mode translational periods in the two directions’. 
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 The DTHA method overall provides better estimations of the seismic demand imposed on 

structures, particularly for when taller structures exhibit higher mode effects, the ductile behaviour of 

the structure is to be significant or when building irregularities result in a torsional response 

(Lumantarna, 2012).  However, this analysis method is generally quite complex and computationally 

expensive.  Therefore, the simplified Capacity Spectrum method may be useful in assessing a 

structure. 

2.6.2 Capacity Spectrum Method 

The Capacity Spectrum (CS) method was first developed by Freeman et al. (1975), Freeman 

(1978) and Freeman (1998) and has gained a considerable amount of popularity internationally for 

assessing a building for seismic loading (Wilson & Lam, 2003).  This is primarily due to its simplicity 

in comparison to the more rigorous, time consuming and computationally expensive method of 

DTHA, discussed in the previous section.  The method typically involves comparing the capacity 

curve of a structure to the seismic demand in the format of an acceleration-displacement response 

spectrum (ADRS).  This method is illustrated in Figure 2.47, which shows the plotted capacity curve 

for a generic structure compared to the demand curve in the format of an ADRS for a given return 

period earthquake.  The “performance point” (or “demand point” in Figure 2.47) is the location on the 

graph at which the two curves intersect (with the same effective damping), which provides an 

estimation of both the inelastic acceleration and displacement demand of a structure for a given 

earthquake.  More recently, a Generalised Force Method has been proposed (Lam, Wilson, et al., 

2016), which uses the capacity spectrum method but differs from deriving the capacity of the structure 

from the “code lateral force method”; as discussed in Lam et al. (2016), ‘the natural period of 

vibration of the building need not be pre-determined as calculated from the analysis procedure based 

on the given mass and stiffness properties of the building’.   

Limitations of the Capacity Spectrum method include the idealisation of MDOF to SDOF, 

which (as previously discussed) is potentially not suitable for some tall or irregular structures where 

higher mode effects can be substantial.  There have been some proposals for modifications of the 

method to include higher mode effects (Bracci et al., 1997; Gupta & Kunnath, 2000; Humar et al., 

2011; Paret et al., 1996).  Another limitation of the CS method is the inherent belief that the seismic 

deformation of an inelastic SDOF system can be reasonably estimated by using an equivalent linear 

SDOF system.  This estimation then requires an iterative process of varying the equivalent viscous 

damping to ultimately avoid the dynamic analysis of the inelastic SDOF (or MDOF) system (Chopra 

& Goel, 1999).   

However, for regular buildings of limited height, the CS method can be ‘the most economical 

solution at the moment’ (Causevic & Mitrovic, 2011) and is used in a range of seismic risk 
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assessment programs (FEMA, 2010; Robinson et al., 2005).  It has also been implemented in a 

number of different international seismic design codes (ATC, 1996; Eurocode 8, 2004; FEMA, 2005). 

 

Figure 2.47 The capacity spectrum method (Chopra & Goel, 1999) 

The capacity curve for a building can be obtained from a non-linear pushover analysis (POA) 

(or inelastic static pushover analysis), which involves ‘applying a predefined lateral load pattern’ 

distributed over the height of the building (Mwafy & Elnashai, 2001).  The load pattern typically 

corresponds with the ‘design code’ pattern for first mode analysis, which can be represented by an 

inverse triangular distribution over the height of the building.  This load distribution is similar to what 

is currently prescribed in AS 1170.4:2007 for the equivalent linear analysis.  Research results from 

Mwafy and Elnashai (2001) showed that the differences between applying a “design code’” load 

pattern compared to the load pattern derived from multi-modal analysis was very small, deeming the 

inverse triangular distribution to be acceptable.  The forces that are applied to the building are then 

incrementally increased by a constant proportion, with the top of the building being controlled by 

displacement until a particular performance is reached (i.e. strain limit reached within the elements at 

the base of a wall in the extreme tension and compression fibres).  The result from the POA will give 

the strength of the building in terms of base shear (Vb) as a function of top wall displacement.  To 

convert the capacity curve into ADRS format, Equation 2.50 can be used to find the acceleration 

capacity (RSA). 

��� =  ��/�� 2.50 

where me is the effective mass (me) of the structure, typically calculated with Equation 2.51: 
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�  2.51 

where mj and δj correspond to the mass and deflection at floor j respectively. 

As noted by Wilson and Lam (2003), the me is typically 70-90% of the total mass of the 

structure.  Moreover, the me can be taken as 70% of the total mass, as recommended by Priestley et al. 

(2007) for multi-story cantilever wall RC buildings with equal masses at each level. 

The displacement at He is the effective displacement (δeff) of the structure, which can be 

calculated using an equivalent point load force acting at He that coincides with the triangular 

distribution of seismic loading, illustrated in Figure 2.48.  The δeff can also be calculated using 

Equation 2.52: 

���� =
∑ �� ��

�

∑ ����
=

∑ �� 
�

��
 2.52 

 

Figure 2.48 RC wall with (a) triangular distribution and (b) point load 

The effective period (Te) of the structure can also be calculated from these values, as shown in 

Equation 2.53.  The Te can be calculated for each of the different displacements that correspond to the 

performance levels (and strain limits) given in Section 2.5.5. 

a) 

b) 



94 
 

�� = 2��
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 2.53 

where Ke is the effective stiffness, which can be calculated using Hooke’s Law (Ke = Fe/δeff).  The 

base shear at the effective displacement (Fe) is used in the calculation for the effective stiffness. 

Instead of conducting a POA, the force-displacement (capacity curve) relationship of a 

building can be estimated from the equations for displacement using the plastic hinge analysis (PHA) 

method.  These equations have previously been introduced in Section 2.5 for both rectangular and C-

shaped walls respectively.  Wibowo et al. (2013) suggests that the capacity curves derived for lightly 

reinforced concrete walls can be used with the CS method.  However, it is recommended that only 

“first mode response” buildings, such as low-rise and mid-rise structures, have capacities derived 

from a PHA.  This is due to the potential of higher mode effects of the structure (instead of just first 

mode response), which is not captured from a PHA or a POA using a triangular or first-mode 

distribution of forces and can be particularly important for high-rise structures.  Mehdipanah et al. 

(2016) found that a ‘generalised lateral force method’ was robust in comparison to the results using 

response spectrum analysis for a large range of asymmetric RC buildings less than 30 metres in 

height.  Therefore, it is suggested for the purposes of the proposed study in this thesis that the 

buildings be restricted to 12-storeys in height (e.g. for “High-Rise” buildings) if the structures are to 

be idealised using the PHA or POA. 

Furthermore, the proposed assessment procedure in Chapter 6 that utilises the CS method to 

ultimately assess a structure uses a relationship between the calculated displacement ductility (μ) and 

equivalent viscous damping (ξeq) to modify the elastic acceleration and displacement demand spectra.  

This is to overcome one of the limitations of the CS method discussed previously in this Section.  The 

damping is the sum of the elastic (ξel) and hysteretic (ξhyst) damping, given in Equation 2.54 from 

Priestley et al. (2007) for RC cantilever wall structures. 

��� = ��� + ����� = 0.05 + 0.444 �
� − 1

��
� 2.54 

The ξeq is found for each of the corresponding displacements at the limit states.  The spectral 

reduction factor (Rξ) is then calculated using Equation 2.55, which has been adopted from the 

recommendations by Priestley et al. (2007) without considerations of forward directivity velocity 

pulse characteristics. 

�� = �
0.07

0.02 + ���
�

�.�

 2.55 
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Thus, the equivalent elastic spectral displacement capacity (Δcap.el) for each of the 

performance levels is found using Equation 2.56. 

∆���,��=  ∆���/�� 2.56 

where Δcap is the displacement capacity of the building corresponding to one of the performance 

levels. 

The CS method, derived from PHA, will ultimately be used for a large range of different 

buildings to derive vulnerability functions. 

2.6.3 Vulnerability functions 

The cumulative probability of a building reaching or exceeding a specified performance level 

(Section 2.5.5) for a given intensity measure (IM) or engineering demand parameter, such as peak 

ground velocity (PGV), is a function of the structures vulnerability.  The vulnerability function, which 

is also loosely referred to as a fragility curve (or function), commonly conforms closely to a 

lognormal function.  This implies that the intensity values of the ground motions that cause a 

particular building to reach or exceed a given performance level (e.g. Collapse Prevention) are 

lognormally distributed, which is a reasonable assumption as has been confirmed in a number of 

observed cases according to Baker (2015).  Previous research has shown that vulnerability functions 

can effectively quantify the seismic vulnerability of structures (Aslani & Miranda, 2005; Brown & 

Lowes, 2007; Gulec et al., 2010; Pagni & Lowes, 2006; Sengupta & Li, 2016). 

Fragility curves are useful for risk assessments; they are used by insurance companies and 

implemented in loss estimation software such as EQRM (Robinson et al., 2005) from Geoscience 

Australia, which uses methodology based on HAZUS (FEMA, 2010) from the Federal Emergency 

Management Agency.  However, building and construction codes of practice internationally can differ 

quite significantly in comparison to the Australian Standards, particularly with seismically active 

regions and the United States where the HAZUS (FEMA, 2010) methodology is utilized.  This might 

not make it viable for loss methodology and risk assessments carried out in Australia to adopt other 

models and values of capacity parameters, such as those from HAZUS (FEMA, 2010), that have been 

developed in regions where the building codes differ significantly.  This is also discussed in Edwards 

et al. (2004), where the authors revised some of the parameters from HAZUS to better reflect the 

Australian building stock using the damage data available from the Newcastle earthquake in 1989.  It 

was found in Edwards et al. (2004) that the United States building stock tended to be ‘much less 

vulnerable than the corresponding Australian construction’.  However, these parameters were only 

revised for residential structures, whereas the focus of this research is commercial and residential RC 

structural wall buildings.  Although HAZUS (FEMA, 2003) have building parameters for “Pre-Code” 
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buildings, which correspond to structures that have not been seismically designed, it is possible that 

the findings from Edwards et al. (2004) will also hold true for the comparisons made from the 

fragility curves derived from generic building parameters provided by HAZUS (FEMA, 2003) to 

curves derived from an extensive number of capacity curves that better reflect the RC structural wall 

building stock in Australia.  This is primarily because of the potential for a single-crack failure to 

occur in lightly reinforced concrete walls.  This type of failure is thought to drastically decrease the 

displacement capacity of such walls, and this has not been directly considered in previous loss 

methodologies such as HAZUS (FEMA, 2003).  Therefore, for the proposed research, force-

displacement relationships will be derived from plastic hinge analyses (Section 2.6.1 and 2.6.2), rather 

than from generic building parameters. 

The lognormal cumulative distribution function is calculated using Equation 2.57 (Baker, 

2015): 

�(��|�� = �) =  � �
ln �

�
�

�

�
� 2.57 

where P(di|IM = x) is the probability that a ground motion, or intensity, with IM = x will cause the 

building to reach a particular damage state (di), σ is the standard normal cumulative distribution 

function, θ is the median or the IM level with a 50% probability of reaching the damage state, and β is 

the standard deviation of ln(IM). 

A reasonable approximation is typically made for the median (θ) and standard deviation (β) in 

order to calculate the normal distribution value for a given IM value.  These values are then varied to 

provide the best fit to the data using the calculations below.  

As explained in Baker (2015), deriving fragility curves from the multiple stripe analysis 

(MSA) approach is ideal when a selected number of ground motions have been chosen to represent a 

specific site and IM level.  This is equivalent to what is proposed with the study for this research; to 

derive fragility curves of the RC structural wall building stock of Australia using a site-specific study 

(e.g. Melbourne).  The study will use a range of ground motions that are representative of Australia; 

reverse fault events that are less than a maximum magnitude of 7.5 (Section 2.2).  The MSA approach 

is ideal for the dataset that will be used for the proposed study, as the ‘analysis need not be performed 

up to IM amplitudes where all ground motions cause collapse’ (Baker, 2015).  This is illustrated in 

Figure 2.49(a), were the IM is given as a function of the “Peak Story Drift Ratio”.  In this example, if 

the drift ratio is larger than 0.08, the structure is deemed to reach the “collapsed” state.  The fraction 

of collapses for the given IM value is plotted in Figure 2.49(b) with the fitted fragility curve using the 

MSA approach. 
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Figure 2.49 (a) IM and Peak Story Drift Ratio and (b) Observed fractions of collapse with fragility curve 
estimation 

The method of calculating fragility curves using the MSA approach from Baker (2015) is 

given below.  Following this, the same calculations are given in the form of the functions that are 

available in Microsoft Excel, with an example of how these expressions and functions can be applied. 

At the intensity level IM = xj, the structural analysis procedure will produce a number of 

results indicating that the building has reached or exceeded a given performance level (e.g. Collapse 

Prevention) for a given number of ground motions used.  A binominal distribution is used to calculate 

the probability of observing zj collapses out of nj ground motions IM = xj: 

���� ��������� �� �� ������ �������� = �
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 2.58 

where pj is the ‘probability that a ground motion with IM = xj will cause collapse of the structure’ 

(Baker, 2015). 

The “maximum likelihood approach” will identify the fragility curve parameter values (θ and 

β) that produce the highest probability of the data from structural analysis.  The product of the 

binomial probabilities (Equation 2.58) for each IM level used gives the likelihood for the entire data 

set (Baker, 2015): 
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 2.59 

where ‘m is the number of IM levels and Π denotes a product over all levels’ (Baker, 2015). 

 Equation 2.57 is then substituted for pj, such that the fragility curves parameters are explicit in 

the likelihood function: 

a) b) 
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By maximising this likelihood function (Equation 2.60), estimates of the fragility curve 

parameters (θ and β) can be obtained.  However, Baker (2015) suggests that it is ‘equivalent and 

numerically easier to maximize the logarithm of the likelihood function’, which results in Equation 

2.61.  An example of a fragility curve derived using Equation 2.61 is given in Figure 2.49(b). 
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It should be noted that in the case of many buildings being assessed as opposed to just one 

structure, as will be the case for the proposed study in Chapter 6, the same calculations conducted by 

Shinozuka et al. (2001) for preparing the data used for the cumulative binomial distribution will be 

adopted here for the MSA approach described above. 

 The following is an example of how the MSA approach can be applied in Microsoft Excel to 

derive fragility curves.  The results of the seismic assessment for a prototype mid-rise building using 

different IM ground motion levels (PGV used here) has resulted in the number of analyses (N) and 

number of collapses (C) given in Table 2.19.  Furthermore, in this table the P( C | IM = x) is 

calculated with Equation 2.57 or with the Microsoft Excel function NORMDIST[ LN(PGV) , LN(θ) , 

β , TRUE ]; B is the theoretical fragility curve in Equation 2.60 calculated with the Microsoft Excel 

function BINOMDIST[ C , N , P( C | IM = x), FALSE ] and LL is the (natural) Log Likelihood, 

calculated in Microsoft Excel as LN[ B ].  The values in Table 2.19 are firstly calculated assuming 

initial (reasonable) values of θ and β (e.g. 50 mm/s and 0.5 respectively); the C / N column in Table 

2.19 is useful for estimating the initial θ value.  The θ and β values are manipulated such that the sum 

of the values given in the LL column in Table 2.23, which corresponds to Equation 2.61, is a 

maximum.  An efficient method of achieving this is by using the “SOLVER” function in Microsoft 

Excel, which can automate the iterative process to find the most appropriate values of θ and β.  In this 

example, the resulting θ and β values were 62.35 mm/s and 0.82 respectively, and the fragility curve 

can be calculated using Equation 2.57 or the NORMDIST function in Microsoft Excel for a given 

range of IM values.  The resulting function is illustrated in Figure 2.50, where the fraction of analyses 

causing collapse ( C / N ) is also superimposed in the figure. 
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Table 2.19 Example fragility curve data 

PGV (mm/s) N C C / N P(C|IM=x) B LL 

10.4 190 0 0.000 0.014 0.066 -2.721 

12.4 9 0 0.000 0.024 0.801 -0.222 

15.3 71 4 0.056 0.043 0.176 -1.736 

23.5 13 1 0.077 0.117 0.342 -1.074 

32.9 71 21 0.296 0.217 0.031 -3.459 

33.2 51 6 0.118 0.221 0.028 -3.590 

44.9 71 38 0.535 0.344 0.000 -7.780 

47.9 9 4 0.444 0.373 0.237 -1.441 

61.4 18 4 0.222 0.493 0.013 -4.308 

79.8 18 7 0.389 0.619 0.027 -3.595 

102.1 13 9 0.692 0.726 0.226 -1.489 

134.7 51 41 0.804 0.826 0.128 -2.057 

 

 

Figure 2.50 Example fragility curve 

In 2014, Geoscience Australia (GA) released a report of the southeast Asian regional 

workshop on structural vulnerability models for the Global Risk Assessment (GAR) project (Maqsood 

et al., 2014).  This report included fragility curves for several different classifications of structures 

subjected to earthquakes.  The fragility curves were derived by 12 of the 27 sub-workshop 

participants, which involved representatives from the UN, government research agencies, academia, 

the insurance industry and specialist consultancies.  A single vulnerability curve was calculated 

through different weightings that were nominated by the workshop team for each of the contributions 

and sources.  The fragility curves for low-rise (C2L), mid-rise (C2M) and high-rise (C2H) RC shear 

wall low resistance buildings are given in Figure 2.51, Figure 2.52 and Figure 2.53 respectively.  It 

should be noted that “low resistance” buildings, as classified in Maqsood et al. (2014), are 

‘compatible with low local seismicity with a bedrock PGA <=0.1g with increasing variability of 
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performance in an urban population of buildings’.  Furthermore, no “low resistance” fragility curve is 

provided in Maqsood et al. (2014) for C2H buildings.  Thus, the “medium resistance” curve has 

instead been adopted in Figure 2.53. 

 

Figure 2.51 Fragility curves for C2L low resistance buildings (Maqsood et al., 2014) 

 

Figure 2.52 Fragility curves for C2M low resistance buildings (Maqsood et al., 2014) 
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Figure 2.53 Fragility curves for C2H medium resistance buildings (Maqsood et al., 2014) 

  

2.7 Summary 

Poor performance of lightly reinforced concrete walls was observed in the 1985 Chile and 

2011 Christchurch earthquakes.  In some cases, a single, primary crack formed at the base of these 

walls, which corresponded to a concentration of the tensile strains in the longitudinal reinforcing steel 

that crossed this crack, resulting in rupturing of the bars and onset of a non-ductile, brittle failure.  

This is a concern for Australia and other low-to-moderate seismic regions, where many reinforced 

concrete buildings use lightly reinforced walls as the primary lateral load resisting elements. 

CERC 2012) suggest a rationale which explains why secondary cracks occur, and also 

estimates when a primary crack is predicted to form. A minimum longitudinal reinforcement ratio can 

be derived directly from this rationale. However, there is a need for an in-depth study to investigate 

the validity of the theory. The suggestion by SESOC 2011b) to increase the ρwv using Equation 2.3 is 

potentially appropriate since it reflects the expected increase of the 28-day specified concrete strength 

with time; however further research is needed to investigate if this recommended minimum is robust.  

The issue of no analytical evidence for the minimum reinforcement ratio recommended by SESOC 

(2011b) was also raised by Morris 2015). 

The seismic history of Australia has provided evidence to suggest that large magnitude 

earthquake events can occur in Australia with similarities to the February 22nd, 2011 earthquake in 

Christchurch which devastated that city.  Some of the populated centres of Australia have known 

active faults at close proximity to these cities.  However, there are some discrepancies in the level of 

seismic hazard in different regions of Australia estimated by different researchers.  Some of the 

variation can be attributed to the different earthquake recurrence models and GMPEs used in deriving 
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the seismic estimates from a PSHA.  However, there does appear to be some consistency among the 

same researchers with regards to the prediction of higher seismic hazard for larger return period 

earthquake events in Australia in comparison to the current AS 1170.4:2007 (Standards Australia, 

2007). 

The damage distribution from the Newcastle earthquake in 1989 was found to be controlled 

mainly by the buildings’ age and construction type rather than site class.  Moreover, the number of 

badly damaged structures on rock sites was higher than expected.  The current spectral shape factors 

used in AS 1170.4:2007 have been derived primarily from a study that used old earthquake records 

from California higher than Mw 6, and sometimes greater than the Mw 7.5, which some consider to be 

a maximum magnitude earthquake in Australia.  Furthermore, many of the recordings were from 

strike-slip earthquakes, which is a faulting type are not common to Australia and other low-to-

moderate seismic regions.  Recent research has also indicated that the site amplification is not only 

dependent on the rigidity of the soil column but the intensity of the earthquake ground motions. 

There is a paucity of experimental research on the seismic performance of lightly reinforced 

rectangular walls.  Some recent experimental testing has been conducted on a limited number of these 

types of walls, which have indicated the potential for the concentration of strains located at a single 

crack at the base of the wall.  Furthermore, there has been no experimental testing on non-rectangular 

reinforced concrete walls, such as C-shaped, with detailing commonly found in Australia and other 

low-to-moderate seismic regions.  The C-shaped walls that have been experimentally investigated 

typically have had confined boundary regions, thought be some researchers to be crucial for a ductile 

performance of the wall. 

There are an abundant number of equations that exist in the literature for determining the 

seismic capacity of reinforced concrete walls using a plastic hinge analysis, primarily due to flexure 

and shear.  However, the great majority of these equations have been derived from numerical or 

experimental research on walls (or other reinforced concrete elements) with detailing common to high 

seismic regions.  Therefore, it is not known whether these equations are applicable for predicting the 

displacement capacity of lightly reinforced and unconfined RC walls. 

 While the nonlinear dynamic time-history analysis is considered to be the most accurate and 

robust method for seismic analysis, the method is time consuming.  On the other hand, the capacity 

spectrum method can readily provide estimates of the seismic vulnerability of a structure. 
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Chapter 3 Seismic Demand in Australia 

The intention of this Chapter is to establish better estimations of the seismic hazard for 

different regions in Australia.  Probabilistic Seismic Hazard Analyses (PSHA) have been conducted 

using the AUS5 earthquake recurrence model for Australia, which provides estimates of the seismic 

hazard in the form of acceleration (and displacement) response spectra for a range of return periods.  

The seismic hazard results from the PSHA are compared to the current AS 1170.4:2007 and those 

recommended by Geoscience Australia.  An estimation of the site conditions including the average 

shear wave velocity of the upper 30 metres of a site, at the location of many seismometers throughout 

south east Australia has been made using borehole records, soil classification maps, shear wave 

velocity profiles and (in one case) using the Horizontal-to-Vertical Spectral Ratio method.  The 

seismic attenuation in southeast Australia has been evaluated by comparing the available strong-

motion data from a range of similar events to the estimates made by potentially applicable Ground 

Motion Prediction Equations (GMPEs), and this comparison will be useful for future PSHA studies.  

Furthermore, an extensive study is undertaken to investigate the site amplification when different soil 

classes with varying depths are subjected to a range of earthquake intensities that are consistent with 

rare to very rare events in low-to-moderate seismic regions. 

This Chapter will ultimately provide more realistic seismic demand information than the 

current Earthquake Actions code, and this information will be suitable for use in the formulation of 

seismic vulnerability functions for RC structural wall buildings in Australia. 

 

3.1 Probabilistic Seismic Hazard Analyses 

The probability of a particular earthquake intensity being exceeded for a given location and 

time recurrence can be derived from a Probabilistic Seismic Hazard Analysis (PSHA) (Cornell, 1968).  

A typical output of a PSHA is the estimated acceleration (and displacement) response spectra for a 

range of return periods (or annual frequency of exceedance). 

Baker 2008) describes the steps that are involved in the PSHA process as summarised below: 

 Classify all of the potentially damaging seismic sources 

 Characterise the rates of seismic events and corresponding various magnitudes 

 Allocate and characterise the different source-to-site distances 

 Estimate the resulting ground motion intensity (e.g. peak ground accelerations) depending on 

the type of seismic event (e.g. magnitude, distance) 

 The total probability theorem is used for calculating the uncertainties associated with the 

event (magnitude, distance) and also the ground motion intensity. 
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Some of these steps, especially in a region of low to moderate seismicity, require subjective 

decisions to be made, and the output can differ considerably depending on the earthquake recurrence 

model used.  For example, as discussed in Section 2.2.4, the author was involved in a sensitivity study 

(Leonard et al., 2014) which investigated the seismic hazard results obtained by incorporating 

different earthquake recurrence models for Australia in PSHAs.  The city of Adelaide was chosen for 

the study since it is considered to be one of the most seismically vulnerable cities in Australia due to 

the proximity of active faults.  The results from the study showed a large variance in the estimation of 

peak ground acceleration (PGA) for a 500-year return period event in Adelaide, with values ranging 

from 0.059g to 0.109g.  This variation of seismic hazard was observed to primarily be a function of 

the different earthquake recurrence estimations, how faults are included in the models and, 

importantly, the choice of ground motion prediction equation (GMPE).  Therefore, the choice of 

earthquake recurrence model and inclusion of faults are discussed in Section 3.1.1, while the chosen 

parameters and GMPEs for the different regions of Australia are discussed in Section 3.1.2. 

3.1.1 AUS5 model 

The AUS5 earthquake recurrence model, developed by Brown and Gibson 2004), assumes a 

relationship between the current seismicity and the geology together with the past and present 

tectonics.  Many earthquake recurrence models assume uniform seismicity over large areas, and they 

tend to give a much lower hazard for “active” regions compared with models that are based on known 

seismicity.  In contrast, earthquake recurrence models that assume that the future seismic activity will 

only occur where known past earthquakes have occurred will give a wide range of hazard in different 

locations.  The AUS5 model, with ‘source zones of dimensions tens to hundreds of kilometres’ and 

with smoothed seismicity, lies in between the two extremes (Gibson & Dimas, 2009).  The 

seimotectonic model is multilayered, which makes it possible to gather information about the seismic 

hazard of the location from more than one layer.  Importantly, the approach used in AUS5 is that the 

‘area sources are exclusively used in regions where no identified active neotectonic faults are 

incorporated into the model’ (Dimas et al., 2016).  A rate of activity is assigned to each of the zones, 

with the assumption that the distribution is uniform in space and time following a Guttenberg-Richter 

magnitude recurrence relationship model with a defined maximum magnitude (Mw) (Dimas & 

Cuthbertson, 2015).  A maximum Mw of 7.5 is adopted for this study given the recommendations in 

Burbidge (2012) and Clark et al. (2011).  In areas where faults are incorporated, the activity generated 

by the faults are subtracted from the total activity in the area of the respective zone.  In other words, a 

‘subtraction method’ was used for accumulating the fault and area seismicity by using a background 

source if there are faults within a specific zone (Dimas et al., 2016). 

This recurrence model has been used in past research for estimating the seismic hazard in 

various areas in Australia.  Gibson and Dimas 2009) computed the seismic hazard for the Newcastle 
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region using the AUS5 model together with an “applicable” New Generation Attenuation (NGA) 

GMPE from Chiou and Youngs 2008).  The results of this case study are in between the two 

extremes: models of “low resolution” that give ‘low to moderate hazard with little variation’ and 

models that assume that ‘future earthquake activity only occurs where known past earthquakes 

occurred’ (Gibson & Dimas, 2009).  The research from Gibson and Dimas 2009) has also highlighted 

the importance of selecting certain input parameters before conducting a PSHA, with a particular 

focus on the ‘earthquake source scale and geometry, minimum magnitude adopted, and the ground 

motion model used’.   

 The South Australian State Government recently commissioned an independent site specific 

PSHA in order to better understand the earthquake hazard for the seismic design of the New Royal 

Adelaide Hospital (McBean, 2013).  The AUS5 model was utilized by Environmental Systems and 

Services (ES&S) to ensure an accurate and updated hazard estimation was utilised, as the hospital was 

to be designed to meet the Building Code of Australia (BCA) Level 4 Criteria (Table 2.3, Section 

2.2.4) of a post disaster facility (“Collapse Prevention” for a 1500-year return period event).  The 

results from this PSHA using the AUS5 recurrence model was also used in Goldsworthy and Gibson 

2012) to investigate the performance of RC structural walls in Adelaide. 

The five layers incorporated into the AUS5 model, which are depicted in Figure 3.1, are the 

cratonic division, geological regions, geology, seismicity and active faults.  The last layer included in 

AUS5, the one for active faults, is of particular importance in differentiating this approach from some 

other recurrence models for Australia.  Estimations of the fault slip rates have increasingly been used 

to limit the earthquake recurrence in a PSHA (Pace et al., 2006), and these estimations have been 

incorporated in the AUS5 model (Brown & Gibson, 2004).  Moreover, the AUS5 earthquake 

recurrence model has continually updated the background seismicity by incorporating all recent 

seismic events throughout the country as well as the recent research on neotectonic faults and their 

estimated slips rates, such as the study from Clark et al. (2011).  This recent research is specifically 

useful for regions of low-to-moderate seismicity, such as Australia, where the seismicity is fairly 

infrequent and the timeline of historic seismic events is typically low in comparison to the return 

periods used for seismic hazard in a PSHA. 

A PSHA for some of the capital cities in Australia using the AUS5 earthquake recurrence 

model can be conducted using the EZ-FRISK software (McGuire, 1995). 
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Figure 3.1 The AUS5 recurrence model (a) Cratonic divisions (b) Tectonic boundaries (c) Structural 
boundaries [from Gibson and McCue (2001)] (d) Variations in seismicity [from Gibson & McCue (2001)] 

(e) Active faults 
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3.1.2 EZ-FRISK and Inputs 

EZ-FRISK (McGuire, 1995) is a frequently used computer program in seismology and 

earthquake engineering for carrying out PSHA studies.  The Cornell 1968) method is utilised in 

calculating the seismic hazard, while the program also relies on calculations from Youngs and 

Coppersmith 1985) for the estimation and conversions of seismic activity from slip rates of active 

faults.  Each fault is assigned a slip rate in metres per million years, which ‘either refers to the vertical 

offset rate or the horizontal offset rate’ (Dimas et al., 2016). 

The seismic hazard has been calculated using EZ-FRISK for each capital city in Australia, 

using the same latitude and longitudinal coordinates that were used to derive the hazard values from 

the 2012 Australian Earthquake Hazard Map (Leonard et al., 2013).  These values are given in Table 

3.1.  This will allow a direct comparison between the resulting hazard values and the values proposed 

by GA (Burbidge, 2012; Leonard et al., 2013).  The values currently stipulated in AS 1170.4:2007 

(Standards Australia, 2007) will also be compared with these results.  The return periods that will be 

investigated include 500, 1000, 2500 and 10,000 years.  A minimum and maximum magnitude (Mw) 

of 5.0 and 7.5 are used respectively. 

Table 3.1 Latitude and Longitude coordinates used for the position for the PSHA in each capital city 

Location Longitude Latitude 

Adelaide 138.60 -34.93 

Brisbane 153.02 -27.47 

Melbourne 144.96 -37.81 

Perth 115.86 -31.95 

Sydney 151.21 -33.87 

Canberra 149.13 -35.30 

Hobart 147.32 -42.88 
 

The selection of GMPEs representing the attenuation of the seismic waves for the different 

regions in Australia is a critical factor in the determination of the resulting seismic hazard.  As 

discussed previously in Section 2.2.5, the dataset of strong-motion earthquake events in Australia is 

insufficient to derive an accurate GMPE for the Australian conditions.  It is more appropriate to adopt 

an attenuation function that has been well developed for a region that has similar geological 

conditions to the region that is being investigated.  Furthermore, introduced in Section 2.2.5 were the 

recent developments from the 2014 NGA-West 2 GMPEs, which would most likely be applicable to 

the “Non-Cratonic” regions of Australia, as the geology of Western North America, where these 

functions were primarily derived, is similar to eastern Australia.  However, EZ-FRISK (McGuire, 

1995) version 7.62 had yet to incorporate the NGA-West 2 functions as attenuation options at the time 

of running the analyses.  An early investigation by the author on the potentially applicable GMPEs 
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(Hoult et al., 2013) found that there can be considerable discrepancies between the results obtained 

when using the various GMPEs such as those used by Geoscience Australia for the 2012 Australian 

Earthquake Hazard Map (Burbidge, 2012), particularly between the Allen (2012) and Somerville et 

al. (2009) (Non-cratonic) functions developed for Australia.  However, it was found in Hoult et al. 

(2013) that the NGA-West 1 function from Chiou and Youngs 2008) ‘generally fit in between the two 

extremes’ of the two attenuation functions that were derived specifically for Australia, which is 

illustrated in Figure 3.2 for Mw 6.5 at an epicentral distance of 35 km.  However, it should be noted 

that no strong-motion data was used (at the time) to compare the GMPEs in Hoult et al. (2013).  The 

Chiou and Youngs 2008) function has also been used in past PSHA studies to represent the 

attenuation in the “Non-Cratonic” areas of Australia (Burbidge, 2012; Gibson & Dimas, 2009; 

Goldsworthy & Gibson, 2012).  Therefore, the NGA-West 1 function from Chiou and Youngs 2008) 

was chosen as the attenuation function for the PSHA for all cities in the Non-Cratonic regions of 

Australia. 

 

Figure 3.2 Predicted acceleration response for Mw 6.5 at Rjb 35 km 

Figure 3.1(a) illustrates the simplified regions of Cratonic and Non-Cratonic Australia 

corresponding to the Western/Central Australia and Eastern Australia respectively.  Figure 3.3 

illustrates a more detailed map from Burbidge (2012) indicating the different crustal regions.  The 

cities of Perth and Adelaide are within “complicated” crustal areas of Australia, as shown in Figure 

3.3.  Furthermore, Goldsworthy and Gibon (2012) emphasise that although there are Proterozoic rocks 

(‘domain 1’ in blue, Figure 3.3) within the Adelaide region, these are primarily much younger 

(sedimentary) in comparison to the Archean Cratonic rocks of the Yilgarn (“Cratonic”).  Therefore, 

other GMPEs from the NGA-West 1 project, with an individual assigned weighting, were adopted in 

representing the attenuation in these areas.  As there is a paucity of strong-motion data in Australia to 
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validate the use of these potentially applicable ground motion models, the GMPEs for Perth and 

Adelaide were selected based on the same models that were used in Goldsworthy & Gibson (2012) for 

the Adelaide region.  The weighting of the GMPEs has been selected on the basis that the resulting 

spectra will give a response that attenuated at a reduced rate from the seismic source than, say, for 

“Non-Cratonic” regions, which is expected.  This is illustrated in Figure 3.4 for the resulting spectral 

shape from the weightings used for “Cratonic” regions of Australia compared to “Non-Cratonic” 

[corresponding to Chiou & Youngs (2008) model].  The GMPEs and weightings that will be used in 

representing the attenuation of seismic ground motions for each city region are shown in Table 3.2. 

It should be noted that the city of Darwin has been excluded from the PSHA study, as the city 

is in close proximity to plate boundaries, which creates complexity from the larger inter-plate events 

and the earthquake recurrence modelling. 

 

Figure 3.3 Different crustal regions in Australia with suspected active neotectonic faults (Burbidge, 2012) 
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Table 3.2 Ground Motion Prediction Equations used to represent the attenuation in the different regions 
where capital cities are located 

Location Ground Motion Prediction Equation/s Weight 

Adelaide Chiou & Youngs (2008) 0.5 
 

Abrahamson & Silva (2008) 0.25 
 

Campbell & Bozorgnia (2008) 0.25 

Brisbane Chiou & Youngs (2008) 1.00 

Melbourne Chiou & Youngs (2008) 1.00 

Perth Chiou & Youngs (2008) 0.5 
 

Abrahamson & Silva (2008) 0.25 
 

Campbell & Bozorgnia (2008) 0.25 

Sydney Chiou & Youngs (2008) 1.00 

Canberra Chiou & Youngs (2008) 1.00 

Hobart Chiou & Youngs (2008) 1.00 

 

 

Figure 3.4 Acceleration response prediction from the GMPEs (“Cratonic” M7R25) 

3.1.3 PSHA Results 

The seismic hazard results from the PSHA obatined using the AUS5 earthquake recurrence 

model is given in Table 3.3 as the PGA on site class Be (Vs30 = 760m/s) for return periods of 500, 

1000, 2500 and 10,000 years.  The Probability Factor (kp) for a 2500-year return period has been 

calculated from these results using Equation 3.1, and is compared to the values in AS 1170.4:2007 

(Standards Australia, 2007) and the 2012 Australian Earthquake Hazard Map (Leonard et al., 2013) in 

Table 3.4. 
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where PGARP and PGA500 are the peak ground acceleration values for a certain return period and 500-

year return period respectively. 

These findings further support the supposition that intraplate regions of low-to-moderate 

seismicity have a higher Probability Factor (kp) in comparison to the values currently stipulated in the 

Australian Standards AS 1170.4:2007.  These higher kp values in Table 3.4 are supported by many 

previous studies, such as the recent ones for regions of Australia (Lam et al., 2015; Leonard et al., 

2014; Somerville et al., 2013).  This is further illustrated in Figure 3.5(a), where the resulting kp 

values from the AUS5 PSHA study are shown for each city as a function of return period.  This figure 

can be compared to the kp values illustrated as a function of return period from GA (Leonard et al., 

2013) in Figure 3.5(b), where the resulting values are similar.  The kp values derived from AS 

1170.4:2007 as a function of return period are also superimposed in Figure 3.5(a) and Figure 3.5(b). 

Table 3.3 Hazard Factors (PGA for Vs30 = 760 m/s) obtained from the PSHA using the AUS5 model for a 
range of return periods 

 Return Period (years) 

Location 500 1000 2500 10000 

Adelaide 0.11 0.16 0.25 0.40 

Brisbane 0.05 0.08 0.15 0.31 

Melbourne 0.11 0.16 0.25 0.46 

Perth 0.06 0.08 0.12 0.21 

Sydney 0.06 0.09 0.13 0.22 

Canberra 0.12 0.17 0.26 0.43 

Hobart 0.04 0.06 0.11 0.23 

 

Table 3.4 Probability factor (kp) comparisons for a 2500-year return period 

 
Probability Factor (kp) 

Location AS 1170.4:2007 GA (2013) AUS5 (2014) 

Adelaide 1.80 2.69 2.18 

Brisbane 1.80 3.05 3.31 

Melbourne 1.80 2.62 2.36 

Perth 1.80 2.67 2.09 

Sydney 1.80 2.83 2.08 

Canberra 1.80 2.77 2.14 

Hobart 1.80 3.01 3.09 
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Figure 3.5 Probability factor values obtained from (a) the PSHA using AUS5 and (b) GA hazard map 
(Leonard et al., 2013) 

It is evident from the results given in Table 3.3 that the cities of Melbourne, Adelaide and 

Canberra are estimated to have the highest seismic demand in Australia.  These areas are more 

vulnerable to seismic events than other regions due to the close proximity of active faults.  Table 3.5 

further exemplifies the importance of such PSHA studies; the hazard values derived from the AUS5 

model are higher than what is currently stipulated in AS 1170.4:2007 for most capital cities for the 

2500-year return period.  

Figure 3.6 through to Figure 3.12 give the resulting acceleration and displacement response 

spectra for 500-year and 2500-year return periods for all cities investigated in this study using the 

AUS5 model.  Superimposed on these figures are the derived spectra from AS 1170.4:2007 for the 

two return periods.  Moreover, the acceleration spectra from Leonard et al. (2013) for Melbourne has 

been superimposed on Figure 3.8 for the range of spectral period that was available (0.01s to 1.00s).  

The acceleration response from these figures indicates, not unexpectedly, that PGA can be a poor 

indicator of the seismic demand, and it is therefore important to compare the resulting acceleration 

and displacement spectra from the different sources.  For example, while the PGA was found to be 

higher than that in AS 1170.4:2007 in the PSHA for most capital cities and for the 500-year return 

period (Table 3.5), the resulting spectral values are similar to those corresponding to the spectra in AS 

1170.4:2007, sometimes lower over a large range of spectral period. 
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Table 3.5 Comparison of Hazard Factors from was is currently stipulated in Australia, what has been 
offered by Geoscience Australia, and the results from this study 

Location Return Period (years) AS 1170.4:2007 GA (2013) AUS5 (2014) 

Adelaide 500 0.10 0.06 0.11 
 2500 0.18 0.16 0.24 

Brisbane 500 0.05 0.04 0.05 
 2500 0.09 0.13 0.15 

Melbourne 500 0.08 0.06 0.11 
 2500 0.14 0.16 0.25 

Perth 500 0.09 0.04 0.06 
 2500 0.16 0.12 0.12 

Sydney 500 0.08 0.06 0.06 
 2500 0.14 0.16 0.13 

Canberra 500 0.08 0.06 0.12 
 2500 0.14 0.16 0.26 

Hobart 500 0.03 0.02 0.04 
 2500 0.05 0.06 0.11 

 

  

Figure 3.6 (a) acceleration and (b) displacement response spectra for Adelaide 
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Figure 3.7 (a) acceleration and (b) displacement response spectra for Brisbane 

  

Figure 3.8 (a) acceleration and (b) displacement response spectra for Melbourne 
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Figure 3.9 (a) acceleration and (b) displacement response spectra for Perth 

  

Figure 3.10 (a) acceleration and (b) displacement response spectra for Sydney 

  

Figure 3.11 (a) acceleration and (b) displacement response spectra for Canberra 
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Figure 3.12 (a) acceleration and (b) displacement response spectra for Hobart 

 

3.2 Seismic Attenuation Evaluation 

The intent of this part of the research is to evaluate the GMPEs that have been used in 

previous PSHAs for Australia.  The results of this could then be used for future seismic hazard 

derivations for Australia.  To compare the different GMPE estimates to the recordings of earthquakes 

captured on some seismometer sites, the soil conditions must be known; not all seismometer sites are 

located on rock (site class Be), and thus the soil conditions need to be determined such that a 

comparison is made with an approximate amplification. 

3.2.1 Strong-motion earthquake recordings in eastern Australia 

3.2.1.1 2012 Moe earthquake 

One of the largest earthquakes in thirty years for the state of Victoria (southeastern Australia) 

occurred in 2012 near the town of Moe (Sandiford et al., 2012), within the Gippsland area that is east 

of Melbourne.  This area is renowned to be one of ‘the most seismically active areas in southeastern 

Australia’ (Brown et al., 2001).  The ML 5.4 main event on the 19th June at 20:53 Australian Eastern 

Standard Time (AEST) was felt throughout the state, causing minor damage to residential and 

commercial structures (Allen, 2012).  An isoseismal map (ES&S, 2014), showing the Modified 

Mercalli Intensities (MMI), and an intensity map from the ‘Did you feel it?’ online survey (Wald et 

al., 2011)by the USGS (2015b) of the main earthquake event is shown in Figure 3.13.  The aftershock 

sequence included almost 500 recorded events, the largest of which was of ML 4.4 (Sandiford et al., 

2012) on the 20th July at 08:39 AEST.  The intensity map from an online survey by USGS (2015a) 

and a map of the epicentral location of a number of the aftershocks are shown in Figure 3.14. 
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Figure 3.13 (a) Isoseismal map (ES&S, 2014) and (b) intensity map (USGS, 2015b) of the ML 5.4 Moe 
earthquake 

Figure 3.14 (a) Intensity map (USGS, 2015a) and (b) locations of the many aftershocks of the Moe 
earthquake 

Seven recordings of the main earthquake event have been obtained for evaluating several 

GMPEs, all instrumentation belonging to the University of Melbourne, Environmental Systems & 

Services Seismology Research Centre and Geoscience Australia.  However, due to the initiative by 

the University of Melbourne to deploy a network of temporary seismometers surrounding the 

(a) (b) 

(a) (b) 
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epicentre of the Moe earthquake, five more recordings, in addition to those from the permanent 

stations were able to capture the largest aftershock.   

The bulk of the recordings were made with University of Melbourne seismic monitoring 

instruments, acquired under the Australian Geophysical Observing System (AGOS).  The 

seismographs consisted of Guralp CMG-6TC compact seismometers and CMG-5TC accelerometers. 

Data was digitally recorded on ES&S Kelunji EchoPro at 250 Hz.  Temporary stations were placed 

around a mixed network of permanent stations in the UOM and ES&S (private) network. Geoscience 

Australia also installed five temporary stations within 40 km of the Moe epicenter.  Given existing 

interest in seismicity in South Gippsland, six seismometers were operating within a radius of 50 km at 

the time of the main event. Earthquake location was performed using the Hyp program, part of the 

Seisan earthquake tools (Havskov & Ottemöller, 2008).  Five percent damped pseudo response 

Spectral Acceleration were calculated using tools provided by Trevor Allen, formerly at Geoscience 

Australia.  Waveforms were filtered using a 4th order Butterworth filter between 0.2 – 125.0 Hz. 

Table 3.6 and Table 3.7 give the seismometer station names, locations and peak ground 

acceleration (PGA) for the main event and aftershock respectively.  Note that Rx is the horizontal 

distance from the top of the rupture plane.  Moreover, Figure 3.15 through to Figure 3.21 illustrate the 

recorded acceleration and displacement response of the Moe earthquake (main event) as captured by 

all of the seismometers given in Table 3.6. 

Table 3.6 Seismometers and locations from epicentre of the ML 5.4 Moe Earthquake 

Station Name Rx (km) Location PGA (g) 

JENM 20 38°21'2.52"S, 146°25'11.28"E 0.0310 

KORUM 38 38°24'21.60"S, 145°51'3.60"E 0.0091 

TOMM 50 37°48'32.40"S, 146°20'60.00"E 0.0794 

FSHM 60 38°45'23.40"S, 145°59'58.56"E 0.0062 

CDNM 79 37°56'49.20"S, 145°25'30.00"E 0.0249 

DROM 115 38°20'52.80"S, 144°57'36.00"E 0.0073 

S88U 240 37°10'4.80"S, 144° 3'7.20"E 0.0016 
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Table 3.7 Seismometers and locations from epicentre of the ML 4.4 aftershock 

Station Name Rx (km) Location PGA (g) 

NARR 2.6 38°14'58.45"S, 146°12'8.40"E 0.0707 

LILL 6.8 38°16'55.20"S, 146°14'49.20"E 0.1001 

CREM 12.7 38°19'40.80"S, 146°17'31.20"E 0.0326 

HOLS 20.6 38°20'31.20"S, 146° 1'33.60"E 0.0169 

JENM 22.9 38°21'2.52"S, 146°25'11.28"E 0.0053 

STGU 23.9 38° 0'50.10"S, 146°10'21.66"E 0.0353 

TOMM 48 37°48'32.40"S, 146°20'60.00"E 0.0012 

FSHM 60 38°45'23.40"S, 145°59'58.56"E 0.0039 

CDNM 75.6 37°56'49.20"S, 145°25'30.00"E 0.0133 

DROM 115 38°20'52.80"S, 144°57'36.00"E 0.0028 

S88U 240 37°10'4.80"S, 144° 3'7.20"E 0.0001 

  

Figure 3.15 Spectral (a) acceleration and (b) displacement from JENM (Mw5Rx20) 

  

Figure 3.16 Spectral (a) acceleration and (b) displacement from KORUM (Mw5Rx38) 
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Figure 3.17 Spectral (a) acceleration and (b) displacement from TOMM (Mw5Rx50) 

  

Figure 3.18 Spectral (a) acceleration and (b) displacement from FSHM (Mw5Rx60) 

  

Figure 3.19 Spectral (a) acceleration and (b) displacement from CDNM (Mw5Rx79) 
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Figure 3.20 Spectral (a) acceleration and (b) displacement from DROM (Mw5Rx115) 

  

Figure 3.21 Spectral (a) acceleration and (b) displacement from S88U (Mw5Rx240) 

 

3.2.1.2 1994 Ellalong earthquake 

To compliment the data obtained from the Moe earthquake, PGA values were adopted from 

McCue et al. (1995) from the ML 5.6 Ellalong earthquake in 1994.  The isoseismal map from 

Sinadinovski et al. (2002) of the event is shown in Figure 3.22, while the PGA data recorded on rock 

as a function of distance adopted from McCue et al. (1995) is shown in Figure 3.23. 
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Figure 3.22 Isoseismal map and MMI attenuation estimation for Ellalong earthquake (Sinadinovski et al., 
2002) 

 

Figure 3.23 Recordings of PGA as a function of distance from Ellalong earthquake (McCue et al., 1995) 

3.2.1.3 1996 Thompson Reservoir earthquake 

Allen et al. (2000) and Somerville et al. (2009) reported on the 1996 ML 5.0 “Thompson 

Reservoir earthquake”, which occurred approximately 135 km east of Melbourne.  The spectral 

acceleration (Sa) recordings at a period (T) of 0.01s (equivalent to the PGA), 0.1s and 1.0s are 

illustrated in Figure 3.24 as a function of the Joyner-Boore distance (Rjb) (Abrahamson & Shedlock, 

1997), adopted from the research in Somerville et al. (2009).  It should be noted that Somerville et al. 
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(2009) illustrated both of the north-south and east-west recordings from each seismometer, whereas 

the data shown here in Figure 3.24 is just the east-west recording.  This data was compared to the 

results obtained using a GMPE for Non-Cratonic regions (e.g. eastern Australia) with “rock” 

conditions in Somerville et al. (2009), thus it is assumed that this data was recorded on rock, although 

not explicitly stated so. 

  

 

Figure 3.24 Recordings of Thompson Reservoir earthquake for spectral period of (a) 0.01s (b) 0.1s and (c) 
1.0s (Somerville et al., 2009) 

3.2.2 Seismometer site conditions 

In order to compare the attenuation model predictions with the available seismometer data, 

information about the site conditions of the underlying soil for the individual seismometers must be 

estimated.  It estimated that all of the recordings from the 1994 Ellalong earthquake (Section 3.2.1.2) 

and 1996 Thompson Reservoir earthquake (Section 3.2.1.3) were recorded on rock.  However, for the 

majority of the seismometers that recorded the 2012 Moe earthquake event, the site conditions are 

unknown.  The shear wave velocity of the top 30 metres (Vs30) of soil is commonly used as an input 
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parameter to determine soil amplification of the response predicted by many GMPEs, including the 

Next Generation Attenuation (NGA) West 1 (and 2) functions (Walling et al., 2008).  Ideally, shear 

wave velocity profiles (Vs) of the sites of interest need to be obtained for an accurate estimate of Vs30.  

A project primarily funded by the United States Geological Survey (USGS) (Kayen et al., 2015) 

measured the Vs profile of many sites across Australia, including two sites where ES&S seismometers 

were located.  The resulting Vs profiles of the TOMM and FSHM seismometer sites from Kayen et al. 

(2015) are given in Figure 3.25, where the corresponding Vs30 values are estimated to be 710 m/s and 

865 m/s respectively.  Moreover, Kayen et al. (2015) reported a site classification for these locations 

corresponding to class C and B (respectively), which conforms to the National Earthquake Hazard 

Reduction Program (NEHRP) soil classification (Building Seismic Safety Council, 2004).  These are 

similar to the soil classifications of Ce and Be (respectively) from AS 1170.3:2007 (Table 2.7, Section 

2.3.2). 

  

Figure 3.25 Shear wave velocity profiles for (a) TOMM and (b) FSHM (Kayen et al., 2015) 

For the other seismometer sites in question, the Vs30 information was not available.  Therefore, 

estimations of the VS30 of the sites have been adopted from the modified NEHRP classifications using 

the Australian national regolith site classification map (McPherson & Hall, 2007).  The soil 

classification map from McPherson and Hall (2007) was released to provide an estimation of site 

a) b) 
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conditions that corresponded to the modified NEHRP site classification (Wills et al., 2000).  The 

modified NEHRP site classes were revised further such that they better reflected the Australian 

environment and subsequently were used in the map by McPherson and Hall (2007).  The 

seismometer locations through the state of Victoria, overlaying the soil classification map from 

McPherson and Hall (2007), is shown in Figure 3.26. 

 

Figure 3.26 Seismometer sites (triangles) overlaying soil map provided by (McPherson & Hall, 2007) 

Table 3.8 lists the seismometer sites and corresponding Vs30 value that has been adopted, 

which has been based on the range of Vs30 values provided by the soil map from McPherson and Hall 

(2007), borehole records from ERD (2013) and any observations of site resonance from the 

acceleration and displacement response spectra. 
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Table 3.8 Modified NEHRP soil classification estimates of the seismometer sites 

Station Modified NEHRP classification Vs30 range (m/s)  Adopted Vs30 (m/s) 

S88U BC 555 - 1000 498 

JENM CD 270 - 555 387 

KORUM BC 555 - 1000 555 

TOMM B > 760 710 

CDNM B > 760 760 

DROM BC 555 - 1000 555 

FSHM CD 270 - 555 865 

LILL BC 555 - 1000 555 

STGU BC 555 - 1000 555 

NARR BC 555 - 1000 297 

HOLS BC 555 - 1000 555 

CREM CD 270 - 555 519 

 

 The author had the opportunity to perform a site investigation to measure the shear wave 

velocity, and thus determine the Vs30 value, at the location of one of the seismometers.  This is 

discussed in the next Section. 

3.2.3 NARR site class estimation 

A study was undertaken by the author to estimate one of the seismometer site’s shear wave 

velocity profile using the Horizontal to Vertical Spectral Ratio (HVSR) method.  The method is one 

of a class of ambient-noise (microtremor) observational methods which measure phase velocities 

and/or particle-motion shapes of Rayleigh-wave energy as generated by cultural sources (e.g. road 

traffic) and meteorological sources (e.g. wind on trees). The HVSR method can be employed using 

single three-component seismometers, and is useful for determining shear-wave site resonances 

(Lachet & Bard, 1994).  Determination of shear-wave velocity profiles is best achieved with a 

combination of array observations and HVSR measurement (Asten, 2006, 2009; Asten et al., 2014).  

In this instance, the single-station HVSR array data is used in conjunction with known layer 

thicknesses and soil types from a selected borehole close to the site.  The NARR seismometer site, 

with location shown  Figure 3.14(b) with respect to the aftershocks of the Moe earthquake, was 

chosen for this investigation.  Reasons included the area surrounding the seismometer having easy 

access and room for the array of seismometers, but it was also the closest seismometer station to the 

epicentre of the largest of aftershock (ML 4.4 at a distance of 2.6 km).  The soil classification map 

provided in ASRIS (2011) indicated that the NARR site corresponded to ‘ferrosols’; this indicates a 

site with a high clay content and this was confirmed by the borehole record close to the site.  From 

this borehole record, an initial estimate of shear wave velocity (Vs) with depth of the soil profile was 

produced, using generic Vs values for a range of sands and clays.  The lithological logs from a 
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borehole record, ID 79828 from ERD (2013), confirmed that the location of the NARR seismometer 

was most likely atop deep clay layers.  This borehole record, which contained the information given 

in Table 3.9,was used in the initial Vs30 estimate in Section 3.2.2. 

Table 3.9 Lithological logs from borehole ID 79828 (ERD, 2013) 

Depth from surface 
(m) 

Material Condition Comments 
Inferred Vs 

(m/s) 

0 Clastic sediment Unconsolidated Topsoil 200 

1 Clay Unconsolidated Clay blue 300 

2 Sand Unconsolidated Sand coarse, brown 480 

3 Sand Unconsolidated Sand coarse, dry 600 

14 Clay Unconsolidated Clay hard, white 400 

14.5 Sand Unconsolidated Sand coarse, brown 680 

26 Clay Unconsolidated Clay grey 450 

33 Sand Unconsolidated Drift sandy 700 

36 Clay Unconsolidated Clay grey 630 

 

 

 

Figure 3.27 (a) Seismometer arrangement and (b) author on site with equipment at NARR station 

Seven seismometers were setup in total to create a triangular arrangement as depicted in 

Figure 3.27(a), similar to the setup used in Asten (2009).  Approximately sixty minutes’ worth of 

ambient noise was recorded by the three-component seismometers.  Two of the seven seismometers 

failed due to battery related issues, and the locations of these two are depicted as the red circles in 

Figure 3.27(a).  Fortunately, this did not alter the shape and distribution of the recordings and the five 

remaining seismometers were used to derive the HVSR spectrum shown in Figure 3.28 by using the 

methodology outlined in Asten (2006) and Asten et al. (2014). 
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Figure 3.28 HVSR spectrum for the NARR site 

The immediate observation in Figure 3.28 is that the maximum of the recorded HVSR (black 

line) at 3 Hz is significantly lower in frequency than the modelled HVSR for the fundamental 

Rayleigh mode using the initial estimate of a Vs profile (thin red line).  This initial Vs profile is based 

primarily on the layer thickness and soil types from the borehole log.  However, by implementing 

small changes to the Vs profile, while retaining the layer thickness and relative Vs variation between 

sand and clay layers, a higher correlation between the frequency corresponding to the HVSR 

(‘Ellipticity H/V’ in Figure 3.28) maximum and that of the observed ambient noise has been achieved 

(thick red line).  The initial and revised shear wave velocity profiles are shown in Figure 3.29, with 

the spike at a depth of 15 metres corresponding to a thin layer of softer soil in between layers of 

harder soil.  The revised Vs30 for the NARR site is calculated to be 297 m/s, which is comparable to 

the initial estimate of 359 m/s.  It should be noted that the yellow and green lines in Figure 3.28 are 

modelled HVSR for the first and second higher modes of the revised Vs profile, which have only been 

included for reference purposes. The main finding from this study is that the frequency at which the 

HVSR maximum occurs is very sensitive to the type of soil profile used. 
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Figure 3.29 Initial and revised shear wave velocity profiles of the NARR site 

3.2.4 Comparison of attenuation data to GMPEs 

Six potentially suitable attenuation functions are used for the purpose of this investigation; 

Atkinson and Boore (2006) B/C or AB06BC, Chiou and Youngs 2008) or CY08, Somerville et al. 

(2009) Non-Cratonic or SOM09NC, Allen (2012) or ALL12, Chiou et al. (2014) or CY14 and 

Abrahamson et al. (2014) or ASK14.  All but two of these functions have been used in past seismic 

hazard studies for Australia as discussed in Section 2.2.5, which are thought to be applicable to the 

southeastern Australian region due to (i) similar geological conditions from where the functions have 

been derived (e.g. Western North America) as discussed in Section 2.2.5 and (ii) ‘partially on the 

performance of the candidate models against recorded small-magnitude earthquake data and partially 

on professional judgement’ (Burbidge, 2012).  The remaining two GMPEs (CY14 and ASK14) are 

from the recently released NGA-West 2 (Bozorgnia et al., 2014) and any improvements to their 

corresponding preceding functions and their applicability to south eastern Australia will be assessed. 

To evaluate the selected GMPEs and their applicability to the southeast Australian region, the 

strong-motion data from Section 3.2.1 that is estimated to have been recorded on “rock” sites (Vs30 > 

760 m/s from Table 3.8) is compared to the acceleration response estimated using these various 

attenuation functions at three different spectral periods (T): 0.01s (PGA), 0.1s and 1.0s.  The PGA and 

spectral acceleration (Sa at 0.1s and 1.0s) predicted by the GMPEs can be determined as a function of 

distance (Rx).  This is illustrated for T of 0.01s, 0.1s and 1.0s in Figure 3.30, Figure 3.31 and Figure 

3.32 respectively.  It should be noted that PGA data was only provided for the Ellalong earthquake in 
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McCue et al. (1995).  Superimposed on these figures are the recorded observations at the respective 

spectral period.  It should be noted that all three earthquake events used for this analysis were 

recorded in the “Non-Cratonic” eastern region of Australia and all with similar local magnitudes.  

These local magnitudes (ML) correspond to an approximate moment magnitude (Mw) of 5 using 

Equation 3.2 from Allen et al. (2011), which was subsequently used in Burbidge (2012).  It should 

also be noted that although the Vs30 value at TOMM (Table 3.8) was 710 m/s, it was included in this 

analysis and is assumed to be a “rock” site. 

�� = 0.61�� + 0.41(�� − 4.6) + 1.46 3.2 
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Figure 3.30 PGA (T = 0.01s) of strong-motion data of Main Earthquake data on rock compared to the 
GMPEs of (a) CY08 (b) AB06BC (c) SOM09NC (d) CY14 (e) ASK14 and (f) ALL12 
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Figure 3.31 Sa (T = 0.1s) of strong-motion data of Main Earthquake data on rock compared to the 
GMPEs of (a) CY08 (b) AB06BC (c) SOM09NC (d) CY14 (e) ASK14 and (f) ALL12 
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Figure 3.32 Sa (T = 1.0s) of strong-motion data of Main Earthquake data on rock compared to the 
GMPEs of (a) CY08 (b) AB06BC (c) SOM09NC (d) CY14 (e) ASK14 and (f) ALL12 
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To compliment the data on rock, seismometer sites with approximate Vs30 values in a range 

between 350 to 550 m/s (Table 3.8) have been selected to compare to the GMPE predictions using a 

Vs30 input of 450 m/s.  This provided some comparisons to the spectral acceleration data (for the three 

same spectral periods as used previously for rock conditions) over a range of distance.  The GMPEs 

that have been derived for rock conditions only, such as the functions from Allen (2012) and 

Somerville et al. (2009), have been scaled for soil amplification based on the spectral shape factors 

given in AS 1170.4:2007 (Standards Australia, 2007) (assumed to correspond to site class De, as many 

of these sites were classed as deep clays or had a modified NEHRP intermediate class CD).  It should 

be noted that the SOM09NC function (Somerville et al., 2009) was developed for magnitudes (Mw) in 

the range of 5.0 to 7.5, whereas the main aftershock is outside of this range (ML 4.4).  However, 

Somerville et al. (2009) believes that is possible to use the function outside of this range by 

extrapolation, thus this function (S09NC) will still be evaluated against the aftershock data with a 

moment magnitude lower than the range it was developed for.  The predictions of the Sa for T values 

of 0.01s (PGA), 0.1s and 1.0s are compared to the GMPEs for the Moe (main event) earthquake (Mw ≈ 

5) in Figure 3.33, Figure 3.34 and Figure 3.35 respectively.  Whereas, this same comparison is made 

for the aftershock (Mw ≈ 4.0) for the given periods in Figure 3.36, Figure 3.37 and Figure 3.38. 
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Figure 3.33 PGA (T = 0.01s) data of Main Moe Earthquake (ML ≈ 5) data on soft soil compared to the 
GMPEs of (a) CY08 (b) AB06BC (c) SOM09NC (d) CY14 (e) ASK14 and (f) ALL12 
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Figure 3.34 Sa (T = 0.1s) data of Main Moe Earthquake (ML ≈ 5) data on soft soil compared to the GMPEs 
of (a) CY08 (b) AB06BC (c) SOM09NC (d) CY14 (e) ASK14 and (f) ALL12 
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Figure 3.35 Sa (T = 1.0s) data of Main Moe Earthquake (ML ≈ 5) data on soft soil compared to the GMPEs 
of (a) CY08 (b) AB06BC (c) SOM09NC (d) CY14 (e) ASK14 and (f) ALL12 
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Figure 3.36 PGA (T = 0.01s) data of the Main Moe Aftershock (ML ≈ 4.4) data on soft soil compared to the 
GMPEs of (a) CY08 (b) AB06BC (c) SOM09NC (d) CY14 (e) ASK14 and (f) ALL12 
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Figure 3.37 Sa (T = 0.1s) data of the Main Moe Aftershock (ML ≈ 4.4) data on soft soil compared to the 
GMPEs of (a) CY08 (b) AB06BC (c) SOM09NC (d) CY14 (e) ASK14 and (f) ALL12 
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Figure 3.38 Sa (T = 1.0s) data of the Main Moe Aftershock (ML ≈ 4.4) data on soft soil compared to the 
GMPEs of (a) CY08 (b) AB06BC (c) SOM09NC (d) CY14 (e) ASK14 and (f) ALL12 
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 It can be seen in Figure 3.30 to Figure 3.32 that some of the potentially suitable GMPEs have 

provided close correlations when compared with the data obtained from the seismometers that 

recorded similar magnitude events (Mw ≈ 5) on rock sites.  One of the primary observations from the 

majority of the data (for both rock and soil sites), particularly for the lower spectral periods of 0.01s 

and 0.1s, is that the Sa value at longer distances is higher for the recorded data when compared with 

the predictions by some of the GMPEs, such as Chiou and Youngs (2008) and Chiou and Youngs 

(2014).  However, some of the GMPEs that have been derived with a “transition zone”, AB06BC and 

ALL12, performed better in these instance (e.g. Figure 3.33b and Figure 3.33f for these two functions 

respectively).  This attenuation feature has been observed previously in parts of south eastern Canada 

and the north eastern United States (Atkinson, 2004), but has also been shown to be suitable for 

predicting earthquake attenuation in southeastern Australia (Allen, 2012).  This “flattening” of the 

attenuation curve is caused by strong postcritical reflections from the Moho discontinuity (Allen, 

2012; Atkinson, 2004; Atkinson & Mereu, 1992; Burger et al., 1987; Somerville & Yoshimura, 

1990).  This effect is depicted in Figure 3.39; there are arrivals of seismic waves to the surface that are 

initially down-going.  These waves are reflected from the lower crustal interface, such as the Moho 

layers (Somerville et al., 1993).  These reflected waves do not affect the amplitude of the surface 

motions at close distances to the epicentre of the earthquake, where the direct ray has the largest 

influence.  However, once the distance out from the rupture plane becomes critical the phases that are 

reflected from the Moho layers can become large in amplitude (Somerville et al., 1993).  It is 

interesting to note that the NGA-West 1 and 2 functions (Bozorgnia et al., 2014) do not appear to 

account for this “flattening” of the attenuation.  These GMPEs have been primarily derived for the 

Western North America region, and yet the influence of critical Moho reflections has also been 

observed in past earthquake events in California, such as the 1989 Loma Prieta earthquake 

(Somerville & Yoshimura, 1990).  The influence of critical Moho reflections in California is 

discussed further with the research conducted in Somerville et al. (1993). 
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Figure 3.39 Simplified model of wave propagation in a layered crust from Somerville et al. (1993) 

3.2.5 GMPE Evaluation 

Using the data from seismometers on rock and “soil” type conditions, the GMPEs were 

evaluated based on providing the closest correlation to the spectral acceleration (Sa) at a period (T) of 

0.01s (PGA), 0.1s and 1.0s.  The total number of data points (N = 98) allowed a good comparison to 

be made to the GMPEs.  The best performing GMPEs were found by comparing the predictions to the 

different data points and finding the minimum of the sum of the squares. 

Table 3.10 provides the tallied total for the different GMPEs used in this investigation and 

this gives an indication as to which of these functions correlates best to the dataset used.  The GMPE 

that gives the closest correlation in this limited study is the ALL12 function (Allen, 2012), which was 

derived specifically for the southeastern Australian conditions.  The second best correlation is 

achieved when using the NGA-West 2 function CY14 (Chiou & Youngs, 2014), derived for the 

western United States (e.g. California).  This ties in with the assumption made previously in the study 

conducted in Section 2.2.5 that the attenuation functions from Western North America would be 

suitable for the region of interest in that study. The reason that assumption was made has been 

discussed in detail in Section 3.1.2.  The next two best correlations were from AB06BC (Atkinson & 

Boore, 2006) and ASK14 (Abrahamson et al., 2014), both of which were derived for the more active 

crustal regions of the United States.  These functions were previously thought to be the least suitable 

when modelling the attenuation in south eastern Australia, but the results here indicate that a 



143 
 

reasonable match can be achieved.  This is potentially because of the inclusion of the “transition 

zone” in the attenuation features modelled by the AB06BC function.  The S09NC (Somerville et al., 

2009) and CY08 (Chiou & Youngs, 2008) functions did not perform as well as the other GMPEs 

investigated for this study.  However, it should be noted that this limited study is not sufficient to give 

decisive results; further refinements are likely to be needed as more studies are carried out. 

Table 3.10 Tallied total of GMPEs correlating best to the dataset 

 CY08 AB06BC S09NC CY14 ASK14 ALL12 

N 11 14 11 21 15 26 

% 11.2% 14.3% 11.2% 21.4% 15.3% 26.6% 
 

Four GMPEs with specific weightings have been used in the past to represent different 

regions of Australia when carrying out PSHAs (Burbidge, 2012).  Using the results in Table 3.10, the 

four most applicable functions and the calculated (rounded) weightings are given in Table 3.11. These 

weightings are recommended for future PSHA studies for regions in eastern Australia (“Non-

Cratonic”), although further refinements are expected as the results of more studies are made 

available.  Figure 3.40 illustrates the predicted spectral acceleration for a Mw 6 earthquake at Rjb 11 

km using the GMPEs and the weightings shown in Table 3.11. 

Table 3.11 Recommended GMPEs and weights for southeast Australia (“Non-Cratonic”) 

 ALL12 CY14 AB06BC ASK14 

Percent Weight 30% 30% 20% 20% 
 

 

Figure 3.40 Acceleration response of most applicable GMPEs compared to weighted 
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Only one GMPE (CY08 function) was used in the PSHA study in Section 3.1.3; this GMPE 

was subsequently found to be one of the least suitable for the region in comparison to others from the 

study conducted here.  For near-field sites the Moho effect is not important and the CY08 function 

gives a similar result for the response spectra to the weighted spectra obtained using Table 3.11.  

However, the “weighted” GMPEs will typically produce a higher response spectra for far-field 

sources (Rjb > 100 km) in comparison to the prediction made by CY08.  This is shown in Figure 3.41, 

where the CY08 function is compared to the “weighted” GMPE predictions for a Mw 6 at three 

distances (Rjb) of 11 km, 70 km and 150 km.  Therefore, it is possible that the seismic hazard could be 

larger for the cities analysed in the PSHA (in Section 3.1.3) that are governed by sources (e.g. faults) 

at large distances.  However, for cities such as Melbourne, where the seismic hazard is primarily 

governed by near-field active faults less than 100 km, the resulting seismic hazard and response 

spectra derived from using the CY08 function in Section 3.1.3 can be considered reasonable. 

  

 

Figure 3.41 Acceleration response of weighted GMPEs compared to the CY08 function for M6 at (a) R11 
(b) R70 (c) R150 
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3.3 Site response 

3.3.1 Background 

As discussed in Section 2.3, evidence of larger site amplification from lower intensity events 

found in Dhakal et al. (2013) and Walling et al. (2008) suggests that the methodology used to derive 

the amplification factors in AS 1170.4:2007 (Standards Australia, 2007) needs to be updated.  A study 

has been undertaken to investigate the site amplification when different site sub-soil classes with 

varying depths are subjected to a range of earthquake intensities.  The bedrock has been subjected to a 

suite of ground motions that represent intensities consistent with rare to very rare events in low-to-

moderate seismic regions such as Australia, with PGA ranging from 0.1g to 0.3g.  The results of the 

acceleration response at the surface of the soil site are normalised such that they can be directly 

compared with the Spectral Shape Factors in the current Earthquake Actions Australian Standard AS 

1170.4:2007.  The strong ground motion database from PEER (2013) has also been improved by 

providing a larger dataset of available ground motion records with the sites corresponding estimated 

shear-wave velocity, which gives an opportunity to compare the results of this study directly to 

earthquake records on different site conditions.  These results were initially published in Hoult et al. 

(2016) and have been subsequently reported here in this Chapter.  

3.3.2 Equivalent Linear Approach 

SHAKE2000 (Ordonez, 2013) uses the equivalent linear method to simulate the acceleration 

response at the surface of the different soil layers and to determine the maximum strains induced 

within these soil columns.  The equivalent linear analysis was originally developed by Schnabel 

(1972) and uses an iterative process to calculate the linear variation of the shear modulus and damping 

of the soil layers with magnitude of shear strain.  SHAKE2000 applies the seismic ground motions at 

the junction of the soil column and bedrock to ultimately predict the response at the surface.  For rock 

sites the material properties proposed by Schnabel et al. (1973) were used in this study, with a specific 

weight (γ) of 23 kN/m3.  Average damping ratios and shear modulus degradation curves for a sandy 

material (Seed & Idriss, 1970) with a γ of 19 kN/m3 were used to represent the dynamic soil properties 

of sites Ce, De and Ee.  These material properties have been used in previous seismic response studies 

in Australia (Lam & Wilson, 1999; Lam & Wilson, 2008; So et al., 2015).  The results from the 

equivalent linear analyses will generally only be deemed acceptable if strains are less than 0.5%. The 

reason for this limitation being imposed on the strains is that it has been reported in previous research 

by Beresnev and Wen (1996) that there can be discrepancies between the results from the equivalent 

linear approach, which is adopted by SHAKE2000 (Ordonez, 2013), and the more realistic “true non-

linear approach”.  However, Papaspiliou et al. (2012) have determined that the results obtained from 
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the equivalent linear approach are reasonable for soils that have expected maximum strains not 

exceeding 1% and for “sandy sites” with maximum strains not exceeding 0.5%. 

3.3.3 Soil profiles 

Information on the five different site sub-soil classes that have been defined by (Standards 

Australia, 2007), discussed previously in Section 2.3, are given in Table 2.7.  The chosen soil profiles 

have constant shear-wave velocity and changing soil depth.  Previous investigations by the authors 

Hoult et al. (2013) and Dhakal et al. (2013) have indicated that using a single layer with constant 

shear wave velocity can correlate well with the results of a soil profile of multiple layers which has an 

equivalent average shear wave velocity.  Nevertheless, it is acknowledged that this assumption may 

not be valid for all sites and this will need to be investigated in future studies.  Due to the provisional 

restriction on maximum depth for the ‘Shallow Soil Site’ class Ce, a maximum depth of only 60 

meters will be used in the analysis.  It is also worth noting that for this soil class, due to the constraints 

on the site period that define the class (i.e. Tn < 0.6 sec), the shear-wave velocity will be altered 

depending on the soil depth (H), as indicated in Table 3.12. 

Table 3.12 The different soil profiles implemented in SHAKE2000 (Ordonez, 2013) 

Site Class Vs (m/s) H (m) Tn (sec) Material 

Ae 1500 30/60/90/150 0.08/0.16/0.24/0.40 Rock (Schnabel, 1973) 

Be 760 30/60/90/150 0.16/0.32/0.47/0.79 Rock (Schnabel, 1973) 

Ce 250/450 30/60 0.48/0.53 Sand Avg. (Seed & Idriss, 1970) 

De 180 30/60/90/150 0.67/1.33/2.00/3.33 Sand Avg. (Seed & Idriss, 1970) 

Ee 150 30/60/90/150 0.80/1.60/2.40/4.00 Sand Avg. (Seed & Idriss, 1970) 
 

There is some evidence from Melbourne to support the chosen bedrock shear-wave velocity 

of 1500 m/s.  Asten et al. (2005) surveyed the shear-wave velocity at several locations around 

Melbourne to find that the Melbourne Mudstone, which is generally the type of rock that the bedrock 

is made of, was in the range of 1800-2000 m/s, while at some other sites it was softer (corresponding 

to a lower Vs value of 1500 m/s).  Moreover, Anbazhagan et al. (2013) have shown that there are no 

significant differences in the response spectra amplification factors when the bedrock shear wave 

velocity is between 1385 m/s and 1868 m/s. 

3.3.4 Intensity and ground motion selection 

Peak ground accelerations (PGAs) have been chosen to appropriately represent the ground 

motion intensities for rare and very rare earthquake events that can occur in the low-to-moderate 

seismic region of Australia.  As discussed previously in Section 2.3.2, the PGA or Hazard Factor (Z) 

given by AS 1170.4:2007 (Standards Australia, 2007) for a 500-year and 2500-year return period 
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event in Australia can range from around 0.08g to 0.36g respectively  Therefore, it was decided to use 

PGA values of 0.1g, 0.2g and 0.3g in this study, with the soil class Ae spectra derived from AS 

1170.4:2007 (Standards Australia, 2007) being used as the ‘target spectra’ that were used to determine 

suitable  ground motions for input into SHAKE2000. 

Although some earthquake data has been captured in recent events in Australia (Hoult, 

Amirsardari, et al., 2014), there is still a paucity of data that represents the larger events of interest 

(e.g. Mw in the range 5 to 7.5).  Therefore, seismic ground motions that have been captured 

internationally will be used; ones that possess similar earthquake characteristics to those typically 

observed in Australia. 

The ground motions were selected from the Pacific Earthquake Engineering Research Center 

Ground Motion Database (PEER, 2013) based on a range of different magnitudes and at limiting 

distances to obtain acceleration-time histories with a mixture of frequency content.  Earthquakes with 

reverse fault type mechanisms were primarily chosen to represent Australian earthquakes, since this 

has been the observed focal mechanism for Australian earthquake events (Brown & Gibson, 2004) as 

menioned previously in Section 2.2.2.  The ground motions were selected under the following criteria: 

 Magnitude (M) range of 4 to 7 

 Reverse, Reverse-Oblique and Normal fault types 

 Joyner-Boore distance (Rjb) range of 10 km to 150 km 

 Vs30 range of 600 m/s to 1800 m/s 

Fifty-eight ground motion records from the (PEER, 2013) ground motion database conformed 

to these criteria.  The earthquake records were further limited to twenty-nine ground motions (with 

two horizontal recordings, 58 acceleration-time history files) such that the majority of the records 

were reverse fault type mechanisms, which is the most commonly observed focal mechanism for 

Australian earthquake events (Brown & Gibson, 2004).  These twenty-nine ground motions were 

subsequently scaled such that the spectral acceleration (Sa) enveloped the target spectrum from the 

current AS 1170.4:2007 on strong rock (class Ae), shown in Figure 3.42 for the three different 

intensities used.  PEER calculates an appropriate, single magnitude factor for each corresponding 

record by ‘minimising the mean squared error between the spectrum of the scaled records and the 

target spectrum’ (PEER, 2010).  The selected ground motions, and the scaling required for each to 

ensure that they collectively enveloped the soil class Ae spectra (for Z=0.1g, 0.2g and 0.3g) closely, 

are given in Table 3.13.  It is a customary practice to use scaling factors within a narrow range (say, 

0.33 to 3) in ground motion selection and scaling.  The characteristics of the scaled ground motions 

will not relate to the level of hazard if too high or too low scaling factors are used.  The majority of 
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the records used here have been scaled to within a quarter to four times the original amplitude, as 

indicated in Table 3.13.  However, some of the other scaling factors are high, typically corresponding 

to a moderate magnitude event and/or a large epicentral distance.  However, the focus for this study 

was to use as many real acceleration time-histories as possible, ones that conformed to the particular 

criteria, in order to model the bedrock ground motions typical of large Australian seismic events.  

These types of earthquake scenarios, with respect to the magnitude and distance combination, and 

corresponding frequency content are what are typically expected for Australian earthquakes 

(Lumantarna, 2012).   The accelerations obtained from PEER are assumed to be outcrop motions, and 

recorded at the top of an outcrop with the same rigidity as the underlying bedrock. 

 

Figure 3.42 Sa of the 58 acceleration time-histories (scaled) for target spectrum (Class Ae) of (a) Z = 0.125g 
(b) 0.25g and (c) 0.375g 
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Table 3.13 Ground motions from PEER (2013) and scaling used for input 

NGA# Mw Mechanism Rjb (km) Vs30 (m/s) Scale (Z=0.1g) Scale (Z=0.2g) Scale (Z=0.3g) 

1011 6.69 Reverse 15.1 1223 0.9 1.7 2.6 

769 6.93 Reverse-Oblique 17.9 663 0.6 1.1 1.7 

957 6.69 Reverse 15.9 822 0.9 1.7 2.6 

3171 6.2 Reverse 62.9 668 2.7 5.4 8.1 

1091 6.69 Reverse 23.1 996 0.7 1.4 2 

443 5.1 Normal 21 660 6 12 18 

283 6.9 Normal 52.9 1000 3 5.9 8.9 

3507 6.3 Reverse 22.7 664 0.7 1.3 2 

2966 6.2 Reverse 91.2 603 2.7 5.3 8 

3251 6.2 Reverse 84.7 845 2.9 5.7 8.6 

2952 6.2 Reverse 62.8 680 2.1 4.2 6.2 

133 5.91 Reverse 14.4 660 1.3 2.6 3.9 

3472 6.3 Reverse 23.8 615 0.9 1.7 2.6 

2687 6.2 Reverse 93.2 845 12.7 25.3 38 

3202 6.2 Reverse 49.7 714 2.1 4.1 6.2 

1027 6.69 Reverse 36.9 685 1.3 2.6 3.8 

59 6.61 Reverse 89.4 814 5.5 10.9 16.4 

3025 6.2 Reverse 39.9 643 2.4 4.8 7.2 

1029 6.69 Reverse 37 685 1.1 2.3 3.4 

303 6.2 Normal 20.4 1000 1.7 3.4 5 

3531 6.3 Reverse 84.5 646 6.3 12.5 18.8 

2367 5.9 Reverse 59.1 705 5.3 10.6 15.8 

994 6.69 Reverse 21.2 1016 0.5 1.1 1.6 

2245 5.9 Reverse 53.9 643 10.9 21.8 32.8 

63 6.61 Reverse 25.6 685 2 4 6 

1033 6.69 Reverse 46.3 822 1.5 3.1 4.6 

2627 6.2 Reverse 13 615 0.4 0.8 1.2 

2601 6.2 Reverse 76.9 705 11.6 23.2 34.7 

3249 6.2 Reverse 66.5 728 4 8.1 12.1 

 

Site analyses were performed using the program SHAKE2000 with the 58 scaled 

acceleration-time history files as the input motions and soil parameters that are varied in accordance 

with Table 3.12.  The results of the maximum shear strains experienced in the soil columns for the 

range of seismic intensities are given in Section 3.3.5 to verify the use the equivalent linear analysis.  

The Spectral Shape Factors Ch(T) can then be calculated for each of the soil profiles (Equation 2.12).  

The median of the site response from the 58 acceleration-time histories used for each of the soil 

profiles (and seismic hazard intensities) are normalised to the results for the PGAB (class Be).  In 

Section 3.3.6, the results for the spectral shape factors are given and they are then compared to those 

in the current Australian Standards (Standards Australia, 2007). 
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3.3.5 Maximum Shear Strains 

Figure 3.43(a-d) shows the SHAKE2000 results for the maximum strains experienced in each 

of the different soils, including all of the intensities and depths that have been investigated.  The 

results show that for the majority of cases the mean maximum strain is less than 0.5%.  In only one 

case does the strain slightly exceed 0.5%, i.e. when the depth to bedrock of soil Ee is 30m and it is 

subjected to a bedrock hazard intensity of 0.3g.  As the depth to bedrock increases the results show 

that the maximum strains experienced by the soils decrease and they are all less than 0.5%. 

  

  

Figure 3.43 (a-d) The maximum strains (%) experienced in the different soil profiles and under different 
seismic intensities for depths of (a) 30m (b) 60m (c) 90m and (d) 150m 

To further support these results, the 60 m soil Ee profiles was investigated using a nonlinear 

analysis with the same ground motions (Table 3.13) scaled for an intensity (Z value) of 0.3g.  This 

profile represented a conservative case in comparison with the majority of the other profiles, it 

produced one of the highest estimates of the mean maximum strain values using the equivalent linear 

-30

-25

-20

-15

-10

-5

0

0 0.2 0.4 0.6 0.8

D
ep

th
 o

f 
S

o
il

 (
m

)

Mean Maximum Strain (%)

A, Z = 0.1g
A, Z = 0.2g
A, Z = 0.3g
B, Z = 0.1g
B, Z = 0.2g
B, Z = 0.3g
C, Z = 0.1g
C, Z = 0.2g
C, Z = 0.3g
D, Z = 0.1g
D, Z = 0.2g
D, Z = 0.3g
E, Z = 0.1g
E, Z = 0.2g
E, Z = 0.3g

a)

-60

-50

-40

-30

-20

-10

0

0 0.2 0.4 0.6 0.8

D
ep

th
 o

f 
S

o
il

 (
m

)

Mean Maximum Strain (%)

A, Z = 0.1g
A, Z = 0.2g
A, Z = 0.3g
B, Z = 0.1g
B, Z = 0.2g
B, Z = 0.3g
C, Z = 0.1g
C, Z = 0.2g
C, Z = 0.3g
D, Z = 0.1g
D, Z = 0.2g
D, Z = 0.3g
E, Z = 0.1g
E, Z = 0.2g
E, Z = 0.3g

b)

-90

-80

-70

-60

-50

-40

-30

-20

-10

0

0 0.1 0.2 0.3 0.4

D
ep

th
 o

f 
S

o
il

 (
m

)

Mean Maximum Strain (%)

A, Z = 0.1g
A, Z = 0.2g
A, Z = 0.3g
B, Z = 0.1g
B, Z = 0.2g
B, Z = 0.3g
D, Z = 0.1g
D, Z = 0.2g
D, Z = 0.3g
E, Z = 0.1g
E, Z = 0.2g
E, Z = 0.3g

c)

-140

-120

-100

-80

-60

-40

-20

0

0 0.1 0.2 0.3 0.4

D
ep

th
 o

f 
S

o
il

 (
m

)

Mean Maximum Strain (%)

A, Z = 0.1g
A, Z = 0.2g
A, Z = 0.3g
B, Z = 0.1g
B, Z = 0.2g
B, Z = 0.3g
D, Z = 0.1g
D, Z = 0.2g
D, Z = 0.3g
E, Z = 0.1g

d)



151 
 

method (as shown in Figure 3b).  One-dimensional equivalent linear and nonlinear site response 

analyses were conducted using DEEPSOIL (Hashash et al., 2016), which has been used in previous 

research investigating site response (Bolisetti et al., 2014; Choudhury & Savoikar, 2009; Groholski et 

al., 2016; Hashash et al., 2015).  DEEPSOIL treats the soil column as a multi-degree-of-freedom 

lumped mass model.  A stiffness matrix is recalculated at each time increment, which is calculated 

based upon the mass lumped between the junctions of the soil layers.  The recommended frequency 

independent damping matrix type was used for the nonlinear analyses and the extended hyperbolic 

Pressure-Dependent Modified Kondner Zelesko (MKZ) formulation proposed by Matasovic (1993) 

was used for the nonlinear backbone.  The 60 m sand layer was subdivided into four 15 m-thick layers 

from the surface to a depth of 60 m.  The mean damping ratios, shear modulus degradation and strain 

curves from Seed and Idriss (1970) were used in DEEPSOIL for the sand layers, and these were 

identical to those used in SHAKE2000.  A modulus reduction and damping curve fitting procedure 

was adopted to find the values of the parameters of the sand material needed for nonlinear analyses.  

The resulting maximum strain values from DEEPSOIL, using the mean of the result from the 58 

scaled ground motions, are illustrated as a function of the soil depth in Figure 3.44.  Superimposed on 

these figures are the results from SHAKE2000.  The equivalent linear (EL) results from DEEPSOIL 

correlate well with the results from SHAKE2000, as expected.  However, the nonlinear (NL) results 

from DEEPSOIL differ slightly, with lower strains estimated at shallower depths and higher strains at 

larger depths, when compared with the equivalent linear results.  However, the maximum difference 

between the EL and NL results are small, with a maximum strain value of approximately 0.5% 

estimated from the NL method.  Hence, the equivalent linear method has been shown to give 

reasonable predictions of the mean maximum strains induced in the soil. Except for the extreme case 

of site class Ee and a 0.3g Z value, the mean maximum value of the strain obtained using the 

equivalent linear method has been shown to be below the required limit; therefore, this method is 

considered acceptable for the range of Z values and site classes considered in this study. 

 

Figure 3.44 Maximum strains for soil Ee with a depth of 60 m 
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3.3.6 Spectral Shape Factors Ch(T) 

For each soil parameter, the median acceleration response was found and then normalised 

using Equation 2.12 to obtain the spectral shape factors.  The spectral shape factors are presented in 

Figure 3.45(a-e) for soil class Ae through to Ee respectively.  Superimposed on these figures are the 

AS 1170.4:2007 spectral shape factors (Ch(T)) corresponding to the given site sub-soil class. 

Not surprisingly, the median results from SHAKE2000 for soil class Ae in Figure 3.45(a) 

envelope the AS 1170.4:2007 spectral shape factors reasonably well after a period of around 0.3s.  

This is because the geometric mean of the factored acceleration-time histories are targeted to match 

closely to this spectrum (for three different Z values).  Although the spectral shape factors are not 

closely correlated in the low period range (0 to 0.3s) it should be noted that most building periods are 

beyond this range.  Similar to soil class Ae, the results for soil class Be in Figure 3.45(b) are not 

dependent on seismic intensity.  Lower amplification is expected for higher intensities if the site 

experiences greater non-linear behaviour due to higher levels of site degradation during the more 

intense earthquakes.  Site resonance can also be observed in the results for site class Be, with the 

second “peaks” of the acceleration response occurring close to the site periods (obtained using 

Equation 2.13) of 0.16s, 0.31s, 0.47s and 0.79s for the profiles of depths 30m, 60m, 90m and 150m 

respectively.  More pronounced resonance effects, which would result in larger spectral shape factor 

results than what are predicted by the current AS 1170.4:2007, are likely to occur even if lower Vs 

values are used for soft rock, such as the 360 m/s that the provision allows, and this should be the 

subject of further studies.   Large resonance effects are clearly seen in Figure 3.45(c) for the sandy 

material used to represent soil class Ce.  Not only is the “peak” due to site resonance (which occurs at 

a period that approximately matches the site period found using Equation 2.13) higher than what is 

stipulated by AS 1170.4:2007, but the magnitude of the amplification is observed to be dependent on 

the intensity of the earthquake.  The intensity dependent (de)amplification can also be observed for 

soil classes De and Ee in Figure 3.45(d) and (e) respectively.  However, for classes De and Ee, the 

spectral factors from SHAKE2000 are predicted to be much lower than what is stipulated by the 

current AS 1170.4:2007, particularly for the lower period range.  This indicates that the code 

approach for providing Ch(T) values is not realistic for soft soils.  It should be noted, however, that 

more analyses are conducted using clay materials (with conservative material properties), which 

resulted in higher spectra shapes in the lower period range for site classes De and Ee in comparison to 

the results here using sand materials. Since AS 1170.4:2007 does not differentiate between soft sands 

or clay (for site class De and Ee), it would be more appropriate to compare code values to the results of 

higher spectral shape values in the low period range (that result from clay sites). 

These results give another explanation for the structural damage observations in Newcastle 

discussed in Section 2.3.1; it is possible that the low-to-moderate intensity earthquake event caused a 
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large amplification at the surface of the acceleration response of stiff structures on rock sites, whereas 

the amplification was relatively low for these structures on the soft and deep soil sites that are 

prevalent in the Newcastle area. 
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Figure 3.45 (a-e) Spectral Shape Factor results from SHAKE2000 for soil classes Ae through to Ee 
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It is possible that the lower spectral shape factors predicted by SHAKE2000 for soil classes 

Ce, De and Ee are due to the assumption of the material used (sand) in representing these sites.  

Therefore, equivalent linear analyses were performed in SHAKE2000 on these soil classes using a 

different material to represent a clay site.  The clay material was modelled using the damping ratios 

and shear modulus degradation curves from Vucetic and Dobry (1991), which are commonly used to 

model the clay behaviour in site response studies using SHAKE2000 (Chatterjee et al., 2015; Jakka et 

al., 2014; Kamatchi et al., 2010).  A specific weight (γ) of 18kN/m3 and a moderate to high value of 

the plasticity index (30%) were used to provide a conservative response.  The clay profiles had the 

corresponding depths and shear wave velocity as given for the sand sites in Table 3.12 to conform to 

the classification of soils given in AS 1170.4:2007.  The results from SHAKE2000 using the clay 

material are given in Figure 3.46, with the superimposed Ch(T) derived from AS 1170.4:2007.  It is 

clear that, for the given depths and intensities investigated here, the clay material with a high 

plasticity index has the potential to cause larger amplification in comparison to results using the sand 

material (Figure 3.45).  Nevertheless, the results in Figure 3.46 clearly show an intensity dependent 

amplification of the bedrock seismic ground motions at the surface.  Interestingly, one of the depths 

and shear wave velocity combinations (H = 60 m, Vs = 450 m/s) used for the soil class Ce profiles 

result in a much larger amplification in the short period range for the lowest seismic intensity used (Z 

= 0.1g) in comparison to the spectrum derived from the AS 1170.4:2007 in Figure 3.46(a).  Moreover, 

(de)amplification is still observed in the low period range for soil classes De and Ee in Figure 3.46(b) 

and (c), with the exception of the lowest intensity and shallowest soil profile for De (Z = 0.1g, H = 30 

m).  Further research is still needed to clarify the soil amplification response of site classes Ce, De and 

Ee, in particular by using different materials with different properties (e.g. range of plasticity indices). 
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Figure 3.46(a-c) Spectral Shape Factor results from SHAKE2000 for soil classes (clay) Ce through to Ee 

Figure 3.47 compares the AS 1170.4:2007 spectral shapes with those obtained from the 

SHAKE2000 analyses that resulted in the largest amplification and for all five soil classes (e.g. soil 

Class Ce [clay] with Z=0.1g and H=60m).  These figures indicate that the spectral shapes commonly 

used in design codes, with higher acceleration demand at short period for soft soils, such as those used 

in AS 1170.4:2007, are not realistic. 
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Figure 3.47 Spectral Shape Factors for (a) rock and (b) soil 

3.3.7 Modified spectral shape factors C’h(T) 

A different method of normalisation is used in this section to allow a comparison to be made 

between the amplification of the response from the ground motion at the surface to the structure 

(which is one component of the spectral shape factors obtained in Section 3.3.6), with those from a 

vast set of actual records for different site conditions from the PEER (2013) ground motion database.  

For each of the PEER ground motions the PGA at the surface is known, however the ground motion at 

the bedrock is not known; hence a different method of normalisation was needed. The values of Vs30 at 

the site of each recorded earthquake that have been provided in the PEER database are used to 

categorise the acccelerograms into their soil classifications in accordance with AS 1170.4:2007.  The 

“modified” spectral shape factor (Ch’(T)) can be calculated with Equation 3.3, which normalises the 

acceleration response spectra associated with a particular unscaled surface ground motion record by 

dividing by the intensity of the surface ground motion, or PGA.  The “modified” spectral shape factor 

(Ch’(T)) was defined by Dhakal et al. (2013) and is used, among other parameters, in an expression 

they proposed to calculate the elastic site hazard spectrum.  This factor represents the amplification of 

the response acceleration due to the structural response to the surface ground motion.  The median of 

the Ch’(T) for all of the records associated with each soil class has been calculated throughout the 

period range.  For soil sites in particular, this factor is expected to be sensitive to resonance effects for 

structures that have natural periods close to or at the site period. 

The soil spectra from the PEER database, normalised according to Equation 3.3, are 

compared with the median results of the SHAKE2000 analyses in Section 3.3.6 for each soil class. In 

order for a direct comparison to be made, the results from Section 3.3.6 have been adjusted following 

the same normalisation procedure.  It should be noted that the ground motions obtained from PEER 
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for this part of the study satisfy the criteria introduced in Section 3.3.4 with regards to the range of 

magnitudes and distances, and the faulting mechanisms.  Table 3.14 lists the number of recorded 

ground motions from PEER that were used in each site sub-soil class in the comparisons with the 

analytical results from SHAKE2000. 

��
� (�) =

��(�)

���
  3.3 

Table 3.14 Number of earthquake acceleration records used for different site classes from the PEER 
(2013) Database (unscaled) 

Site Class Vs30 (m/s) No. of Acceleration-time Histories 

Ae > 1500 12 

Be 360 - 1500 272 

Ce 200 - 360 110 

De 170 - 200 60 

Ee < 170 54 

 

Figure 3.48(a-e) present the median Ch’(T) results of the PEER (2013) ground motion 

database for unscaled (normalised) acceleration spectra for soil classes Ae through to Ee respectively.  

The figures also include the median results from SHAKE2000 with a normalisation following 

Equation 3.3.  Furthermore, the spectra derived from the AS 1170.4 (Standards Australia, 20007) have 

been superimposed in Figure 3.48 using the same normalisation procedure.  The figures show that the 

normalised results obtained using the PEER (2013) records correlate reasonably close to the 

normalised results from SHAKE2000.  The unscaled records for Class Ae in Table 3.14 are a subset of 

the records used in Table 3.13. Nevertheless, as shown in Figure 3.48(a), the two normalised spectra 

for soil class Ae match very closely.  There is also a reasonably close match between the resulting 

peaks from SHAKE2000 and PEER for soil class Ce in Figure 3.48(c); however, there is a noticeable 

second peak from SHAKE2000 due to the effects of soil resonance. 



159 
 

Figure 3.48(a-e) Modified spectral shape factor results from SHAKE2000 compared to PEER for soil 
classes Ae through to Ee 
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3.4 Discussion 

The seismic hazard in Australia is not well understood, particularly for large return period 

earthquake events.  The current Earthquake Actions standard for Australia, AS 1170.4:2007, uses a 

seismic hazard map and correspondingly hazard values that need to be updated to reflect the latest 

knowledge with respect to the seismic event and ground motion records, the effect of different site 

conditions, and the availability of more suitable attenuation models.  Seismic hazard values and 

acceleration response spectra were derived here for a range of return periods and for different regions 

in Australia using PSHAs and the AUS5 earthquake recurrence model.  For most cities the results 

compared well to the hazard values (and spectra) currently stipulated in AS 1170.4:2007 for the 500-

year return period, whereas higher seismic hazard values were found for most cities at larger return 

periods (e.g. 2500-years).  Furthermore, the resulting displacement demand spectra for a range of 

larger periods (T > 1.5s) were found to be higher relative to the spectra derived from AS 1170.4:2007 

in many cases.  The resulting higher displacement demands are likely to be due to a combination of 

the GMPE used to derive the hazard results as well as the assumption in AS 1170.4:2007 that the 

displacement demand reaches a plateau at a corner period of 1.5 seconds. Moreover, the probability 

factor (kp) for a 2500 year return period was found to be higher than what is currently stipulated in  

AS 1170.4:2007, which is consistent with what has been observed in all recent PSHA studies for 

Australia regardless of the earthquake recurrence model used, and is also consistent with international 

research. 

Strong-motion data captured throughout the south eastern Australian region was used to 

investigate the suitability of the available GMPEs.  The data indicated that a “transition zone” occurs 

with attenuation in south eastern Australia, similar to what has been observed in eastern North 

America.  The four GMPEs that gave results that correlated best to the strong-motion data at different 

spectral periods were determined.  It is recommended that these functions be used, with the given 

weightings, for future PSHAs conducted for the east Australian (“Non-Cratonic”) region; although it 

is recognised that this was a limited study and there is considerable uncertainty associated with the 

results.  There is evidence to suggest that the critical reflections from the Moho layers can have a 

significant influence on the attenuation of strong ground motions within Non-Cratonic Australia, and 

this should be considered in future PSHA studies for this region. 

An investigation was undertaken to test the validity of the current Spectral Shape Factors used 

in the low-to-moderate seismic region of Australia.  Importantly, strong ground motions available at 

PEER (2013) were used in selecting acceleration-time histories such that the intensity (or PGA) 

represented rare to very rare earthquake events in this region.  An equivalent linear analysis using 

SHAKE2000 (Ordonez, 2013) predicted the acceleration response at the surface for a range of 

different soil profiles.  The strains induced in the soil by the ground motions were generally found to 



161 
 

be within the limits suggested by Papaspiliou et al. (2012) and hence the predictions from the 

equivalent linear analysis used in SHAKE2000 were deemed to be reliable.  The results from 

SHAKE2000 have been compared to the current spectral shape factors given in AS 1170.4:2007 and 

the results from recordings on different site conditions from the PEER ground motion database.  The 

main conclusions are as follows: 

 The dependency of the soil amplification on the intensity of the earthquake ground motions 

was only observed for soil classes Ce, De and Ee.  This effect was more pronounced for the 

clayey soils, rather than sandy soil types. 

 Importantly, the influence of site resonance resulted in higher spectral shape factor results for 

soil class Be and Ce at periods close the site period than the factors stipulated in the current AS 

1170.4:2007.  Resonance effects would be expected to be more pronounced and at higher 

periods for class Be if the profiles were modelled using a Vs30 of 360 m/s. 

 The Spectral Shape Factors for Be were considerably higher in the short period range relative 

to the softer soil of class Ee; this has also been observed by Dhakal et al. (2013). 

 For each of the different soil classes the median results for a normalised spectral shape factor, 

Ch’(T), correlated well with the results from unscaled records from the PEER database.   

This study has indicated some discrepancies between the results and the current AS 

1170.4:2007 spectral shape factors.  The results from the deep, sand soil sites, indicate a large 

(de)amplification of the low period spectral acceleration.  This means that low-rise buildings on sandy 

sites may experience much lower levels of seismic loading than what is currently predicted by 

conventional earthquake standards.  These results indicate that a low-to-moderate intensity earthquake 

event can cause a large amplification of the structural acceleration response of low period structures 

on rock sites and may thus cause a more damaging effect on stiff structures than would currently be 

expected. 

The spectral response from the clay sites analysed here indicates the potential for larger 

amplification than for sand sites.  Therefore, further studies are necessary before amplification factors 

can be defined with confidence, including investigations with realistic site profiles using borehole 

records or other methods.  However, the general trend of (de)amplification with increasing seismic 

intensity was observed for all of the sand and clay sites analysed here. 



162 
 

The information presented in this chapter will be used in the subsequent chapters to ensure 

that realistic seismic demand and hazard values are considered throughout the thesis and ultimately to 

derive accurate vulnerability functions. 
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Chapter 4 Rectangular Walls 

It is anticipated that many of the reinforced concrete (RC) walls that have been constructed in 

low-to-moderate seismic regions have very limited ductility due to the low quality of detailing that is 

typically required, and the lack of a performance objective that requires collapse prevention in a very 

rare earthquake (Hoult et al., 2015; Wibowo et al., 2013).  As previously discussed in Section 2.1, 

some lightly reinforced concrete walls were observed to perform poorly in the 2011 Christchurch and 

the 1985 Chilean earthquakes, with several cases of a single crack forming at the base rather than a 

well-distributed cracking pattern being activated.  Section 2.1.4 included a discussion about the 

possibility of a RC wall exhibiting a single crack even if the ultimate moment capacity of a wall is 

higher than the cracking moment.  Therefore, it is important to derive a mathematical model to 

estimate if secondary cracking will occur; this will be dependent on the longitudinal reinforcing ratio 

of the RC wall.  If single-crack failures are to be expected in lightly reinforced walls, it is likely that 

the previously recommended plastic hinge length (Lp) equations will overestimate the true equivalent 

length over which plasticity occurs and thus over-predict the displacement capacity of the walls.  

These Lp equations were introduced in Section 2.5.3, where it was discussed that they have been 

derived and calibrated from numerical and experimental structural walls designed to meet the ductility 

requirements commonly specified in high seismic regions.   

In this chapter, a simple mathematical model is introduced to predict the longitudinal 

reinforcement ratio that is required to initiate secondary cracking.  Subsequently, VecTor2, a finite 

element modelling program, is used to evaluate the seismic performance of rectangular RC walls 

commonly found in low-to-moderate seismic regions.  The emphasis here is on assessment; mean 

values are assumed for the material properties of the reinforcing steel and concrete.  Using the 

VecTor2 results, the equivalent plastic hinge length is calculated for walls with different 

reinforcement ratios.  The reinforcement ratio at which a significant increase in the plastic hinge 

length occurs is compared to the prediction from the secondary cracking model.  Some of the force-

displacement results of the walls analysed in VecTor2 have been compared to the predictions made 

using the different equations for the plastic hinge length that have been suggested previously (Section 

2.5).  Some coefficients have been derived from the FE results for use in a newly devised expression 

for the plastic hinge length and this expression provides a better estimate of the displacement capacity 

of lightly reinforced and unconfined walls.  The plastic hinge analysis equations that have been 

recommended here are used to predict the force-displacement relationships of some experimental and 

numerical wall results, and a good comparison is achieved. The results obtained in this Chapter are 

essential knowledge for vulnerability studies of RC buildings.  Some of these results have been 

published in Hoult et al. (2017) and have subsequently been reported here, in this Chapter, for 

convenience. 
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4.1 Secondary Cracking Model 

As discussed in Section 2.1.4, CERC (2012) offer a reasoning for why secondary cracking 

occurs.  In this case the lack of distributed plasticity (inelastic deformation) is driven by the low 

tensile force produced by the small number of longitudinal reinforcing steel bars that cross a primary 

crack.  Consequently, the maximum stress that can be developed in the concrete above the first crack 

(σcrack) may be insufficient to exceed the flexural tensile strength of the concrete (fct.fl) and hence 

secondary cracks are unable to form.  Therefore, equations can be derived to estimate whether 

secondary cracking will occur above the “primary crack”.  This approach is used here to give an 

approximate assessment of the longitudinal reinforcement ratio required to allow secondary cracking, 

and that a distribution of plasticity is able to occur at the base of the wall.  An assumption that is made 

in the following approach is that the longitudinal reinforcement is distributed evenly throughout the 

wall, as commonly practiced in low-to-moderate seismic regions. 

4.1.1 Model derivation 

The effective area of the concrete (Aeff) that surrounds the longitudinal reinforcing bars can be 

calculated using Equation 4.1 and is equivalent to the shaded region illustrated in Figure 4.1. 

���� =  �����  4.1 

���� = � − (��. ���)  4.2 

where teff is the effective thickness of the wall, t is the thickness of the wall, nt is the number of grids 

of horizontal (transverse) reinforcing bars (for example nt = 2 in Figure 4.1), dbt is the diameter of the 

horizontal reinforcing bars and s is the spacing of the longitudinal reinforcement. 

� =  ������  4.3 

where T is the tensile force produced by the longitudinal bars, nl is the number of grids of longitudinal 

reinforcing bars (for example nl = 2 in Figure 4.1), Ab is the area of one of the longitudinal bars and fu 

is the ultimate tensile strength of the reinforcing steel. 

The average stress across Aeff that can be developed in the concrete above the first crack can 

be calculated by: 

������ =
�

����
  4.4 
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Figure 4.1 Cross section of a typical RC wall with shaded area Aeff 

Using the calculations above, the “cracking stress ratio” can be calculated, which is the ratio 

of σcrack to fct.fl.  If the cracking stress ratio (csr) is greater than or equal to 1 the wall has a sufficient 

amount of longitudinal reinforcement to allow secondary cracking.  Rearranging Equations 4.1 to 4.4, 

and assuming the csr is equal to 1, gives an equation for the minimum longitudinal reinforcement 

ratio to initiate secondary cracking (ρwv.min). 

���.��� =
(t − �����)���.��

���
  4.5 

Mean and standard deviation values for the material properties of the reinforcing steel were 

obtained from the study by Menegon et al. (2015) for the D500N bars which are commonly used in 

Australia.  The values obtained from Menegon et al. (2015) were first introduced in Section 2.4.2.6.  

For the ultimate tensile strength, fu, the mean value is 660.5 MPa and there is a standard deviation of 

37.65 MPa.  The mean, lower and upper characteristic values of fu were used in the calculations for 

finding the minimum longitudinal reinforcement ratio (ρwv.min) for rectangular walls with a range of fcmi 

values, as illustrated in Figure 4.2(a).  The mean value of fct.fl has been used for calculations in 

deriving the values given in Figure 4.2(a).  For the 3000 mm wall used, it was assumed that all of the 

horizontal and longitudinal reinforcement is distributed evenly in two grids.  The wall thickness was 

assumed to be 200 mm and the longitudinal and horizontal diameter reinforcing bars (dbl and dbt) were 

both 12 mm.  Varying the thickness of the wall, t, over the range of values typically used in practice 

only had a small influence on the csr.  Figure 4.2(a) illustrates that even for low levels of fcmi the 

ρwv.min needed to cause secondary cracking is greater than the value of 0.15% specified in AS 

3600:2009 (Standards Australia, 2009).  Figure 4.2(b) presents the ρwv.min with a range of fcmi values 

using the mean, upper and characteristic values of fct.fl while keeping the value of fu constant at 660.5 
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MPa.  The values of ρwv.min is shown to be highly dependent on the assumed flexural tensile strength of 

the concrete (fct.fl), as is shown in Figure 4.2(b). 

Figure 4.2 Minimum longitudinal reinforcement ratio required for a range of concrete strengths with 
lower, mean and upper bound of (a) ultimate strength of steel or (b) flexural tensile strength of concrete 

For walls with Lw of 3000 mm, Equation 4.5 estimates that longitudinal reinforcement ratios 

of approximately 0.50% and 0.65% need to be utilised for fcmi values of 40 MPa and 60 MPa 

respectively if secondary cracks are to occur (where the mean values of the fct.fl and fu are used).  It 

should be noted that larger wall lengths will slightly decrease the reinforcement ratio required as the 

fct.fl is reduced (Equation 2.22).  However, this difference is negligible for the range of Lw (3, 6 and 9 

metres) being considered for the study in Section 4.4. 

4.1.2 Model Evaluation 

To test the secondary cracking model (SCM) introduced in Section 4.1.1, some of the results 

from the experimental RC rectangular walls discussed in Section 2.4.3 will be used to compare with 

the predictions made by Equation 4.5. Secondary cracking is unlikely to occur if the predicted 

minimum longitudinal reinforcement (ρwv.min) required by Equation 4.5 is higher than the actual 

longitudinal reinforcement ratio (ρwv) used in the wall specimen.  However, if the ρwv.min is less than 

the ρwv of the wall, the wall is expected to form secondary cracks.  Table 4.1 give the predictions of 

the SCM in comparison to the experimental observations.  It should be noted that the ratio of ρwv to 

ρwv.min has been indicated in Table 4.1 for convenience.  The SCM predictions agree with all but one of 

the experimental walls. 

Although the SCM predicts that wall C1 from Lu et al. (2015) will form a single, primary 

crack, several flexural cracks were observed to have formed during testing.  However, as discussed in 
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Section 2.4.3.3, the deformation was primarily concentrated at a single crack at the base of the wall, 

whereas the other cracks were found to open only a few millimetres in width.  It should also be noted 

that in the case of wall specimen R1 (Oesterle et al., 1976) in Table 4.1, the ρwv is the longitudinal 

reinforcement ratio corresponding to the bars used at the boundary ends rather than the reinforcement 

used in the web.  Furthermore, it should be emphasised that the assumption used to derive the SCM is 

that the RC walls have an even distribution of the longitudinal reinforcement, as is widely practiced in 

low-to-moderate seismic regions. 

Table 4.1 SCM predictions in comparison to the experimental observations 

Specimen ρwv 
Single 
Crack? 

ρwv.min (Equation 4.5) ρwv / ρwv.min 

PCA SW-1 (Cardenas & Magura, 1972) 0.27% YES 0.70% 0.38 

R1 (Oesterle et al., 1976) 1.47% NO 0.47% 3.13 

C1 (Lu et al., 2015) 0.53% NO 0.65% 0.82 

Wall1 (Altheeb, 2016) 0.33% YES 0.47% 0.70 

Wall2 (Altheeb, 2016) 0.66% NO 0.46% 1.43 

Wall3 (Albidah, 2016) 1.34% NO 0.61% 2.20 

W1-120-0.07 (Puranam & Pujol, 2017) 0.07% YES 0.46% 0.15 

W1-120-0.14 (Puranam & Pujol, 2017) 0.14% YES 0.49% 0.29 

W1-60-0.14 (Puranam & Pujol, 2017) 0.14% YES 0.92% 0.15 

W1-60-0.24 (Puranam & Pujol, 2017) 0.24% YES 0.87% 0.28 

 

If secondary cracks are unable to form at the base of the wall, then the plasticity will be 

limited to a very short length over the height of the wall.  It is therefore unlikely that the current 

plastic hinge length equations available in the literature will be able to correctly model the behaviour 

of lightly reinforced walls. 

 

4.2 Equivalent Plastic Hinge Length method 

The Equivalent Plastic Hinge Length (EPHL) method has been used in past studies (Fenwick 

& Dhakal, 2007; Henry, 2013; Mortezaei & Ronagh, 2012) and has also been used to derive the 

plastic hinge length and curvature limits set in NZS 3101:2006 (Standards Association NZ, 2006b). 

The curvature distribution up the height of a cantilever wall can be used to determine the 

rotation at the base; as is well known from the first moment area theorem, the rotation is equal to the 

area under the curvature distribution.  As mentioned previously in Section 2.5, the curvatures, in 

general, may vary considerably up the wall height.  This is partly due to the tension-stiffening effects, 

with each of the peaks of the curvature distribution representing a crack location (Mortezaei & 

Ronagh, 2012).  Figure 4.3, which was initially used in Section 2.5.3 but has been presented here 
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again for convenience, illustrates that the curvature distribution can be idealised into elastic and 

plastic regions, and likewise for the rotations.   The elastic rotation can be obtained using Equation 

4.6. 

�� =
1

2
� ��(�)

�

�

��  4.6 

where θe is the elastic rotation and H is the height of the wall. 

The plastic rotation can be determined with Equation 4.7. 

�� =  � ��(�) − ��(�)� ��
��

�

  4.7 

where Φ(x) is the curvature found at a height along the cantilever wall of x and Φy(x) is the curvature 

at yield at a height along the cantilever wall of x. 

 

Figure 4.3 Curvature distribution (solid line) along RC cantilever wall with idealised profile (dotted line) 

Figure 4.3 illustrates this process, where the shaded area represents the plastic rotation (θp).  

The equivalent plastic hinge length (Lp) can be calculated by assuming that the shaded area (or θp) is 

equivalent to a rectangle of height of Lp and width Φp.  Therefore, 

�� =  ����   4.8 

where Φp is the plastic curvature. 
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where Φu is the curvature at the ultimate limit state. 

As there is insufficient experimental data currently available to evaluate and develop 

empirical models for plastic hinge lengths of lightly reinforced walls, an analytical study has been 

undertaken using a nonlinear finite element program VecTor2 (Wong et al., 2013).  The plastic hinge 

length has been estimated, adopting the methodology above, for a series of rectangular RC walls with 

parameters that represent walls in a low-to-moderate seismic region such as Australia.  Using these 

results, the accuracy of the different equations that have been proposed to calculate the plastic hinge 

length will be evaluated in terms of their applicability to the lightly RC walls considered here.  

VecTor2 must first be validated to ensure that it has the ability to predict to a higher degree of 

accuracy the seismic performance of lightly RC walls. 

 

4.3 VecTor2 

VecTor2 (Wong et al., 2013) is a state-of-the-art nonlinear finite element modelling program 

for plane RC sections that is based on the disturbed stress field model (DSFM) (Vecchio et al., 2000).  

VecTor2 has been used in a variety of past research for modelling RC walls (Beyer, 2007; Bohl & 

Adebar, 2011; Dai, 2011; Ghorbani-Renani et al., 2009; Lu et al., 2014; Hieu Luu et al., 2013; 

Sritharan et al., 2014). 

4.3.1 Material Models 

A range of material and constitutive models have been incorporated in VecTor2 to represent 

modelling of the concrete and steel materials. 

The Popovics normal-strength concrete (NSC) and the Popovics high-strength concrete 

(HSC) models were used for strengths up to 45 MPa and higher than 45 MPa, respectively in 

accordance with recommendations from Palermo and Vecchio (2007).  Figure 4.4 plots the resulting 

stress-strain curves using the Popovics NSC and HSC Model, corresponding with Equations 4.10 to 

4.13. 
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Figure 4.4 Popovics (High Strength) used for the concrete compression model in VecTor2 
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where Ec is the Young’s Modulus of the concrete 

The preliminary parameter studies conducted in Mohr (2007) suggested that the compression 

softening model that relied only on stress, rather than both stress and strain, gave better 

approximations at large displacements.  Therefore, Vecchio 1992-B (e1/e0-Form) (Vecchio, 1992) 

was chosen to model the compression softening of concrete. 

The Modified Bentz model (default) was used for the modelling of tension stiffening in the 

concrete.  This is essentially the same as the Bentz (1999) model for when ‘the steel is aligned with 
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the x or y-axis (no skew steel)’ (Bohl, 2003).  The model is used in the Modified Compression Field 

Theory (MCFT) for programs such as Response-2000 (Bentz, 2000).   

Of the numerous bilinear models that are proposed by different researchers for the prediction 

of tension softening, the CEB-FIP (1990) model is utilised by VecTor2 and provides a bilinear model 

for the stress-strain relationship of concrete.  Importantly, the default concrete fracture energy value 

of 75 N/m has been used in VecTor2, which is a similar assumption to that used by other researchers 

(Bohl, 2003).   

The concrete hysteretic response was modelled with the Palermo option (Palermo & Vecchio, 

2002), as it has been shown to be a more suitable option for capturing the stiffness and overall 

behaviour in another study (Sagbas, 2007).   

The dilation model chosen for the lateral expansion of concrete is the ‘Variable – Orthotropic’ 

model (default), which is based on a Poisson’s ratio that increases nonlinearly as the concrete 

compressive strain increases.   

The cracking criterion models estimate the decrease of cracking strength due to the increase 

of the transversely acting compressive stresses.  The CEB-FIP Model is chosen specifically for this, 

which is based on a linear relationship proposed in Kupfer and Gerstle (1973). 

  The compressive stresses of concrete elements close to cracks are required to be limited, 

mainly due to tensile strains in concrete close to cracks exceeding the calibration range of the 

compression softening models, which may permit additional softening.  The crack width check 

reduces the average compressive stresses for when the crack width exceeds a set limit.  The default 

was chosen (‘Agg/2.5 Max Crack Width’) as the limiting crack width.   

VecTor2 accounts for the strains due to shear slip along cracks with the element slip 

distortion models.  The default model from Walraven (1981) was chosen for these calculations.   

The stress-strain curve from Seckin (1981) is used for the reinforcing steel with Bauschinger-

Trilinear option, illustrated in Figure 4.5.  It should be noted that the effect of bar buckling is not 

accounted for in VecTor2 with the material models proposed. 
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Figure 4.5 Seckin model of ductile steel reinforcement for hysteretic response (Wong et al., 2013) 

The Kupfer/Richart confinement model (Kupfer et al., 1969; Richart et al., 1928) was used 

even though unconfined walls have been considered in this study.  It was found in earlier wall 

analyses using VecTor2, in which the enhancement due to confinement was turned off completely, 

that the compressive strains reached were unrealistically low.  Professor F. Vecchio (personal 

communication, March 2, 2016) recommended the use of the Kupfer/Richart model, even though the 

concrete is unconfined because it was likely to give a better representation of effects of phenomena 

such as lateral expansion.  The actual strength enhancement factor incorporated as a result of using 

this model is very close to 1.0 in the case of walls without out-of-plane reinforcement, i.e. no 

enhancement. 

Bond-slip, using the Eligehausen (1983) model, was only considered for VecTor2 models that 

use truss and link elements to model the longitudinal reinforcement and bond behaviour respectively.  

For this model, the bond properties for the link elements were set to ‘Embedded Deformed Rebars’ 

with a Confinement Pressure Factor of zero, corresponding to an unconfined case.  For the other 

models, an assumption of perfect bond was assumed, as has been successfully adopted in other studies 

(Lu et al., 2015; Palermo & Vecchio, 2007). 

The chosen material models for VecTor2 are summarised in Table 4.2. 
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Table 4.2 Constitutive models to be used in the VecTor2 analyses 

Constitutive Behavior Model 

Compression Pre-Peak Popovics NSC1/Popovics HSC2 

Compression Post-Peak Popovics NSC1/Popovics HSC2 

Compression Softening Vecchio 1992-B (e1/e0-Form) 

Tension Stiffening Modified Bentz 2003 

Tension Softening Bilinear 

FRC Tension Not Considered 

Confined Strength Kupfer/Richter 

Dilation Variable - Kupfer 

Cracking Criterion CEB-FIP 

Crack Stress Calc Basic (DSFM/MCFT) 

Crack Width Check Agg/2.5 Max Crack Width (Deafult) 

Crack Slip Calc Walraven (Monotonic) 

Creep and Relaxation Not Available 

Hysteretic Response Palermo 2002 (w/ Decay) 

1for concrete strength < 45MPa  
2for concrete strength ≥ 45MPa  

 

Very little experimental testing has been conducted on lightly reinforced unconfined RC 

walls.  Although Cardenas and Magura (1972) tested a lightly reinforced concrete wall which formed 

a single crack, as discussed previously in Section 2.4.3, the experimental data for this wall is sparse 

and not ideal for the purposes of validation.  At the time of performing these analyses, the RC wall 

specimens R1 from Oesterle et al. (1976) and C1 from Lu et al. (2015) were deemed to be the only 

suitable specimens available for the purposes of validating the chosen material models that will be 

used in VecTor2. 

4.3.2 Validation – Specimen R1 (Oesterle et al., 1976) 

The specimen R1 (Oesterle et al., 1976) was a 4572 mm high, 1905 mm long (Ar = 2.4), and 

102 mm thick RC wall that was subjected to reverse cyclic loading.  The wall failed in flexure with 

fracturing of the reinforcement before crushing of the concrete.  The longitudinal reinforcement 

consisted of two grids of 6 mm diameter longitudinal bars at a spacing of 229 mm in the web, while 

there was a concentration of 4#3 bars (dbl = 9.525 mm) spaced at 140 mm at the boundary ends.  

Table 2 and Table 3 present the wall specimen details and the reinforcement properties respectively.  

A fraction of the reported uniform elongation strain of the steel (εsu) was used due to the research 

findings by (Wood, 1989) that indicated the steel fractured at a reduced strain.  A value of 0.6 εsu was 

adopted, as used by Priestley et al. (2007) to account for of low cycle fatigue. 
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Table 4.3 Details of the RC wall specimen R1 

f'c 
(MPa) 

fct 
(MPa) 

Lw 

(mm) 
tw (mm) 

He 
(mm) 

ALR 
(%) 

ρwv
1 (%) ρwh (%) ρwb

2 (%) 

44.7 4.5 1905 101 4572 0.4 0.25 0.31 1.74 

1 reinforcement ratio in the web 

2 longitudinal reinforcement ratio in the boundary ends 

Table 4.4 Steel reinforcing properties for specimen R1 

dbl 
(mm) 

Es 
(MPa) 

fy  
(MPa) 

fu 
(MPa) 

0.6εsu 
(mm/m) 

6 216,495 522 700 73 

9.525 191,674 511 765 58.8 

 

Wall specimen R1 was modelled in VecTor2 with the foundation block at the base, illustrated 

in Figure 4.6.  Plane stress rectangular elements were used to model the concrete wall, which are four-

noded elements with uniform thickness (Wong et al., 2013).  The size of plane stress elements is 

within the 3:2 aspect ratio as recommended (Wong et al., 2013).  Palermo and Vecchio (2007) further 

suggest that 14 to 16 elements are to be used in the short direction of the wall (parallel to the wall 

length) and this has also been adhered to, although a smaller mesh size, in the direction parallel to the 

wall length, was used to model some RC wall specimens at the boundary ends in order to facilitate the 

creation of nodes for discrete truss elements. 
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Figure 4.6 Mesh setup in VecTor2 for wall specimen R1 (Oesterle et al., 1976) with truss elements 

The longitudinal reinforcement was modelled using two different methods; (i) the bars were 

modelled using smeared reinforcement throughout the concrete plane stress rectangular elements and, 

(ii) the bars were modelled discretely using truss and link (“truss-link”) elements.  The second option 

including link elements was employed to model the behaviour of bond slip between the concrete and 

reinforcing bars.  While the use of this option increased the number of nodes required in the model, it 

provided information on the yield penetration of the longitudinal reinforcing bars into the foundation.  

The sensitivity of the overall results to the inclusion of yield penetration needed to be investigated.  

Although the more computationally efficient smeared reinforcement approach has been shown to 

provide comparative results to those from analyses using truss elements in previous research (Beyer, 

2007; Bohl & Adebar, 2011; Ghorbani-Renani et al., 2009; H. Luu et al., 2013; Palermo & Vecchio, 

2007; Sritharan et al., 2014), no previous research is available that provides well correlated results for 

lightly reinforced concrete walls when comparing these two modelling decisions.  Hence, it was 

decided to investigate this further in this study.  Three different concrete materials were used, which 

consisted of different percentages of smeared reinforcement that were used to represent the different 

boundary, web and footing regions of the wall specimen.  An axial load of 20.75 kN was held 

constant during the analysis and was distributed along the nodes at the top of the wall section.  The 
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lateral loading applied to both models was monotonic and reverse cyclic (corresponding to the 

experimental testing) and was distributed evenly over all of the nodes at the top of the wall. 

Figure 4.7 presents the force-displacement hysteresis results from VecTor2.  The immediate 

observation is the reasonably well correlated predictions from VecTor2 in comparison to the 

experimental results from Oesterle et al. (1976) for the wall being subjected to either reverse cyclic or 

monotonic loading.  Moreover, there is a good correlation between the results using smeared 

reinforcement in Figure 4.7(a) and the results using the discrete truss-link elements in Figure 4.7(b).  

The flexural strengths predicted by VecTor2, using the values for the concrete and reinforcement 

properties from the testing by Oesterle et al. (1976), are slightly overestimated.  For example, the 

maximum force that was predicted by VecTor2 from all of the models and loading conditions 

considered was 146.2 kN, whereas the maximum measured load from Oesterle et al. (1976) for R1 

was 118.3 kN.  This correlated with the observations from Oesterle et al. (1976), where the maximum 

observed experimental force of all the specimens tested varied from 77% to 91% of the flexural 

capacities that they had calculated.  The sharp drop in strength in both of the smeared and truss 

models for monotonic loading corresponded to the ultimate strain being reached or exceeded (0.6εsu = 

58.8 mm/m) at either the extreme tension fibre edge or the closest truss element to the tension edge 

respectively.  There was a slight difference of displacement capacity for the walls modelled using 

smeared reinforcement compared to the model that used truss-link elements; displacements of 108 

mm and 91 mm (for monotonic loading) corresponded with the outermost longitudinal reinforcing 

bars reaching or exceeding 0.6εsu for the smeared and truss-link models respectively.  The first 

observations by Oesterle et al. (1976) of a reinforcing bar fracturing occurred in cycle 26, which 

corresponded with one of the outermost bars at a displacement of around 101 mm.  This compares 

well to the displacement capacity estimated in VecTor2.  It should be noted that the ultimate strain 

used in VecTor2 is 60% of the uniform elongation strain value reported by Oesterle et al. (1976) from 

the monotonic material tests.  The reduced value was used to account for low cycle fatigue effects and 

this has led to a good comparison between the predicted and observed displacement capacity. 
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Figure 4.7 Force-displacement results from VecTor2 using (a) smeared vertical reinforcement and (b) 
discrete truss-link elements 

VecTor2 was able to predict the force-displacement performance of the lightly reinforced 

wall specimen R1.  However, for the purposes of studying the equivalent plastic hinge length (Lp), it 

is important that VecTor2 is able to predict the tension strain distribution up the wall height.  Figure 

4.8 and Figure 4.9 present the tension strains in the steel from VecTor2 for the smeared and truss-link 

models respectively.  The strains are presented as discrete values since these are average strain values 

across the element height (plotted at the centre of each element).  Superimposed in these figures are 

the strain distributions as given in Oesterle et al. (1976) at several different levels of displacement at 

the top of the wall, where VHP & VHR are the strain gauges on the west toe of the wall and VAP & 

VAR are the gauges on the east toe.  It is important to note that the strain gauges attached to the 

reinforcing steel bars in the experiment by Oesterle et al (1976) for wall specimen R1 debonded 

between a strain of 15 mm/m and 30 mm/m.  Hence, the strain reading from the experiment is limited 

to 12.5 mm/m in many of the readings for the higher displacements so there is a limited scope for 

comparison between the experimental and the finite element results.  It is noted here that that the 

strain distribution from the experimental results at a displacement at the top of the wall of 101 mm is 

compared with the VecTor2 truss-link results at the ultimate displacement predicted by VecTor2 of 91 

mm. 

Overall, at locations where comparisons are able to be made, there is a good fit between the 

strains predicted in VecTor2 and the observations from the experiment.  The VecTor2 results provide 

a good fit to the available data for the higher lateral displacements.  For the strain distributions at the 

final displacement, the smeared reinforcement model results from VecTor2 give as good a match, or 

better, to the experimental data when compared with the truss-link results.  It was experimentally 

observed that the yielding zone (εsy ≈ 2.67 mm/m) only occurred in the lower 1.83m of the wall 
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(Oesterle et al., 1976), and the smeared reinforcement model predicts this well (Figure 4.8c).  

However, the truss-link model had a longer “yield zone”, with larger strains than that observed 

experimentally (Figure 4.9c).  Moreover, these strains for the truss-link model occurred at a smaller 

displacement (91 mm) of the wall compared to the displacement (101 mm) that corresponded to the 

experimentally captured strains.  These results indicate that the VecTor2 model that uses smeared 

reinforcement gives results with a similar degree of accuracy to those obtained using the VecTor2 

model with truss elements. 

   

Figure 4.8 VecTor2 steel strain distribution results from the smeared model at a top wall displacement of 
(a) 25 mm (b) 51 mm and (c) 101 mm 

   

Figure 4.9 VecTor2 steel strain distribution results from the truss-link model at a top wall displacement 
of (a) 25 mm (b) 51 mm and (c) 101 mm 
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Importantly, the steel strain into the foundation was small for the model that utilised discrete 

truss-link elements.  For example, the highest average steel strain into the foundation estimated by 

VecTor2 was found to be 1.096 mm/m.  This is small when compared with the average strain reached 

in the element just above the foundation of 43.5 mm/m at the same displacement (91 mm, Figure 

4.9c) for the same discrete reinforcing bar.  Moreover, given that these strains are less than the 

approximate yield strain (εsy) of 2.66 mm/m, the strains below the foundation are likely to make little 

contribution to the plastic hinge length.  This was also observed by Kazaz (2013) for all of the walls 

analysed using a different finite element program.  A similar situation was also observed by Bohl and 

Adebar (2011).  This suggests that modelling the foundation block is unnecessary in VecTor2 for the 

purposes of calculating the equivalent plastic hinge length.  This is particularly true if smeared 

reinforcement is to be used to model the longitudinal reinforcement.  Hence in the study, the 

foundation block was ignored as the elements were modelled as smeared elements.  This follows the 

analyses reported in Bohl (2003) in which the foundation block was not included in the models when 

using VecTor2 to calculated plastic hinge lengths. 

Strain distributions across the wall are also important in the calculation of curvature.  As 

mentioned previously, due to debonding of the strain gauges at large wall displacements, no relevant 

data is available for the vertical strains at the base of the wall.  However, vertical strains at 3ft (914.4 

mm) from the base of the wall corresponding to a displacement at the top of the wall of 51 mm are 

available Oesterle et al. (1976).  Importantly, this was within the ‘yielding zone’.  Figure 4.10 

presents the strain distribution together with the superimposed VecTor2 results at the same height of 

the wall.  The estimated strain values across the cross section from VecTor2 correspond well to the 

experimentally observed strains from Oesterle et al. (1976). 

 

Figure 4.10 Vertical strains through the cross section of wall R1 at 3ft (914.4mm) 
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It is important that VecTor2 is able to accurately predict the distribution of cracks in the wall.  

Figure 4.11 compares the experimentally observed cracking pattern for the lower 1.83 metre of 

specimen R1 (Oesterle et al., 1976) to the VecTor2 predictions (smeared model, monotonic loading) 

at a displacement at the top of the wall of 76 mm. The cracking patterns are similar, with the lower 

0.91 metre of the wall ‘completely traversed by several predominately horizontal cracks’ (Oesterle et 

al., 1976).  Although this wall specimen is considered to be lightly reinforced, a number of cracks 

have formed at the base of the wall.  If the longitudinal reinforcement ratio in the web of R1 (Table 

4.3) was used in the secondary cracking model introduced in Section 4.1, there would be an indication 

that this wall would not have sufficient reinforcement to initiate secondary cracking.  However, the 

area of reinforcement that is lumped at the boundary ends is sufficient to produce a locally higher 

reinforcement ratio which generates the observed well distributed cracks.  This was shown in Table 

4.1 and discussed in Section 4.1.2. 

 
 

Figure 4.11 Cracking pattern at 76mm deflection for (a) specimen R1 (Oesterle et al., 1976) and (b) 
VecTor2 

The VecTor2 predictions of the performance of wall specimen R1 (Oesterle et al., 1976), with 

the chosen material models, has been shown to compare reasonably well to the relevant experimental 

data.  Moreover, similar validation is carried out for another lightly reinforced wall specimen. 

4.3.3 Validation – Specimen C1 (Lu et al., 2015) 

Researchers (Lu et al., 2015) reported on an experimental program which was conducted to 

evaluate the seismic performance of RC walls with minimum longitudinal reinforcement in 

accordance with NZS 3101:2006 (Standards Association NZ, 2006b).  The wall specimen C1, which 

was introduced in Section 2.4.3.3 was designed to represent a 50% scale of a multi-story flexure 

dominant RC wall with limited ductility (Lu et al., 2015) and was tested under reverse cyclic 

conditions.  Following the same approach as that in Section 4.3.2, two different methods of modelling 

the longitudinal reinforcement in VecTor2 were undertaken; Model 1 which uses smeared 

a) b) 
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reinforcement and Model 2 which uses discrete truss elements with link elements (truss-link).  The 

strain distribution at 1.5% drift (top wall displacement of 42 mm) was also reported in Lu et al. 

(2015), and this will be compared to the VecTor2 results at the same lateral drift.  It should be noted 

that at the time of conducting this numerical analyses for validation purposes, the only results reported 

by Lu et al. (2015) were for wall specimens C1, where wall specimens C2 through to C6 from Lu et 

al. (2016) were not available. 

Figure 4.12(a) illustrates the mesh and element setup for Model 1.  The foundation block at 

the base was assumed to be 500 mm x 1820 mm (x 350 mm high), as it was not reported in Lu et al. 

(2015) or any other report at the time of analyses.  Model 2, which utilises the link elements, uses the 

Eligehausen (1983) concrete bond model to predict the amount of strain penetration into the 

foundation, the same approach as that used previously when modelling wall specimen R1 in Section 

4.3.2.  In both models the horizontal reinforcement was modelled with smeared reinforcement.  An 

axial load of 294 kN (ALR = 3.5%) was distributed across all nodes at the top of the wall (held 

constant throughout the analysis), while the same nodes were subjected to a lateral displacement for 

both the monotonic or reverse cyclic loading scenarios. 

  

Figure 4.12 (a) Mesh setup and cracking distribution from VecTor2 monotonic and (b) experimental 
observations from Lu et al. (2015) 

Figure 4.13 presents the results from VecTor2 for both monotonic and reverse cyclic 

conditions for Model 1 (smeared) and Model 2 (truss-link).  Superimposed on these figures are the 

experimental results from Lu et al. (2015).  The results from VecTor2 correlate well to the force-

displacement hysteresis observed experimentally. 

a) b) 
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Figure 4.13 Force-displacement results from VecTor2 for wall C1 with (a) smeared and (b) truss-link 
models 

Figure 4.14 presents the strain distribution results in the steel from VecTor2 at the extreme 

fibre edge of the wall in tension for Model 1 (smeared) and Model 2 (truss-link).  Superimposed on 

this figure are the strain distributions recorded by Lu et al. (2015).  The strain distributions predcicted 

by VecTor2 for Model 1 (smeared) in Figure 4.14(a) correlate well with the experimental 

observations.  Furthermore, the strains predicted with cyclic loading did not differ much from the 

predictions with the wall subjected to monotonic loading, something that was also observed by 

Hannewald (2013).  Model 2 (truss-link) predicts a similar steel strain distribution up the wall height 

as shown in Figure 4.14(b).  However, this model (truss-link) over predicts the steel strains in 

comparison with the experimental observations from Lu et al. (2015) and also when compared with 

Model 1 (smeared) shown in Figure 4.14(a).  Model 2 (truss-link), which uses the Eligehausen (1983) 

bond model, also predicts a higher steel strain into the foundation in comparison to Model 1 

(smeared).  For example, the strains of the truss elements into the foundation at the extreme tension 

fibre edge of the wall for Models 1 and 2 were found to be 0.002 mm/m and 0.504 mm/m respectively 

at a top displacement of the wall of 42 mm.  However, this was deemed to be insignificant in 

comparison to the strains predicted by VecTor2 just above the foundation.  This was similarly 

observed for the truss-link elements model used to simulate the performance of wall specimen R1 

Oesterle et al. (1976) in Section 4.3.2.  Furthermore, the strains predicted by Model 2 with the truss-

link elements into the foundation did not reach yield (εsy ≈ 2.00mm/m) throughout the analysis (1.28 

mm/m at a top displacement of 70 mm). 
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Figure 4.14 Steel strain distribution comparison for (a) Model 1 (smeared) and (b) Model 2 (truss-link) at 
a wall drift of 1.5% (42 mm top displacement) 

Overall, VecTor2 has been shown to provide well correlated results to the experimental 

observations from wall specimens R1 (Oesterle et al., 1976) and C1 (Lu et al., 2015).  Importantly, 

the strain distributions up the wall height are well correlated, particularly for the VecTor2 model that 

uses smeared reinforcement.  Although the reliability of experimental strain data captured from strain 

and displacement gauges is questionable, the VecTor2 results corroborate well with the available 

strain data from the two experimental walls analysed here, both of which relied upon strain gauges.  

The VecTor2 results of the strains into the foundation using truss-link elements is questionable 

considering the small strain value achieved by the finite element modelling program in comparison to 

the expected yielding of reinforced bars over some length into the foundation.  However, as 

mentioned in Section 2.5.3, recent observations have revealed strain penetration lengths (into the 

foundation) that are as low as 1dbl.  Therefore, numerical analyses have been conducted on walls 

representative of those found in regions of low-to-moderate seismicity, adopting a conservative 

approach in VecTor2 to calculate the equivalent plastic hinge length; smeared reinforcement, which 

assumes perfect bond, will be used in the subsequent VecTor2 analyses.  Consequently, the calculated 

Lp using the EPHL method (Section 4.2) does not include plasticity from the strain penetration into 

the footing, similar to the method used in the plastic hinge length study by Kazaz (2013). 

 

4.4 VecTor2 analyses for lightly reinforced walls 

In total, 378 lightly RC walls with varying parameters have been analysed in VecTor2 for 

calculation of plastic hinge length.  The range of parameters considered in VecTor2 is summarised in 
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Table 4.5.  The effective height (He) is estimated to be 0.7Hn as recommended by Priestley et al. 

(2007) for cantilever walls and all of the aspect ratios of the walls are greater than 2 (governed by 

flexure).  The ALRs have been chosen to represent the majority of the building stock in low-to-

moderate seismic regions, where ALRs of less than 5% are common in walls with low vertical 

reinforcement (Henry, 2013).  Moreover, the RC walls investigated by Albidah et al. (2013) for low-

to-moderate seismic regions indicated that most of the walls had ALRs less than 5%, and the highest 

ALR did not exceed 10%.  The longitudinal reinforcement ratio (ρwv) was varied between 0.15% to 

1%, which has been said to ‘represent the great majority of building stock in low-to-moderate seismic 

regions such as Australia’ (Wibowo et al., 2013).  Moreover, Adebar and Lorzadeh (2012) note that it 

is rare for RC walls to have more than 1% vertical reinforcement.  The two fcmi values of the walls 

considered in this study were 40 MPa and 60 MPa, which are realistic values for walls designed 

originally with a characteristic compressive strength (f’c) of 32 MPa and 40 MPa, given that the target 

strength would have been higher than this and that the concrete strength will increase with time.  The 

fcmi values adopted correspond to  values of 1.25 and 1.50 respectively; these are values 

representative of concrete that has aged over several years as indicated in Moehle (2015) as discussed 

in Section 2.4.2.5.  Mean values of the material properties for the reinforcing steel were adopted from 

Menegon et al. (2015) for D500N bars which conform to AS/NZS 4671:2001 (Standards 

Australia/New Zealand, 2001).  The fy used was 551 MPa with an E of 200,000 MPa and fu / fy = 1.20.  

The ultimate strain for the purpose of the wall assessments was taken as 60% of the mean value of the 

uniform elongation strain, i.e. 0.6εsu (0.6 x 94.6 mm/m = 57 mm/m), based on the recommendations 

from Priestley et al. (2007) as discussed previously in Section 4.3.2. 

Table 4.5 Walls used in VecTor2 with varying parameters 

Lw (m) t (m) a He (m) ALR (%) fcmi (MPa) ρwv (%) ρwh (%) 

3 0.2 2.5, 4.1, 5.7 7.35, 12.25, 17.15 1.5, 5, 10 40, 60 0.15-1.0 0.25 

6 0.2 2.0, 3.3, 4.1 12.25, 19.60, 24.50 1.5, 5, 10 40, 60 0.15-1.0 0.25 

9 0.25 2.7, 3.8, 4.9 24.50, 34.30, 44.10 1.5, 5, 10 40, 60 0.15-1.0 0.25 

 

A refined mesh size was used for the lower section of the walls (over a height of Lw), whereas 

the rectangular elements above this predicted “yielding zone” had an incrementally increasing vertical 

mesh size to reduce the number of nodes and elements required.  This decreased the computation time 

while improving the accuracy of cracking distributions (vertically and horizontally) at the base of the 

wall.  This approach has been used successfully by other researchers Bohl and Adebar (2011).  In 

order to capture the expected highly localised strains in a single crack, a minimum element size 

corresponding to 0.5t was adopted for the walls, which was similar to the sizing of the elements used 

to validate VecTor2 in Section 4.3.2 and 4.3.3.  The 3:2 aspect ratio recommendation by Wong et al. 

(2013) for the plane stress elements was adhered to for the “yielding zone” of the wall.  The axial load 
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on the wall was held constant throughout the analyses, whereas the lateral displacement was 

monotonically increased at the top of the wall (He) until failure.  Curvature distributions were 

obtained when the strains in either the concrete or steel reached the strain values corresponding to the 

“collapse prevention” limit state (defined in Section 2.5.5).  An unconfined concrete strain value of 

0.003 (0.3%) and steel strain value of 0.05 (5%), were used to represent the collapse prevention limit 

state (discussed in Section 2.5.5) for an unconfined concrete wall with N-type longitudinal 

reinforcement.  The equivalent plastic hinge length (Lp) was calculated using the equivalent plastic 

hinge length method discussed previously in Section 4.2. 

 

4.5 Plastic Hinge Length Results 

Results for the Lp as a function of the ρwv range used for each wall are shown in Figure 4.15(a) 

and (b) for fcmi values of 40 MPa and 60 MPa respectively.  Superimposed in these figures (red 

square-dot lines) are indications of the respective ρwv.min calculated from the secondary cracking model 

presented in Section 4.1.  The ρwv.min from the secondary cracking model clearly gives a good 

prediction of the onset of secondary cracking and consequently of distributed plasticity.  For the walls 

with ρwv less than ρwv.min, a small Lp can be observed, corresponding to strains being concentrated at a 

single, primary crack.  Similarly, Figure 4.16(a) and (b) show the Lp results as a function of the ratio 

of the ultimate moment capacity (Mu) to the cracking moment (Mcr) of the walls for fcmi values of 40 

MPa and 60 MPa respectively.  It should be noted that Mcr has been calculated from Equation 2.5 

using the mean flexural tensile strength (fct.fl) (Equation 2.23) value rather than the characteristic 

flexural tensile strength (f’ct.f) value (Section 2.4.2.5).  It is shown that a ratio of Mu / Mcr of about 2.0 

is needed to achieve a good distribution of inelastic behaviour.  This is larger than the 1.2Mcr that is 

required when designing beams in accordance with AS 3600:2009 (Standards Australia, 2009), and by 

implication for the design of some RC walls, as suggested by Beletich et al. (2013).  Paulay and 

Priestley (1992) have recommended that minimum reinforcement to provide an ultimate moment 

capacity of at least 1.5Mcr and Morris et al. (2015) further suggests 1.5 to 2.0 times Mcr be used, the 

latter of which appears to agree with the VecTor2 results. 
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Figure 4.15 Plastic hinge length results as a function of longitudinal reinforcement ratio for all of the 
walls with a fcmi of (a) 40 MPa and (b) 60 MPa 

  

Figure 4.16 Plastic hinge length results as a function of the ultimate to cracking moment ratio for all of 
the walls with a fcmi of (a) 40 MPa and (b) 60 MPa 

As expected, for walls in which distributed plasticity does occur, the length of the plastic 

hinge zone is limited by the low value of the ultimate strain in compression for unconfined concrete 

(0.003).  In Figure 4.17, it is shown that for walls that have a ρwv higher than ρwv.min, the ultimate 

concrete strain governs rather than the steel tensile strain limit.   
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Figure 4.17 Governing strains in the walls as a function of the longitudinal reinforcement content for 
walls with a fcmi of (a) 40MPa and (b) 60MPa 

As shown in Figure 4.15, a significant Lp is achieved for walls that have a reinforcement ratio 

greater than ρwv.min with a plateau approximately being achieved for most walls after 1.2ρwv.min, where 

ρwv.min is calculated using the secondary cracking model from Section 4.1.  In contrast, the Lp values 

are much smaller for the walls with ρwv less than ρwv.min due to the formation of a single-crack.  

Therefore, only the Lp results for walls with greater than 1.2ρwv.min will be used to derive a plastic 

hinge length equation (in total, 162 walls); a low, constant value will provide an adequate 

representation of the plastic hinge length for the walls with reinforcement ratios less than ρwv.min.  

Using these results, the calculated equivalent plastic hinge length (Lp) normalised to the respective 

wall length (Lw) is plotted against significant wall design parameters in Figure 4.18.  It should be 

noted that the scatter (or discrepancies) of the plastic hinge length in Figure 4.18 are a result of the 

dependency of Lp to other parameters, and the figure has been provided to simply plot the Lp 

dependent on individual parameters and consequently identify any trends.  These three key parameters 

(Lw, ALR and a) have previously been observed to influence the spread of plasticity in the wall 

(Kazaz, 2013).  However, as illustrated in Figure 4.18(a), in the case of the walls analysed here, the 

wall length (Lw) had less of an influence on the plastic hinge length than previous research would 

indicate (Bohl & Adebar, 2011; Kazaz, 2013).  In contrast, the axial load had a greater effect on 

reducing the plastic hinge length in the walls in comparison to that reported in other research (Kazaz, 

2013).  This is most likely a result of the lower concrete strain capacity in comparison to walls that 

had been designed for seismic loading (with confinement).  As illustrated in Figure 4.18(b), higher 

axial loads subject the wall to larger concrete stresses (and strains), thus leading to the strain capacity 

of the concrete (0.003) being reached at lower displacements.  The aspect ratio (Ar = M/VLw = He/Lw) 

of the wall increases the spread of plasticity, as shown with the correlation found in Figure 4.18(c). 
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Figure 4.18 Results of plastic hinge length normalised to the respective wall length with wall parameters 
(a) wall length (b) axial load ratio and (c) aspect ratio 

A multiple linear regression analysis was used to derive the plastic hinge length expression 

for unconfined lightly reinforced concrete rectangular walls (Equation 4.14).  The standard deviations 

for the three constants, C1, C2, C3, which correspond to the constants belonging to Lw, He and the ALR 

in Equation 4.15, are calculated to be 0.006, 0.014 and 0.011. 

�� = (0.10�� + 0.075��)(1 − 6.0 �
�

������
�) ≤ 0.5�� 4.14 

The maximum limit of 0.5Lw used here is the same as that proposed by many authors, as 

discussed in Section 2.5.3.  It is clear in Figure 4.18 that very few walls in this study surpassed this 

limit.  Using the standard errors calculated from the multiple linear regression analysis for each of the 

relevant parameters, Equation 4.15 was derived to represent a lower bound estimate of Lp (mean 

minus two standard deviations). 

�� = (0.05�� + 0.050��)(1 − 5.5 �
�

������
�) ≤ 0.5�� 4.15 

It is recommended that Equation 4.15 be used for design purposes when calculating the 

displacement capacity of unconfined lightly reinforced concrete rectangular walls commonly used in 

low-to-moderate seismic regions which have a vertical reinforcement ratio greater than 1.2ρwv.min.  On 

the other hand, Equation 4.14 can be used for assessment purposes since it provides a more realistic 

and less conservative value. 

There are some limitations on the use of the equivalent plastic hinge length equations due to 

the range of the parameters used to derive them; for example, the axial load ratio is limited to 10%, 

which is the maximum value used in this study.  A full discussion of limitations imposed on the use of 

these expressions (Equations 4.14 and 4.15) are given in Section 4.9. 
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Figure 4.19(a-e) plot the VecTor2 results for Lp (for walls with ρwv greater than 1.2ρwv.min) 

against the Lp estimates from the expressions introduced in Section 2.5.3 (Equations 2.36 to 2.41).  

The majority of these expressions overestimate the Lp for the lightly reinforced, unconfined RC walls 

analysed in this study.  It should also be noted that the expression used from Priestley et al. (2007) 

(Equation 2.38), that has been used for the comparison in Figure 4.19(c), was the “conservative” or 

design Lp.  If Equation 2.42 was used instead, which was recommended to be used for assessment 

purposes, then the overestimation would have increased (and conversely decreased the r-squared 

correlation even further) in Figure 4.19(c).  Not surprisingly, the expression derived in this study 

(Equation 4.14), plotted (black circles) in Figure 4.19(f), gives the result with the best correlation (R2 

= 0.87).  The results using the lower bound Lp expression from Equation 4.15 are also plotted in 

Figure 4.19(f) (red-broken circles) and the use of this equation is shown to provide a lower bound to 

the predictions from VecTor2. 
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Figure 4.19 Comparison of VecTor2 plastic hinge length results to the proposed estimations from various 
studies 

For walls that are likely to exhibit a single-crack failure a conservative value of Lp is 

warranted for use in design due to the brittle nature of these walls.  The mean (μ) and standard 

deviation (σ) of Lp for the 3, 6 and 9 metre walls with a ρwv less than or equal to the corresponding 

ρwv.min were calculated and are given in Table 4.6.  However, it should be noted that these values in 

Table 4.6 have been obtained from VecTor2 models that use smeared reinforcement and therefore 

perfect bond was assumed.  It has been shown previously by Priestley and Park (1984) that the 

deterioration of the bond strength between the concrete and reinforcing bar will increase the strain 

penetration length.  Therefore, a constant value of 100 mm and 150 mm represent both a conservative 

estimate of the lower bound (for design purposes) and mean (for assessment) plastic hinge length for 
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single-crack-failure walls.  Nevertheless, Equations 2.39, 2.44 and 2.45 from Section 3, which all 

attempt to include the effects of strain penetration into the foundation, estimate Lp values of 145 mm, 

70 mm and 150 mm respectively, which are similar to the value proposed here.  These estimates will 

all lead to low values for the displacement capacity of walls with a single crack at the base.  The use 

of a conservative value is warranted due to the potentially brittle failure mode. 

Table 4.6 Mean and standard deviations of plastic hinge length from the VecTor2 results 

Lw (m) μ (mm) σ (mm) 

3 135.8 73.3 

6 128.8 26.5 

9 195.4 0.7 

 

 

4.6 Validation of proposed Plastic Hinge Length equation 

Recent experimental testing on rectangular RC wall elements has provided an opportunity to 

compare the proposed plastic hinge length (Lp) equation (Equation 4.14) to experimental observations.   

4.6.1 Wall1 and Wall2 (Albidah, 2016; Altheeb, 2016) 

Albidah (2016) and Altheeb (2016) conducted experimental testing for seismic performance 

on three lightly reinforced concrete rectangular walls; two of these three walls (Wall1 and Wall2) had 

parameters which conformed to the limitations of the proposed plastic hinge length equation and 

values used in the numerical study given in Section 4.4.  Importantly, the walls had detailing typical 

of that used in the low-to-moderate seismic region of Australia and also incorporated D500N 

reinforcing bars as the longitudinal reinforcement. The N-type steel is commonly used in Australia 

and has normal ductility (as opposed to E type steel that is used in regions of high seismicity and has 

even more ductility).  The details for the walls are given in Section 2.4.3.4, or more comprehensive 

details can be subsequently found in Altheeb (2016) and Albidah (2016). 

Wall specimen 1 (“Wall1”) had a ρwv of 0.33%, lower than the estimated ρwv.min of 0.47% 

(using Equation 4.5).  The experimental observations from Altheeb (2016) indicate two primary 

cracks formed during the cyclic loading, with the larger crack at the base extending to approximately 

9.8 mm from the edge of the wall for a top wall displacement of 50 mm.  At a top wall displacement 

of 70 mm, fracturing of the outermost longitudinal reinforcing bars occurred, confirming that the 

strain in the steel had been concentrated at the primary crack at the base.  The damage states of the 

wall at these displacements are shown in Figure 4.20.  The experimental observations from Altheeb 

(2016) concluded that the performance of wall specimen Wall1 was primarily governed by strain 
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penetration deformations.  These results are consistent with the secondary cracking model (SCM) that 

has been introduced in Section 4.1 and indicate that Wall1 had an insufficient amount of longitudinal 

reinforcement to allow secondary cracking. 

  

Figure 4.20 Damage state of wall specimen W1 (Altheeb, 2016) at top wall displacement of (a) 50mm and 
(b) 70mm 

Wall specimen 2 (“Wall2”) had a longitudinal reinforcement ratio of 0.66%, which is higher 

than the estimated ρwv.min of 0.47%.  Albidah (2016) and Altheeb (2016) observed that Wall2 was 

influenced more by its flexural response in comparison to Wall1.  The curvature distribution at a top 

wall displacement of 80 mm for Wall2 is shown in Figure 4.21. This was calculated based on 

measurements from string potentiometers (Albidah, 2016; Altheeb, 2016).  This curvature distribution 

can be used in conjunction with the EPHL method (Section 4.2) to calculate the equivalent plastic 

hinge length (Lp).  Using a yield curvature (Φy) value of 5.6 rad/km, the resulting Lp is estimated to be 

235.5 mm, as indicated in Table 4.7.  Following this, the estimated Lp from the experimental results is 

compared to calculated values from the range of plastic hinge length equations given in Section 2.5.3, 

as well as the Lp equation proposed in this study (Equation 4.14).  Table 4.7 shows that not only does 

the proposed Lp equation (Equation 4.14) result in the closest length to the experimentally obtained 

value, but it is also the only one that underestimates the plastic hinge length, i.e. the only conservative 

estimate.  It should be noted that the percentile difference between each of the models and the 

experimentally determined value are also given in Table 4.7 (in the brackets). 

a) b) 
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Figure 4.21 Curvature distribution for W2 (Albidah, 2016) at 80 mm top wall displacement 

 

Table 4.7 Plastic hinge length estimates for wall specimen W2 

 Experimental 
(W2) 

This Study 
(Eqn. 4.14) 

Bohl & 
Adebar 
(2011) 

Kazaz 
(2013) 

Priestley 
et al. 

(2007) 

ICBO 
(1997) 

Thomsen 
& 

Wallace 
(2004) 

Lp (mm) 235.5 207.4 293.7 365 453 450 297 

 (100%) (88%) (125%) (155%) (192%) (191%) (126%) 

 

4.6.2 C1 through to C6 (Yiqiu Lu et al., 2016) 

An experimental program was conducted by Lu et al. (2016) to address ‘the lack of 

experimental data on flexure-dominant lightly reinforced concrete walls’.  Six walls were investigated 

with details given in Table 4.8.  It should be noted that wall specimen C1, with experimental results 

discussed earlier in (Henry et al., 2015; Lu et al., 2015), was used in Section 4.3.3 to validate the 

VecTor2 models used to derive the Lp proposed in Section 4.5.  At the time of conducting the analyses 

in Section 4.3 to derive the plastic hinge length expression used here (Equation 4.14), the results for 

wall specimens C2 through to C6 from (Yiqiu Lu et al., 2016) were not available. 

Table 4.8 Details of all six test walls (Y. Lu et al., 2016) 

Wall Ar ALR (%) ρwv (%) ρwh (%) 

C1 2 3.5 0.53 0.25 

C2 4 3.5 0.53 0.25 

C3 6 3.5 0.53 0.25 

C4 2 0 0.53 0.25 

C5 2 6.6 0.53 0.25 

C6 4 3.5 0.53 0.25 
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All six walls had the same amount of distributed longitudinal reinforcement (ρwv), but differed 

in the applied axial load ratio (ALR) and aspect ratio (Ar).  The deformation of all six walls was 

primarily governed by three or four primary cracks, with most of the walls having strains concentrated 

at one large flexural crack at the wall base.  Although the mechanical properties of the D10 flexural 

reinforcing steel used in the walls tested in Lu et al. (2016) differed from the D500N reinforcing bars 

used to derive the Lp proposed in Section 4.5, the varying properties of the wall (e.g. aspect ratio, axial 

load ratio) were all within the limits used in deriving Equation 4.14.  The plastic hinge length was 

calculated in Lu et al. (2016) by integrating the curvature profile over the entire wall height, using 

similar methods to those introduced in Section 4.2.  The Lp is illustrated as a function of top wall 

displacement for the walls with Ar of 2 (C1, C4 and C5) and 4 to 6 (C2, C3 and C6) in Figure 4.22(a) 

and Figure 4.22(b) respectively. 

  

Figure 4.22 Plastic hinge lengths of walls from Lu et al. (2016) with Ar of (a) 2 and (b) greater than 2 

The overall average Lp was calculated in Lu et al. (2016) to be approximately 200 mm and 

400 mm for the walls with an Ar of 2 and greater than 2 respectively.  Moreover, an average Lp for the 

individual walls, taking the mean value using the maximum and minimum of the Lp for each wall as a 

function of displacement presented in Figure 4.22, has been calculated and given in Table 4.9.  

Furthermore, the calculated average Lp values in Table 4.9 are compared to the estimated Lp from the 

range of different expressions that are available, including the proposed expression for Lp resulting 

from this research (Equation 4.14).  Moreover, the ratio of calculated Lp to experimentally observed 

(calculated average) Lp is given in Table 4.10.  The expression proposed from this research using 

Equation 4.14 has produced the closest correlation in comparison to the majority of the lightly 

reinforced concrete walls experimentally tested in Lu et al. (2016). 

a) b) 
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Table 4.9 Plastic hinge length (in mm) estimates for wall specimens C1 to C6 

 
Experimental 

(calculated 
average) 

This Study 
(Equation 

4.14) 

Bohl & 
Adebar 
(2011) 

Kazaz 
(2013) 

Priestley et 
al. (2007) 

ICBO 
(1997) 

Thomsen & 
Wallace 
(2004) 

C1 332 277 398 478 430 700 462 

C2 403 442 531 654 654 700 462 

C3 567 608 663 784 878 700 462 

C4 261 350 420 496 430 700 462 

C5 455 211 378 463 430 700 462 

C6 479 442 531 654 654 700 462 
Table 4.10 Normalised plastic hinge length estimates for wall specimens C1 to C6 (where shaded values 

correspond to closest predictions) 

 

Experimental 
This Study 
(Equation 

4.14) 

Bohl & 
Adebar 
(2011) 

Kazaz 
(2013) 

Priestley et 
al. (2007) 

ICBO 
(1997) 

Thomsen & 
Wallace 
(2004) 

C1 1.00 0.83 1.20 1.44 1.30 2.11 1.39 

C2 1.00 1.10 1.32 1.62 1.62 1.74 1.15 

C3 1.00 1.07 1.17 1.38 1.55 1.24 0.82 

C4 1.00 1.34 1.61 1.90 1.65 2.68 1.77 

C5 1.00 0.46 0.83 1.02 0.95 1.54 1.02 

C6 1.00 0.92 1.11 1.37 1.37 1.46 0.97 
 

4.7 Influence of Strain Hardening on Plasticity 

As discussed in Section 2.1.4, the distribution of plasticity, for walls which satisfy the 

requirements for the minimum longitudinal reinforcement ratio, is expected to be dependent on the 

strain hardening ratio (fu / fy) of the longitudinal reinforcing steel.  For those that do not satisfy the 

minimum longitudinal reinforcement ratio, there may also be some dependence on the strain 

hardening ratio and that is also investigated here. The analyses conducted in Section 4.4 focusing on 

the equivalent plastic hinge length of lightly reinforced walls used a constant fu / fy ratio corresponding 

to the mean value for D500N bars (fu / fy ≈ 1.20), since this type of steel is commonly used in 

Australia.  It is also possible to use D500L reinforcing bars in RC walls, as was discussed in Section 

2.4.2.6.  This section aims to investigate the variation in the distribution of plasticity when 

considering different mechanical properties of the D500L and D500N reinforcing steel. 

Several RC walls were analysed in VecTor2 using different mechanical properties for the 

longitudinal reinforcement; these properties conform to the lower characteristic and mean values of 

D500L and D500N reinforcing bars.  These mechanical properties were introduced in Section 2.4.2.6, 

but have been reported again here for clarity in Table 4.11.  It should be noted that an fu / fy of 1.02 
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was used as the lower characteristic value for D500L bars due to the results reported in (Menegon et 

al., 2015), instead of the 1.03 value given in AS/NZS 4671:2001 (Standards Australia/New Zealand, 

2001).  The other lower characteristic values have been taken from AS/NZS 4671:2001, whereas the 

mean values were adopted from Menegon et al. (2015).  It should be noted that the ultimate strain of 

steel (εs.ult) here has been taken as 0.6εsu, as has previously been used due to the recommendations in 

Priestley et al. (2007). 

 

 

Table 4.11 Mechanical properties of the D500L and D500N reinforcing steel bars 

 fu (MPa) fy (MPa) fu / fy εs.ult (%) 

D500L (LC) 500 510 1.02 0.9 

D500L (m) 587 619 1.05 2 

D500N (LC) 500 540 1.08 3 

D500N (m) 550 660 1.20 5 
*LC=lower characteristic, m=mean   

 

The RC wall in this case study is 3 metres long, 200 mm thick and has two effective heights 

of 6720 mm and 8960 mm.  These effective heights correspond to a low-rise and mid-rise structure 

(3-storey and 4-storey buildings) with a height at roof level of 9.6 metres and 12.8 metres 

respectively, assuming a 3.2 metre inter-storey height.  The corresponding aspect ratios were thus 2.2 

and 3.0 respectively, meaning that the wall would be primarily governed by flexural behaviour.  The 

fcmi was assumed to be 32 MPa.  The same guidelines and principles that were used in Section 4.3 for 

defining the mesh of the sections were also used here, where the projected ‘yielding zone’ (of an 

approximate height equal to Lw) of the wall was meshed with 200 mm x 224 mm plane stress 

rectangular elements.  An assumed value of 0.25% was used for the transverse reinforcement ratio 

(ρwh), which corresponds to the minimum required in AS 3600:2009 (Standards Australia, 2009).  

Both the transverse and longitudinal reinforcement were modelled using different amounts of smeared 

reinforcement in the concrete plane stress rectangular elements, as outlined in Section 4.4. 

Using the SCM in Section 4.1 and Equation 4.5, the ρwv.min was estimated to range from 0.43% 

to 0.56%, depending on the mechanical properties of the steel used (Table 4.11).  A limited number of 

walls were analysed having a ρwv of 0.30% such that a single, primary crack was estimated to occur.  

For these walls, the mean values for the mechanical properties of the steel were used and an axial load 

ratio (ALR) corresponding to 2.5%.  Furthermore, many other walls were analysed using a ρwv of 

0.60%; hence secondary cracking should occur for all of these walls.  For these walls, both the lower 

characteristic and mean values of the mechanical properties of the steel were used, as well as an ALR 
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of both 2.5% and 7.5%.  Table 4.12 gives the parameters used for all of the walls analysed in VecTor2 

for this study. 

Table 4.12 Parameters for walls analysed in VecTor2 

Wall No. Lw (mm) He (mm) Ar ALR (%) D500* ρwv (%) 

1 3000 6720 2.2 2.5 L-m 0.3 

2 3000 6720 2.2 2.5 N-m 0.3 

3 3000 8960 3.0 2.5 L-m 0.3 

4 3000 8960 3.0 2.5 N-m 0.3 

5 3000 6720 2.2 2.5 L-LC 0.6 

6 3000 6720 2.2 2.5 L-m 0.6 

7 3000 6720 2.2 7.5 L-LC 0.6 

8 3000 6720 2.2 7.5 L-m 0.6 

9 3000 6720 2.2 2.5 N-LC 0.6 

10 3000 6720 2.2 2.5 N-m 0.6 

11 3000 6720 2.2 7.5 N-LC 0.6 

12 3000 6720 2.2 7.5 N-m 0.6 

13 3000 8960 3.0 2.5 L-LC 0.6 

14 3000 8960 3.0 2.5 L-m 0.6 

15 3000 8960 3.0 7.5 L-LC 0.6 

16 3000 8960 3.0 7.5 L-m 0.6 

17 3000 8960 3.0 2.5 N-LC 0.6 

18 3000 8960 3.0 2.5 N-m 0.6 

19 3000 8960 3.0 7.5 N-LC 0.6 

20 3000 8960 3.0 7.5 N-m 0.6 
*L-m = D500L mean 

*L-LC = D500L lower characteristic 

*N-m = D500N mean 

*N-LC = D500N lower characteristic 

 

 The observed force-displacement and calculated plastic hinge length results from VecTor2 of 

the walls with a ρwv of 0.30% are given in Table 4.13.  Moreover, an indication of whether the wall 

was governed by tension (T) or compression (C) strains is given in Table 4.14.  Not surprisingly, all 

of these walls formed a single, primary crack with a concentration of strain, thus these walls were 

governed by tension strains.  The equivalent plastic hinge lengths (Lp) were calculated from the 

tension and compressions strains (and resulting curvatures) up the wall height using the method 

discussed in Section 4.2, which was subsequently used to derive the results in Section 4.5.  The Lp 

values for the walls with D500L type reinforcement are larger than the same walls with D500N type 

reinforcement.  This larger Lp for walls with D500L type reinforcement is due to the smaller plastic 

curvature (Φp) obtained at failure in comparison to the walls with D500N bars, which is a result of the 

difference in εs.ult.  The Lp is calculated by dividing through by Φp, as shown in Equation 4.9.  A 
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smaller displacement capacity is achieved by the walls with D500L bars in comparison to the walls 

that had D500N bars, which is due to the different in εs.ult. 

The results for the walls analysed in VecTor2 with a ρwv of 0.60% are given in Table 4.14.  

Only one of the eight walls using D500L type reinforcement failed with compressions strains 

governing; this same wall had reached 0.85εs.ult (≈1.7%) when the wall had reached the ultimate 

unconfined compression strain, taken here as εcu = 0.003.  All of the walls using D500N type 

reinforcement failed with compression strains governing.  The equivalent plastic hinge lengths (Lp) 

are also given in Table 4.14, which have been calculated from the curvature distributions up the 

height of the wall.  The Lp results for the walls with D500L and D500N type reinforcement from 

VecTor2 are also compared to the predictions of Lp from Equations 4.14 and 4.15 in Figure 4.23.  The 

expression for Lp used for assessment purposes (Equation 4.14) is shown to provide a mostly 

conservative prediction for the walls with D500N bars in Figure 4.23(a).  Not surprisingly, these 

predictions overestimate the Lp values for some of the walls with D500L type reinforcement.  

However, the Lp predictions made using the expression recommended for design purposes (Equation 

4.15) are conservative for walls with both D500L and D500N types reinforcement, as shown in Figure 

4.23(b).   

The Lp values are generally larger for the walls with D500N type reinforcement in comparison 

to the same walls but with D500L reinforcement (Table 4.14).  The larger Lp observed is primarily 

due to the fu / fy ratio influencing the spread of plasticity, as discussed in Section 2.1.4. 

  

Figure 4.23 Observed Lp from VecTor2 compared to (a) Equation 4.14 and (b) Equation 4.15 
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Table 4.13 VecTor2 results for the walls with ρwv of 0.30% and different mechanical properties of the reinforcing steel 

Wall No. He (mm) Ar ALR (%) D500 fy (MPa) fu (MPa) fu / fy εs.ult (%) Δ'y Fy (kN) Δu Fu (kN) Lp (mm) Failure Mode* 

1 6720 2.2 2.5 L 587 619 1.05 2 4 261.2 23 337.9 264.5 T 

2 6720 2.2 2.5 N 550 660.5 1.20 5 4 253.5 33 354.1 165.8 T 

3 8960 3.0 2.5 L 587 619 1.05 2 7 199.7 33 250.2 299.4 T 

4 8960 3.0 2.5 N 550 660.5 1.20 5 7 194 49 265.5 165.9 T 
*T=Tension, C=Compression 

             
 

Table 4.14 VecTor2 results for the walls with ρwv of 0.60% and different mechanical properties of the reinforcing steel 

Wall No. He (mm) Ar ALR (%) D500 fy (MPa) fu (MPa) fu / fy εs.ult (%) Δ'y Fy (kN) Δu Fu (kN) Lp (mm) Failure Mode* 

5 6720 2.2 2.5 L 500 510 1.02 0.9 8 396.6 20 467.0 323.0 T 

6 6720 2.2 2.5 L 587 619 1.05 2 13 462.6 48 564.7 395.2 T 

7 6720 2.2 7.5 L 500 510 1.02 0.9 10 549.3 22 637.0 338.0 T 

8 6720 2.2 7.5 L 587 619 1.05 2 14 613.5 46 729.8 374.9 C 

9 6720 2.2 2.5 N 500 540 1.08 3 8 396.9 70 518.2 407.3 C 

10 6720 2.2 2.5 N 550 660.5 1.20 5 12 442.6 68 562.8 549.8 C 

11 6720 2.2 7.5 N 500 540 1.08 3 10 547.2 45 674.5 416.0 C 

12 6720 2.2 7.5 N 550 660.5 1.20 5 13 595.1 45 697.8 463.8 C 

13 8960 3.0 2.5 L 500 510 1.02 0.9 12 290.6 36 352.8 453.9 T 

14 8960 3.0 2.5 L 587 619 1.05 2 21 343.4 75 419.9 457.9 T 

15 8960 3.0 7.5 L 500 510 1.02 0.9 13 383.1 39 451.0 291.0 T 

16 8960 3.0 7.5 L 587 619 1.05 2 23 456.1 76 545.9 445.7 T 

17 8960 3.0 2.5 N 500 540 1.08 3 12 290.4 112 387.8 499.2 C 

18 8960 3.0 2.5 N 550 660.5 1.20 5 18 324.5 142 429.1 790.2 C 

19 8960 3.0 7.5 N 500 540 1.08 3 12 371.7 75 504.2 546.7 C 

20 8960 3.0 7.5 N 550 660.5 1.20 5 21 439.7 83 537.1 667.3 C 
*T=Tension, C=Compression 
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The axial load ratio (ALR) had little effect, in most instances, on the displacement capacity of 

the walls with D500L type reinforcement, as shown in Figure 4.24(a).  This is due to the walls being 

governed primarily by tension strains, thus the displacement capacity is controlled by the εs.ult.  This 

observation contrasts with the results from the walls with D500N type reinforcement, where the ALR 

decreases the displacement capacity of the wall, illustrated in Figure 4.24(b).  The decrease in 

displacement capacity for these walls is due to compression governing the performance; the initial 

pre-compression provided by the axial load increases the strain and stress in the extreme compression 

fibres of the wall. 

  

Figure 4.24 Force-displacement relationship for walls in VecTor2 with Ar 2.2 and (a) D500L lower 
characteristic and (b) D500N lower characteristic 

Interestingly, in some cases the displacement capacities of the walls were similar even though 

different mechanical properties of the steel were used.  For example, Figure 4.25(a) shows the force-

displacement relationship of the RC walls with Ar of 2.2, ALR of 7.5% and mean values for the 

mechanical properties of steel used.  The walls in this figure were both governed by compression 

strains, hence a similar displacement capacity of the walls was observed.  Interestingly, for this wall 

with D500L type reinforcement, a strain of approximately 0.85εs.ult was reached in the extreme tension 

fibre, while the wall with D500N only reached approximately 0.26εsu.  Further to this, Figure 4.25(b) 

shows the force-displacement relationship for the RC walls with Ar of 3.0, ALR of 7.5% and mean 

values for mechanical properties of the steel used.  Both of these walls achieved a similar 

displacement capacity, as shown in Figure 4.25(b).  However, the wall with D500L type 

reinforcement is governed by tension (reaching the εs.ult of approximately 2%), whereas the wall with 

D500N type reinforcement is governed by compression (εc = 0.003) and only reaches approximately 

0.26εs.ult (in the extreme tension fibre region). 
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Figure 4.25 Force-displacement relationship from VecTor2 for walls with (a) Ar 2.2 and (b) Ar 3.0  

The spread of plasticity is illustrated in Figure 4.26 for all of the walls with ρwv of 0.60% that have 

been analysed in Vector2 for the investigation on strain hardening in this section; the tension strains in 

the reinforcing steel are shown, represented by the colour spectrum (red corresponding to high strains, 

blue corresponds to low strains) For example, by comparing the results for Wall 14 and Wall 18 

(corresponding to that in Table 4.14), the increased spread of plasticity with increase in fu / fy (and 

everything else held constant) can be observed.
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Figure 4.26 Distribution of tension strains for Wall 5 to 20 analysed in VecTor2

Wall 5 Wall 6 Wall 7 Wall 8 Wall 9 Wall 10 Wall 11 Wall 12 

Wall 13 Wall 14 Wall 15 Wall 16 Wall 17 Wall 18 Wall 19 Wall 20 
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4.8 Displacement Capacity Predictions 

The aim of this section of the Chapter is to investigate the validity of the different plastic hinge 

analyses expressions that are available in the literature for lightly reinforced and unconfined RC walls.  

The displacement capacities obtained from numerical analyses will be used to compare to estimates 

given by the range of different available expressions.  Simplified expressions can be derived to improve 

the accuracy of the plastic hinge analysis for estimating the displacement capacity of lightly reinforced 

and unconfined concrete walls.  Achieving an accurate estimation of the displacement capacity of a RC 

wall is crucial in obtaining realistic results when constructing vulnerability functions. The vulnerability 

functions consider many cases and it would be very time-consuming to base them entirely on FE results; 

it is more expedient to rely upon reasonable estimates made with formulae that match well with the FE 

results within the range of interest.  A summary of the recommended equations as a result of this 

investigation is firstly given in Section 4.8.1. 

4.8.1 Summary of recommended equations 

In summary, the following equations are recommended (for assessment) to be used in calculating 

the displacement capacity of rectangular, unconfined RC walls using a plastic hinge analysis.  

Different equations for the plastic displacement are recommended depending on the longitudinal 

reinforcement ratio (ρwv) of the wall in comparison to the minimum longitudinal reinforcement ratio 

(ρwv.min) required to allow secondary cracking: 

��� =  � + 0.5(1 − �)(
3���

��
−

���
�

��
� )   

where α is the ratio of cracked to uncracked flexural wall stiffness (EcIcr / EcIg) and Hcr is the height of 

the cracked wall. 

��� = max ���, �1 −
���

��
� ���   

where Mcr is the cracking moment (Equation 2.5) and My is the moment corresponding to nominal yield. 
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where Lyp is the yield strain penetration length, which can be taken as 150 mm for assessment purposes 

(Section 4.5). 

For ρwv < ρwv.min 

∆�= �������� = (150)(
0.6��� − ���

��
)�� 

where εsu is the uniform elongation strain of the longitudinal reinforcing steel. 

For ρwv ≥ ρwv.min 

∆�=  ����� − ����� = ((0.10�� + 0.075��)(1 − 6���))(�� −
1.6���

��
)�� 

where ALR is the axial load ratio, Lsp is the strain penetration length (150 mm for assessment 

purposes) and Φu is the ultimate curvature capacity of the wall. 

4.8.2 Yield displacement as a function of ρwv 

The displacement at first yield ('y) was found for several lightly reinforced walls using some 

of the VecTor2 (Wong et al., 2013) results in Section 4.4.  The nominal yield displacement results as 

a function of the longitudinal reinforcement ratio (ρwv) are illustrated in Figure 4.27.  In this case, the 

nominal yield displacement (Δy) was calculated using Equation 2.24, by extracting the values for 'y, 

Fu and Fy from the finite element results for each increment of ρwv.  The two walls chosen from the 

study have wall lengths (Lw) of 3 and 6 metres and are 200 mm thick, with effective heights (He) 

corresponding to 7.35m and 24.5 m respectively.  The axial load ratio (ALR) for both walls was 5%.  

The mean in situ compressive strength of concrete (fcmi) is 40 MPa and the mean mechanical 

properties of steel from Menegon et al. (2015) for D500N bars were used, which corresponds to a εsy 

of 0.0027 (assuming Young’s Modulus of the reinforcing steel is 200 GPa).   

The results from this study indicate that the nominal yield displacement increases as a 

function of the longitudinal reinforcement ratio (ρwv) of the wall.  This is discussed by Wallace and 

Moehle (1992) for the nominal yield curvature (Φy), which ‘increases with increasing steel ratio and 

axial load’.  Moreover, the estimation from Priestley et al. (2007) using Equation 2.30 (and estimating 

the yield curvature with Equation 2.29) overestimates the nominal yield displacement over the entire 

ρwv range.  As discussed in Priestley and Kowalski (1998), the relationship for yield curvature 

(estimated as 2εsy/Lw, discussed in Section 2.5.1) ‘should not be extrapolated beyond the range 300 ≤ 

fy ≤ 500 MPa nor beyond the limits of longitudinal steel ratio’, which were between 1% ≤ ρwv ≤ 4%.  

Given that the lower characteristic value of the yield stress (fy) of D500N reinforcing bars used in 

Australia is 500 MPa (Standards Australia/New Zealand, 2001) the actual value of fy will typically be 
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higher than 500 MPa.  Moreover, the majority of RC walls found in Australia and other low-to-

moderate seismic regions have longitudinal reinforcement ratios lower than 1% (Adebar & Lorzadeh, 

2012; Albidah et al., 2013; Wibowo et al., 2013).  Hence the equation for estimating the nominal 

yield curvature for rectangular walls in Australia needs further investigation. 

 

Figure 4.27 Nominal yield displacement as a function of longitudinal reinforcement for (a) 3 metre wall 
and (b) 6 metre wall` 

It is also interesting to note in Figure 4.27 that the resulting nominal yield displacement from 

VecTor2 is also significantly lower than the estimate from Priestley et al. (2007) (Equation 2.30) for 

walls with a ρwv larger than the predicted ρwv.min (using the SCM in Section 4.1) of 0.50%.  It has been 

previously shown that for certain walls with well distributed cracking a linear curvature profile at 

yield is able to provide a good approximation to the yield displacement that corresponds to a more 

realistic curvature Priestley et al. (2007).  For example, Equation 2.30 has been derived by assuming a 

linear curvature profile, which has been shown to give only a slightly higher yield displacement result 

in comparison to a more “realistic” curvature profile of a wall which has an uncracked upper portion 

(50% of wall height) if ignoring tension shift effects Priestley et al. (2007).  However, this same 

approach is not likely to correlate well to estimates of the yield displacement for walls with a low 

amount of longitudinal reinforcement (and unconfined boundary ends), where flexural cracking above 

the base of the wall does not extend to 50% of the wall height.  Moreover, Equations 2.31 to 2.33 

were used to estimate the yield displacement for the walls, which are also illustrated in Figure 4.27 

(where shear displacements were assumed to be negligible and ignored).  These estimates are a result 

of expressions suggested by Beyer (2007) to overcome the linear curvature profile assumption by 

accounting for the actual height of the crack wall.  However, as shown in Figure 4.27, this approach 

still overestimates, to a large extent, the (nominal) yield displacement in comparison to the observed 
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VecTor2 results.  Nevertheless, there does seem to be a similar trend (or gradient) with the estimated 

yield displacement values, for the given ρwv range, using the expression proposed from Beyer (2007) 

in comparison to the VecTor2 data in Figure 4.27.  Therefore, it may be possible to apply a factor to 

the expression proposed in Beyer (2007) to provide a better estimate of Δy for lightly reinforced 

concrete walls. 

To investigate the yield strain distribution in the walls, while highlighting the difference in 

behaviour for walls with a single crack and those in which well distributed cracking is observed, 

values of ρwv of 0.15% and 1.00% have been utilised, where the strain and curvature distributions are 

compared.  Using Equation 4.5, it is estimated that both walls need a ρwv of approximately 0.50% to 

allow secondary cracking.  This gives an insight into the reasons for the differences in estimates of 

yield displacement that have been discussed above.  Figure 4.28(a) shows the results for the 3 metre 

walls with a ρwv of 0.15% and 1.00% respectively at the point at which the yield strain, εsy, has just 

been reached in the outermost layer of tensile reinforcement at the base of the wall.  For the wall with 

a single crack (ρwv = 0.15%), the strain distribution at yield is clearly concentrated at the base of the 

wall and the tensile strain rapidly diminishes over a small length up the height of the wall.  This is in 

contrast to the wall with a 1.00% longitudinal reinforcement ratio, where the strains appear to be more 

distributed up the wall height.  Figure 4.28(b) shows the curvature distribution results for the walls 

with secondary cracking (ρwv of 0.60%, 0.75% and 1.00%) over the entire wall height (of 7.35 m).  

Superimposed on this figure is a linear curvature profile, which is commonly assumed.  Although it 

appears some yielding (and thus, some cracking) have occurred in the majority of the lower 50% of 

the wall height, the actual curvature profiles are far different from the approximate linear curvature 

profile.  Moreover, the curvature distribution becomes more linear as the longitudinal reinforcement 

ratio increases, which explains the trend illustrated in Figure 4.27.  This type of curvature distribution 

was also observed experimentally in Lu et al. (2016) for the six lightly reinforced walls tested, where 

a ‘few sharp curvature peaks’ were ‘greatly influenced by the crack distribution’. 
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Figure 4.28(a) Steel strain distribution and (b) curvature distribution for the 3-metre wall in VecTor2 

Figure 4.29 gives the idealised curvature distribution with the proposed method from Beyer 

(2007) for one of the RC wall examples where secondary cracking occurred (ρwv = 0.60%).  

Interestingly, the linear curvature profile, that uses a maximum of αΦ’y, corresponds well to the 

VecTor2 results in Figure 4.29 for where there are no curvature “peaks”.  However, the cracking 

height (hcr), which is the cracked height over which it is assumed that the reinforcing bars are 

yielding, is overestimated by a large margin in comparison to the curvature distribution from 

VecTor2. 

 

Figure 4.29 Idealised curvature distribution from Beyer (2007) for 3 metre wall (ρwv = 0.60%)  
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The results here have shown that a review is needed of the displacement capacity equations 

for the lightly reinforced walls typically found in regions of low-to-moderate seismicity.  In the next 

section coefficients are derived that can be used in equations to better predict the nominal yield 

displacement of lightly reinforced walls. 

4.8.3 Estimating the yield capacity 

As discussed in Section 4.8.2, the expressions proposed by Beyer (2007) (which were given 

in Section 2.5.1) overestimated the nominal yield displacement (Δy) of the lightly reinforced walls 

analysed in VecTor2.  However, the expression from Beyer (2007) resulted in increasing Δy with 

increasing amounts of ρwv, which was also observed with the VecTor2 data.  Therefore, a yield 

displacement coefficient (kΔ) is proposed to be used in conjunction with the expressions proposed by 

Beyer (2007) (Equation 2.31 to 2.33).  The kΔ is similar to that proposed by Tjhin et al. (2004), which 

is dependent on the curvature distribution up the height of the wall, except the coefficient is used here 

specifically for lightly reinforced walls (with ρwv ≤ 1.00%).   

VecTor2 was used to conduct nonlinear pushover analyses using constitutive models and 

mesh sizing similar to that used in Section 4.4.  The sensitivity of the coefficients for Φy and Δy to 

several different parameters was investigated; these parameters were the wall length (Lw), axial load 

ratio (ALR) and longitudinal reinforcement ratio (ρwv). A realistic range of values was taken for each 

parameter.  The Lw considered were 3, 6 and 9 metres, while the thickness of all of the rectangular 

walls was 200 mm.  Mean values of the mechanical properties were taken from Menegon et al. (2015) 

for the D500N steel reinforcing bars that are commonly used in Australia.  The fcmi was held constant 

at 40MPa, while the ALRs considered were 1.5% and 10%, a lower and upper limit found to be within 

the recommended and observed values from Henry (2013) and Albidah et al. (2013).  All of the walls 

had an aspect ratio (Ar = He/Lw) higher than 3 so that flexural behaviour would govern. 

4.8.3.1 Nominal Yield Curvature 

The nominal yield curvature (Φy) can be estimated using an expression in the form of 

Equation 2.28.  According to Tjhin et al. (2004), K1 is primarily dependent on ‘the cross sectional 

shape of the wall, axial load level, and the amount, configuration, and yield strength of the 

longitudinal reinforcement’.  For convenience, Equation 2.28 is reported here again, with Equation 

4.16. 

�� =
�����

��
 4.16 

The terms in the numerator of Equation 4.16 are equivalent to the kϕ value, which is 

commonly dependent on the yield strain value of the reinforcing bars used; e.g. kϕ = K1εsy.  Section 
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4.8.2 and Figure 4.27 showed that it is likely that the K1 value of 2 from Priestley et al. (2007) is 

inappropriate for rectangular concrete walls with D500N type reinforcement.  Moreover, the estimates 

of nominal yield displacement found using Equation 2.30, over predicted the results.  Therefore, using 

finite element results, kΔ and K1 values will be derived for the lightly reinforced, unconfined walls 

commonly found in low-to-moderate seismic regions. 

The curvature at first yield (Φ’y) was calculated from the steel and concrete strains reached in 

the respective extreme fibre edges at the yield displacement.  The nominal yield curvature (Φy) was 

thus calculated using Equation 2.27 with the corresponding moment at first yield (My) and ultimate 

moment (Mu).  The nominal yield curvature coefficient (K1) was found by using the curvature results 

from VecTor2 and rearranging Equations 4.16.  The results from VecTor2 and the corresponding 

coefficients are given in Table 4.15.  Also given in Table 4.15 are the results for the nominal yield 

curvature equal to 2εsy/Lw, which, as mentioned previously, is commonly assumed for rectangular RC 

walls.  It is shown that this expression overestimates the nominal yield curvature when compared with 

the VecTor2 results, as was expected given the results in Section 4.8.2 for the yield displacement.  

The Equation 2.29 from Priestley and Kowalski (1998) was also found to overpredict the yield 

curvature in comparison to experimental observations of six structural RC walls tested on a shaker 

table by Lestuzzi and Bachmann (2007).  Interestingly, the reinforcing steel used in these 

experimental RC walls had mechanical properties similar to the D500N bars used in the research 

investigation here.  Moreover, it is suggested in Lestuzzi and Bachmann (2007) that the poor 

correlation is the result of the properties of reinforcing steel that is outside the limitations of the 

equation proposed by Priestley and Kowalski (1998) (Equation 2.29), as discussed in Section 2.5.1.  

The minimum of the sum of the squares has been used to calculate K1 from the Vector2 results. The 

resulting value of 1.8 for K1 has also been used in one of the columns in Table 4.15 to estimate Φy.  

This was close to the values (for K1) adopted by Lestuzzi and Bachmann (2007) for the yield 

curvature comparison to the experimental walls of 1.75 and 1.56, depending on whether the 

rectangular walls that were tested had light or heavy amounts of longitudinal reinforcement 

concentrated (lumped) at the ends of the wall.  The yield curvature estimates using Equation 4.16 and 

K1 values of 1.8 and 2.0 are illustrated in Figure 4.30; although the same R2 value, it can be observed 

that the K1 value of 2.0 over estimates Φy in comparison to the VecTor2 data. 
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Figure 4.30 Yield curvature results from VecTor2 compared to estimates using Equation 4.16 with K1 
values of (a) 1.8 and (b) 2.0 
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Table 4.15 Results from VecTor2 and estimates for the lightly reinforced concrete walls 

    VecTor2 Estimated (rad/km) 

Lw (m) ALR He (m) ρwv Δ'y (mm) Fu/Fy Φy (rad/km) Δy (mm) Φy=1.8εsy/Lw Φy=2εsy/Lw 

3000 1.5% 12.25 0.15% 5.0 1.42 1.38 7.1 1.61 1.79 

3000 1.5% 12.25 0.30% 7.0 1.51 1.81 10.5 1.98 2.20 

3000 1.5% 12.25 0.45% 9.0 1.61 1.54 14.5 1.51 1.68 

3000 1.5% 12.25 0.60% 17.0 1.30 1.49 22.1 1.70 1.89 

3000 1.5% 12.25 0.75% 33.0 1.20 1.51 39.6 1.65 1.83 

3000 1.5% 12.25 0.90% 40.0 1.21 1.60 48.5 1.66 1.85 

3000 1.5% 12.25 1.00% 43.0 1.23 1.63 52.7 1.65 1.84 

3000 10.0% 12.25 0.15% 12.0 1.47 2.00 17.7 2.04 2.27 

3000 10.0% 12.25 0.30% 13.0 1.58 1.79 20.5 1.63 1.81 

3000 10.0% 12.25 0.45% 17.0 1.43 1.83 24.2 1.81 2.01 

3000 10.0% 12.25 0.60% 24.0 1.28 1.64 30.7 1.65 1.83 

3000 10.0% 12.25 0.75% 39.0 1.13 1.71 44.2 1.66 1.84 

3000 10.0% 12.25 0.90% 44.0 1.13 1.77 49.8 1.65 1.83 

6000 10.0% 19.6 1.00% 47.0 1.13 0.90 53.1 0.83 0.92 

6000 1.5% 19.6 0.15% 8.0 1.14 0.56 9.2 0.79 0.88 

6000 1.5% 19.6 0.30% 9.0 1.58 0.80 14.2 0.82 0.91 

6000 1.5% 19.6 0.45% 11.0 1.67 0.99 18.4 0.96 1.07 

6000 1.5% 19.6 0.60% 17.0 1.40 0.79 23.9 0.86 0.96 

6000 1.5% 19.6 0.75% 40.0 1.21 0.77 48.5 0.82 0.91 

6000 1.5% 19.6 0.90% 49.0 1.23 0.80 60.1 0.81 0.90 

6000 1.5% 19.6 1.00% 55.0 1.23 0.84 67.5 0.82 0.91 

6000 10.0% 19.6 0.15% 15.0 1.50 0.99 22.5 0.97 1.08 

6000 10.0% 19.6 0.30% 15.0 1.66 0.95 24.9 0.83 0.92 

6000 10.0% 19.6 0.45% 18.0 1.63 1.03 29.3 0.91 1.01 

6000 10.0% 19.6 0.60% 22.0 1.47 0.91 32.3 0.85 0.94 

6000 10.0% 19.6 0.75% 48.0 1.13 0.87 54.4 0.82 0.91 

6000 10.0% 19.6 0.90% 55.0 1.12 0.91 61.6 0.82 0.91 

6000 10.0% 19.6 1.00% 59.0 1.11 0.92 65.6 0.82 0.91 

9000 1.5% 34.3 0.15% 13.0 1.41 0.62 18.3 0.75 0.83 

9000 1.5% 34.3 0.30% 16.0 1.59 0.61 25.4 0.64 0.71 
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9000 1.5% 34.3 0.45% 21.0 1.66 0.60 34.8 0.59 0.66 

9000 1.5% 34.3 0.60% 28.0 1.54 0.53 43.3 0.54 0.60 

9000 1.5% 34.3 0.75% 81.0 1.22 0.50 99.1 0.54 0.60 

9000 1.5% 34.3 0.90% 100.0 1.24 0.53 124.0 0.55 0.61 

9000 1.5% 34.3 1.00% 108.0 1.25 0.54 135.1 0.54 0.60 

9000 10.0% 34.3 0.15% 27.0 1.58 0.56 42.6 0.53 0.59 

9000 10.0% 34.3 0.30% 30.0 1.65 0.60 49.5 0.53 0.59 

9000 10.0% 34.3 0.45% 37.0 1.62 0.61 59.8 0.54 0.60 

9000 10.0% 34.3 0.60% 44.0 1.50 0.59 65.9 0.56 0.62 

9000 10.0% 34.3 0.75% 98.0 1.15 0.55 112.9 0.55 0.61 

9000 10.0% 34.3 0.90% 111.0 1.16 0.57 128.3 0.54 0.60 

9000 10.0% 34.3 1.00% 119.0 1.15 0.58 136.9 0.55 0.61 
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4.8.3.2 Nominal Yield Displacement 

Using the VecTor2 results, the yield displacement (Δ’y) was determined as the displacement at 

which the outermost longitudinal reinforcing bar reached or exceeded the yield strain εsy 

(approximately 0.0027).  The nominal yield displacement (Δy) was calculated using the VecTor2 

results and Equation 2.24.  These corresponding values determined from VecTor2 are given in Table 

4.15.  An estimate of Δy can be calculated using Equation 4.17, which is the equation proposed by 

Beyer (2007) (Section 2.5.1) with the inclusion of a proposed kΔ factor.  The value of kΔ can be 

calculated using Equation 4.18, which assumes a linear relationship between the nominal yield 

displacement and the longitudinal reinforcement ratio (ρwv). 

∆�=  �∆��(
���

3
��

� + �����)  4.17 

�∆ =  ���� + � = 60��� + 0.17 4.18 

The � and � values in Equation 4.18 were calculated using the Δy results from VecTor2 and 

the minimum of the sum of the squares.  The estimated Δy values, using Equation 4.17, in comparison 

to the VecTor2 results are shown to correlate well in Figure 4.31(a).  This is compared to the nominal 

yield estimates from Beyer (2007) and Priestley et al. (2007) in Figure 4.31(b) and Figure 4.31(c) 

respectively, without the kΔ factor.  Clearly a better estimate of the Δy can be achieved, illustrated with 

the different R2 correlations in Figure 4.31, by including a factor (kΔ) for lightly reinforced concrete 

walls. 
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Figure 4.31 VecTor2 results of the nominal yield displacement compared to the estimates using 
expressions from (a) Equation 4.17 (b) Priestley et al. (2007) and (c) Beyer (2007) 

 

4.8.4 Plastic displacement capacity 

As previously discussed in Section 2.1, observations from the Christchurch and Chilean 

earthquake indicated that some lightly reinforced walls may fail in a non-ductile fashion with a single 

crack in the plastic hinge zone.  In this case, the curvature is concentrated over a small height at the 

base of the wall.  Furthermore, a typical moment-curvature analysis may not be able to predict the 

ultimate curvature achieved by these types of walls as the performance is governed by strain 

penetration deformation rather than flexural deformation, where the assumptions inherently built in to 

a moment-curvature analyses no longer apply.  Research by Wibowo et al. (2016) has led to an 
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alternative method for calculating the moment-curvature for lightly reinforced concrete columns.  

Moreover, Wibowo et al. (2016) offer a simplified alternative for the moment and curvature with 

Equations 4.19 and 4.20.  However, these equations may not be applicable to RC walls since there is 

typically a greater axial load ratio (ALR) and longitudinal reinforcement ratio (ρwv) in lightly 

reinforced columns in comparison to lightly reinforced walls.  However, it is worth noting the 

apparent increase in both yield penetration moment (Myp) and curvature (Φyp) achieved in comparison 

to the flexural moment (Mflexural) and curvature (Φflexural). 

��� = �0.6 + 0.8��� + 1.7(
���

���
)� ��������� 4.19 

��� = 1.1 ��������� 4.20 

Instead, the proposed estimation here is derived by from treating the plastic behaviour due to 

yield penetration and bond slip at the base as a plastic rotation due to an estimated curvature 

multiplied by a plastic hinge length.  This estimate of the plastic curvature (Φp) of the walls with a 

single-crack failure is illustrated in Figure 4.32.  The Φp can be calculated using Equation 4.21, which 

conservatively assumes that no compression region exists over the length of the wall.  An ultimate 

strain value equal to 0.6 of the uniform elongation strain (εsu) for the reinforcing steel is used due to 

the recommendations by Priestley et al. (2007) for low-cycle fatigue.  The 0.6 factor appeared to be a 

good estimate for low-cycle fatigue of the reinforcing bars from the observations of experimental 

results on the cyclic behaviour of U-shaped walls from Beyer et al. (2007).  However it is 

acknowledged that the fatigue life will be dependent on the strain history experienced by the steel 

reinforcement, which could vary greatly from one earthquake to the next, and that the use of a 0.6 

factor to represent all cases is only an approximation.  The yield strain (εsy) value is subtracted from 

the ultimate strain (0.6εsu).   

�� =
0.6��� −  ���

��
 4.21 

In contrast, for walls that achieve secondary cracking, and hence well distributed cracks 

within the plastic hinge zone, a typical moment-curvature analysis can be used to obtain an estimate 

of the ultimate curvature (Φu), as it is assumed that the walls’ performance will be governed by 

flexural behaviour.  In this case Φp can then be calculated by subtracting the estimated nominal yield 

curvature (e.g. Φp = Φu – Φy). 
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Figure 4.32 Idealised strain reached at the ultimate state for a single-crack-failure wall 

The ultimate curvature for two lightly RC walls that fail due to bar fracture at a single crack at 

the base has been assessed here using VecTor2 (Wong et al., 2013) and Response-2000 (Bentz, 2000).  

Equation 4.21 is also used to determine the plastic curvature and to compare this with the 

experimental results.  As previously discussed in Section 2.4.3.1, wall specimen PCA SW-1 

(Cardenas & Magura, 1972) was observed to fail with a single crack and the moment-curvature was 

captured during the experiment, so that wall has been chosen for this study.  In addition, an 8 metre 

long wall (300mm thick) detailed to AS 3600:2009 (Standards Australia, 2009), has been designed to 

fail with a single crack at the base. The longitudinal and transverse reinforcement ratios were chosen 

to be 0.27% and 0.25%, and mean values of the key properties of the D500N type reinforcing bars 

were used.  The fcmi was assumed to be 32MPa, corresponding to a fct.fl of 3.2 MPa.  An effective 

height of 17.15 m, which corresponds approximately to a mid-rise, 7 storey structure, and an ALR of 

2.5% were chosen.  The VecTor2 cracking distribution results for PCA SW-1 and the 8 m wall are 

illustrated in Figure 4.33; the two RC walls are predicted to have failed with primary crack/s and a 

concentration of strain at the base, as expected, and a comparison of the ultimate curvatures from 

Vector2, Response 2000, Equation 4.24 and the experimental results (for the PCA wall only) is given 

in Table 4.16.  Equation 4.21 appears to provide a good estimate of the ultimate curvature in 

comparison to the experimental observations for the PCA SW-1 specimen. 

0.6εsu 

Lw 

εsy 
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Figure 4.33 Cracking distribution of (a) PCA SW-1 and (b) 8 metre wall 

Table 4.16 Estimates of plastic curvatures (rad/km) 

Specimen Experimental Response-2000 VecTor2 Equation 4.21 

PCA SW-1 8.6 7.1 12.4 7.8 

8 metre wall - 3.5 6.4 6.3 

 

The plastic displacement is calculated using Equation 4.22, which was discussed in Section 

2.5.2 but reproduced here for clarity.  For walls that form secondary cracks, the plastic hinge length 

(Lp) can be calculated for lightly reinforced and unconfined concrete rectangular walls using Equation 

4.14.  This equation has been derived from an extensive study for these types of walls in Section 4.4.  

It was also recommended in Section 4.5 that a more conservative equation be used for design 

purposes (Equation 4.15). 

∆�= (��)���� 4.22 

If a wall is estimated to have a single, primary crack, the plasticity is confined to a small 

length of the wall. A value of 100 mm was suggested to be used in Section 4.5; by using the product 

of this length and the plastic curvature estimated in Equation 4.21 a conservative estimate of the 

plastic rotation could be obtained that incorporates strain penetration on each side of the crack.  A less 

conservative value of 150 mm is used here for assessment purposes, which corresponds to the mean 

plastic hinge length for the walls in Section 4.5. 

a) b) 
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4.8.5 Comparison with experimental and FE walls 

Recent experimental testing on lightly reinforced rectangular concrete walls has been 

conducted in Australia using D500N type reinforcing steel (Albidah, 2016; Altheeb, 2016), and these 

were discussed in Section 2.4.3.4.  One of the three walls tested (“Wall1”) formed a single-crack at 

the base of the wall; it had a ρwv content less than the ρwv.min estimated using Equation 4.5.  Both 

“Wall1” and “Wall2” provide useful information for comparison with the equations proposed here. 

For the sake of brevity, the reader is referred to Section 2.4.3.4 or Altheeb (2016) and Albidah (2016) 

for further details.  It should be noted that the third wall (“Wall3”) tested by Albidah (2016) and 

Altheeb (2016) has not been used here, as the parameters (e.g. ρwv) are outside the scope of this study.  

Also, FE models of two other RC walls have been analysed in VecTor2, and are also used for 

comparison.  The two FE walls are similar to the one analysed in Section 4.8.2 but in this case they 

have been modelled with an effective height of He of 7350 mm.   

VecTor2 has been used to determine the force vs displacement behaviour of Wall1 and Wall2.  

Good correlations have been achieved using the same constitutive and material models as for the 

numerical walls analysed in Section 4.4; for example, the force-displacement results from VecTor2 

are compared to the experimental observations in Figure 4.34 for both of the experimental walls.  

Although there are slight discrepancies in the comparisons made in Figure 4.34 with regards to the 

initial stiffness’ of the walls, the overall monotonic force-displacement relationship from VecTor2 

compares well to the envelope of the cyclic force-displacement results provided experimentally.  

Good comparisons with VecTor2 have also been obtained to predict the experimental results for two 

other lightly reinforced walls that were not detailed using D500N reinforcing bars (Section 4.3.2 and 

4.3.3).  Therefore, the results from VecTor2 are considered reliable when making predictions of the 

actual yield and plastic displacements of a wall.  The approximate equations that have been proposed 

above to estimate the wall displacements are summarised in Section 4.8.1. The magnitude of the 

longitudinal reinforcement ratio, i.e. whether it is lesser or greater than the specified minimum value 

(using the SCM in Section 4.1), determines which set of equations is used. 
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Figure 4.34 VecTor2 results for (a) Wall1 and (b) Wall2 from Altheeb (2016) 

Table 4.17 and Table 4.18 compare the predicted nominal yield and plastic displacement 

(respectively) from the proposed capacity equations (Section 4.8.1) to the observed experimental and 

analytical results.  The resulting predictions of displacement capacity using the equations 

recommended by Priestley et al. (2007) (given in Section 2.5) are also given in Table 4.17 and Table 

4.18, which also required a moment-curvature analysis to be undertaken for each of the wall sections.  

Table 4.19 gives the summation of the yield and plastic deformations, which corresponds to the 

ultimate displacement.  It should be noted that the ultimate displacement is taken at the peak of the 

force-displacement response of the walls; this typically corresponds with an ultimate concrete strain 

of 0.003 being reached in the unconfined walls, a value which has been used by other researchers 

(Menegon, Tsang, Wilson, et al., 2015; Tjhin et al., 2004; Wood, 1989).  Figure 4.35 illustrates the 

predicted yield and ultimate displacements in comparison to the experimental and finite elements 

results. 

As shown in Table 4.17, the estimates of the nominal yield displacement made using the 

proposed equations are conservative for the experimental walls (Wall1 and Wall2) from Altheeb 

(2016), but are within 83% to 99% of the observed value for the walls analysed in VecTor2.  The 

equations from Priestley et al. (2007) overestimate the nominal yield displacement, as was found in 

Section 4.8.3.2. 

For walls that are predicted to form secondary cracks, the conservative nature of the plastic 

deformation results for Wall2 could be due to the use of the equation for the plastic hinge length from 

Section 4.5 (Equation 4.14). This was derived from the mean results of a multiple linear regression 

analysis for lightly reinforced and unconfined rectangular walls, where there was some scatter in the 

results.  However, a similar plastic displacement is achieved by using the equations from Priestley et 
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al. (2007).  There was also some deformation observed experimentally due to other components not 

considered in the equations used here; for example, Altheeb (2016) reported that the deformation 

contributions for Wall2 at the peak displacement were from flexural (54%), strain penetration (36%) 

and shear (or sliding shear) (10%). 

For the walls with single-crack failures that have rotations at the base driven by strain 

penetration rather than flexural deformations over a specified length, a good match is obtained for the 

plastic deformation using Equation 4.21 and a plastic hinge length of 150mm.  In contrast, the 

equations by Priestley et al. (2007) widely overestimate the plastic deformation for the 3 metre finite 

element wall with a single crack, primarily due to the calculated Lp of 1033 mm (using Equation 

2.38).  Moreover, the nominal yield and plastic deformation predictions by Priestley et al. (2007) 

decrease in accuracy as the effective height (He) increases.  This is due to the high dependency on He 

in the equations for calculating nominal yield and plastic displacement given in Equation 2.30 and 

Equation 4.22 respectively. 

Overall, a closer match was achieved using the equations proposed here (in Section 4.8.1) 

when predicting the yield and plastic deformations of these lightly reinforced and unconfined 

rectangular walls that are common to the low-to-moderate seismic region of Australia.



221 
 

Table 4.17 Nominal yield displacement results 

    Nominal Yield Displacement (Δy) Ratio (predicted/observed) 

Wall Specimen ρwv ρwv.min Behaviour Observed (mm) This Study (mm) Priestley et al. (2007) This Study (mm) Priestley et al. (2007) 

Wall1 (Altheeb, 2016) 0.36% 0.47% Single Crack 10 5 19 0.52 1.95 

Wall2 (Altheeb, 2016) 0.73% 0.46% Secondary Cracking 11 8 19 0.75 1.76 

3 metre wall (VecTor2) 0.15% 0.50% Single Crack 4 3 35 0.83 8.63 

3 metre wall (VecTor2) 1.00% 0.50% Secondary Cracking 18 18 35 0.99 1.92 

 

Table 4.18 Plastic displacement results 

    Plastic Displacement (Δp) Ratio (predicted/observed) 

Wall Specimen ρwv ρwv.min Behaviour Observed (mm) This Study (mm) Priestley et al. (2007) This Study (mm) Priestley et al. (2007) 

Wall1 (Altheeb, 2016) 0.36% 0.47% Single Crack 29 26 25 0.90 0.88 

Wall2 (Altheeb, 2016) 0.73% 0.46% Secondary Cracking 32 14 15 0.43 0.47 

3 metre wall (VecTor2) 0.15% 0.50% Single Crack 20 17 60 0.87 2.98 

3 metre wall (VecTor2) 1.00% 0.50% Secondary Cracking 22 18 29 0.81 1.30 

 

Table 4.19 Ultimate displacement results 

    Plastic Displacement (Δp) Ratio (predicted/observed) 

Wall Specimen ρwv ρwv.min Behaviour Observed (mm) This Study (mm) Priestley et al. (2007) This Study (mm) Priestley et al. (2007) 

Wall1 (Altheeb, 2016) 0.36% 0.47% Single Crack 39 31 44 0.81 1.14 

Wall2 (Altheeb, 2016) 0.73% 0.46% Secondary Cracking 43 22 34 0.51 0.79 

3 metre wall (VecTor2) 0.15% 0.50% Single Crack 24 21 94 0.86 3.92 

3 metre wall (VecTor2) 1.00% 0.50% Secondary Cracking 40 36 63 0.89 1.58 
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Figure 4.35 Predicted force-displacement results for expeimental and finite element analysis of walls using (a-d) this study and (e-h) Priestley et al. (2007)
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4.9 Discussion 

The aim of this Chapter was to investigate the seismic performance of lightly reinforced and 

unconfined rectangular walls, which are typical in Australia and other low-to-moderate seismic 

regions.  The mean values were used for the material properties of the steel and concrete, as the 

emphasis in this Chapter was on assessment.  A minimum longitudinal reinforcement ratio ρwv.min has 

been found to be necessary to initiate secondary cracking at the base of the wall.  It can be estimated 

using the secondary cracking model introduced in Section 4.1.  This minimum longitudinal 

reinforcement ratio has been found to be, in most instances, much larger than the minimum that is 

currently stipulated in some provisions to control the effects of shrinkage and temperature, including 

the value of 0.15% specified in AS 3600:2009 (Standards Australia, 2009).  When designing a wall 

for bending (Section 2.1.4) the minimum longitudinal reinforcement ratio required in AS3600:2009 

will be increased above 0.15% due to the requirement that the ultimate moment to cracking moment 

ratio be higher than 1.2.  However, even if this is satisfied, the longitudinal reinforcement ratio may 

not be sufficient to trigger secondary cracking at high levels of displacement.  It has been shown that 

the empirical plastic hinge length equations that are commonly used in plastic hinge analyses are 

inappropriate for lightly reinforced walls.  An equivalent plastic hinge length (Lp) equation was 

derived for lightly reinforced and unconfined rectangular walls using a large number of numerical 

analyses.  For walls with a ρwv less than the calculated ρwv.min, a constant value of 100 mm has been 

shown to give a conservative estimate of the plastic hinge length for walls that fail due to brittle 

fracture of longitudinal steel bars at a single crack at the base of the wall. 

For slender rectangular RC walls, out-of-plane deformation is known to occur under pure in-

plane loading (Almeida et al., 2017; Menegon, Wilson, et al., 2015).  This phenomenon, in some 

cases, can lead to an out-of-plane instability failure.  It should be acknowledged that this mode of 

response and failure was not accounted for in the VecTor2 analyses undertaken here. 

There are some limitations on the use of the equivalent plastic hinge length equations due to 

the range of the parameters used to derive them; hence further studies will be needed to determine, for 

instance, whether the Lp derived from the study here gives reasonable results for larger values of Lw 

and He than those used in this study.  Equation 4.14 and 4.15 are specific to rectangular, unconfined 

RC walls with distributed longitudinal reinforcement.  The axial load ratio is limited to 10%, the 

maximum value used in this study.  The aspect ratio of the walls should be equal to or greater than 2, 

since the behaviour of the RC wall will be governed by flexural actions in this case.  As discussed in 

Section 2.5.3, the fu / fy ratio will also have an influence on the spread of plasticity.  Therefore, the 

derived Lp equation is also limited to the assessment of walls with N-type reinforcement.  However, it 

is likely that the Lp equation derived from the results in this study will give a conservative result for 

unconfined and lightly reinforced walls which are reinforced with E-type steel, since this type of steel 
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has a higher fu / fy ratio than that of N-type.  For example, the Lp predictions made using Equation 4.14 

compared well with the values obtained in the tests on six walls by Lu et al. (2016) in Section 4.6.2.  

Furthermore, an investigation was undertaken to observe the effects of strain hardening on Lp using 

RC walls detailed with N-type (“normal ductility”)and L-type (“low ductility”) reinforcing bars.  It 

was shown in Section 4.7 that the lower bound expression for Lp (Equation 4.15) gave conservative 

values in comparison to the Lp derived for the RC walls with L-type reinforcement. 

A study was undertaken which aimed to provide better estimates of the (nominal) yield and 

plastic deformation capacities for lightly RC walls.  It was of particular importance to predict the 

displacement capacity of walls that exhibit a single crack, where the performance is predominantly 

governed by strain penetration deformation rather than the conventional flexural deformations.  

Nominal yield curvature and displacement coefficients were derived from a series of finite element 

modelling analyses and have been included in the proposed plastic hinge analysis equations for these 

types of walls; these expressions are summarised in Section 4.8.1.  The equations have been shown to 

make conservative predictions when compared to the available experimental results, and also with 

results from case studies that have been analysed using a comprehensive finite element modelling 

analysis. The equations from Priestley et al. (2007) that have previously been used to make 

predictions for RC walls in regions of high seismicity have been shown to significantly overestimate 

the displacement capacity in some cases, particularly for large values of the He (e.g. mid and high-rise 

buildings) and walls that fail with a single crack. 
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Chapter 5 C-shaped Walls 

Past research conducted on the seismic performance of reinforced concrete (RC) walls has 

typically focused on rectangular sections, which are commonly placed on building perimeters.  

However, RC cores are often non-rectangular due to structural and architectural requirements (Belletti 

et al., 2013; Smyrou et al., 2013).  For example, C-shaped walls (or cores) are a popular construction 

choice as they can enclose elevators or stairs (Beyer et al., 2008a).  The behaviour of C-shaped walls 

can also differ considerably in comparison to rectangular walls when subjected to lateral loading. This 

was clearly illustrated in Figure 2.4 in which two different loading scenarios for bending about the 

minor axis were depicted, one with the web in compression (WiC) and the other with the web in 

tension (WiT), resulting in large tensile or compressive strains respectively.  As previously discussed 

in Section 2.1, poor performance associated with the seismic performance of lightly reinforced and 

unconfined walls, which are common in Australia, has been observed in recent earthquake events 

(CERC, 2012; Wood et al., 1991).  Most notably, a single crack formed in the plastic hinge zone of 

some walls, which led to large strain concentrations in the reinforcement at this crack and ultimately 

to fracturing of the reinforcement.  Section 2.1.1, which focused on the collapse of the Pyne Gould 

Building in Christchurch, discussed the vulnerability of non-rectangular walls with unconfined 

boundary ends. 

The aim of this Chapter is to investigate the seismic performance of RC C-shaped walls with 

similar detailing to that found in Australia and other regions of low-to-moderate seismicity.  Similar 

to the rectangular walls analysed in Section 4.4, VecTor3, a state-of-the-art finite element modelling 

(FEM) program, is used to find the displacement capacity of low-rise (LR), mid-rise (MR) and high-

rise (HR) C-shaped walls for a range of different parameters and for the three different modes of 

bending.  VecTor3 can be used to investigate the cracking behaviour, strain distribution and overall 

seismic performance of RC C-shaped core walls. 

In the following sections, the results from VecTor3 analyses are compared with some relevant 

experimental results for C-shaped and rectangular RC wall specimens.  Once a good comparison has 

been achieved, the three different C-shaped wall sizes and the parameters that will be used for this 

study in VecTor3 are introduced; these are consistent with what is found in the existing Australian 

building stock.  Using the numerical results from static nonlinear pushover analyses conducted in 

VecTor3 for all of the walls in the study, the equivalent plastic hinge lengths, Lp, are calculated for the 

different walls and these are compared to expressions commonly used to estimate the Lp.  Several 

expressions are derived, depending on the direction of loading, for the Lp for C-shaped walls that are 

lightly reinforced and unconfined.  The force-displacement results from VecTor3 are compared to 

those from different plastic hinge analysis equations for estimating the displacement capacity of C-
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shaped walls.  An expression is derived to be used to provide a better estimation of the yield 

displacement capacity of these types of walls and for the different directions of loading. 

 

5.1 VecTor3 

VecTor3 (ElMohandes & Vecchio, 2013) is a state-of-the-art nonlinear finite element 

modelling program used for RC 3-dimensional solids.  Unlike VecTor2 (Wong & Vecchio, 2002), 

VecTor3 can model 3-dimensional solids that are needed for non-rectangular sections, or sections that 

are unsymmetrical about one or more axes (e.g. C-shaped). 

Although VecTor2 has been used in a wide range of past and recent studies on RC walls 

(Bohl & Adebar, 2011; Ghorbani-Renani et al., 2009; Hoult et al., 2017; Lu et al., 2015; Hieu Luu et 

al., 2013; Sritharan et al., 2014), to the author’s knowledge VecTor3 has only been used for 

comparison with one past experimental study on RC walls (Peña, 2001).  The results from Peña 

(2001) on an H-shaped wall using VecTor3 compared well to the results given by VecTor2, as the 

wall was symmetrical and could be analysed by both programs.  There have also been a wide range of 

improvements to VecTor3 since the study by Peña (2001) was completed.  Importantly, VecTor3 was 

updated from the Modified Compression Field Theory (MCFT) (Vecchio & Collins, 1986) to the 

Disturbed Stress Field Model (DSFM) (Vecchio et al., 2000), which improves the prediction of the 

behaviour of RC elements (ElMohandes, 2013).  Some material mechanisms were also implemented 

in the program to improve the predicted performance of the concrete and of the steel reinforcing bars.  

These included improving the predicted performance due to dowel action, buckling of steel 

reinforcing bars and strain rate effects for dynamic loading (ElMohandes, 2013). 

Rectangular RC walls behave very differently to C-shaped RC walls, as illustrated in Figure 

5.1.  In comparison to a rectangular cross section (Figure 5.1a), which has one primary mode of 

flexure, a C-shaped wall has three; bending about the major axis (Figure 5.1b) and bending about the 

minor axis with the web in tension (WiT) (Figure 5.1c) or with the web in compression (WiC) (Figure 

5.1d). 
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Figure 5.1 Different modes of bending for (a) rectangular walls and (b-d) C-shaped wall, with idealised 
neutral axis for high levels of loading 

As illustrated in Figure 2.4, depending on the direction of bending, the behaviour of a C-

shaped wall will most likely be controlled by either large tensile strains or compressive strains, 

particularly for bending about the minor axis.  Moreover, this is important for modelling purposes, 

and differs from the modelling procedures used for rectangular walls in Section 4.4 using VecTor2; 

the neutral axis location for bending about the minor axis of a C-shaped wall with WiC may be very 

small and located in the web of the wall.  Therefore, the size of the elements across the thickness of 

the section is potentially an important factor in the prediction of the neutral axis and correspondingly 

the overall behaviour of the wall in VecTor3.  Ultimately, the element (or mesh) size used in the 

VecTor3 model may influence the displacement capacity achieved by the wall.  Subsequently, a 

sensitivity study is needed to observe if there are any discrepancies in the force-displacement capacity 

predicted by VecTor3. 

To the author’s knowledge, there are no experimental results available for C-shaped walls (or 

any non-rectangular walls) that have the type of detailing commonly used in Australia and other low-

to-moderate seismic regions, i.e. that are lightly reinforced and unconfined.  However, there are some 

recent experimental test results for C-shaped walls designed in accordance with detailing 

requirements for high seismic regions that were introduced in Section 2.4.4.  Moreover, VecTor3 will 

be shown to provide good agreement with predictions of the force-displacement and strain distribution 

results when compared with the experimental observations from lightly reinforced concrete 

rectangular wall specimens.  A sensitivity study is also conducted to observe any large discrepancies 

due to element size and resulting variations in the force-displacement relationship. 

5.1.1 Comparison with TUA from (Beyer et al., 2008b) 

The experimental results from the seismic testing of the C-shaped wall specimen TUA from 

Beyer et al. (2008b), which was discussed in Section 2.4.4, is used for comparison with results 

(a) (b) Major 

(c) Minor (WiC) (d) Minor (WiT) 

Neutral axis 
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obtained using models constructed in VecTor3.  The wall details can be found in Section 2.4.4, while 

more information on the instrumentation used, test setup and cyclic loading history can be found in 

Beyer et al. (2008b) and Beyer (2007). 

The same material models that were used for VecTor2 in Section 4.3.1 were chosen for 

VecTor3 (ElMohandes & Vecchio, 2013).  Although this wall has a high amount of seismic detailing, 

including confined boundary regions, the supposition is that these material models will provide good 

estimates for these walls as well as for the lightly reinforced and unconfined walls that they were 

originally chosen for; the Kupfer/Richart confinement model (Kupfer et al., 1969; Richart et al., 

1928), for example, which is active, was discussed in Section 4.3.1.  The effect of the Kupfer/Richart 

confinement model on the predicted behaviour of the wall is largely dependent on the amount of 

transverse reinforcement provided in the VecTor3 model.  Therefore, it is expected that the VecTor3 

model of wall specimen TUA, for example, with a large percentage of transverse reinforcement at the 

boundary ends will perform differently to the same wall model without the transverse reinforcement 

provided.  Two different mesh setups were used to evaluate if there were likely to be discrepancies in 

the performance predicted by VecTor3 due to element size.  One of the models used 2 elements across 

the thickness of the wall (Model 2E) and the other used 3 elements (Model 3E).  The same 

recommendation from Palermo and Vecchio (2007) that was used to limit the element sizes in Vector 

2 to a 3:2 aspect ratio was used in VecTor3, but extrapolated here for elements in 3-dimensions.  

Therefore, the element size in the z-direction was also limited to an aspect ratio of 3:2 using the 

smaller of the element size in the x or y direction.  This rule was adhered to in both of the models. The 

two models have the element sizes, total number of nodes (nt) and number of elements (et) given in 

Table 5.1; sx, sy and sz correspond to the element dimensions in the x, y and z-directions respectively.  

A refined mesh size was used for the lower region of the wall in a similar manner to the approach 

adopted in Chapter 4 for rectangular walls that were modelled with VecTor2; the hexahedral elements 

above this region have an incrementally increasing vertical (z-direction) mesh size to reduce the 

number of nodes and elements required.  This decreased the computation time while improving the 

accuracy of cracking and strain distributions (vertically and horizontally) at the base of the wall.  This 

approach has been used successfully by other researchers (Bohl & Adebar, 2011; Kwan, 1996; Zhang 

& Li, 2014). The model with 2 elements across the thickness (Model2E) is illustrated in Figure 5.2.  

Four different concrete materials that consisted of different amounts of smeared vertical and 

horizontal reinforcement were used to represent the web, flanges, intersection of web and flanges and 

the boundary ends of the flanges.  The corresponding longitudinal (in the z-direction) and transverse 

(in the x and y-directions) reinforcement ratios used in these different regions are shown in Figure 5.2.  

The mechanical properties of the 6 mm diameter (dbl) longitudinal bars that are used in the unconfined 

web or flange regions of the wall are given in Table 5.1.  Moreover, the mechanical properties of the 

12 mm dbl longitudinal bars that are used in the confined boundary regions of the wall are also given 
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in Table 5.1.  It should be noted that 0.6 of the reported εsu is used as the ultimate strain of the steel in 

VecTor3 following the recommendations given in Priestley et al. (2007). 

Table 5.1 Nodes and elements used for the two different models for TUA (Beyer et al., 2008b) 

 2 elements 3 elements  
sx 75 mm 50 mm  
sy 75 mm 50 mm  
sz1 75 mm 75 mm (for 0 mm ≤ z ≤ 750 mm) 

sz2 100 mm 100 mm (for 750 mm ≤ z ≤ 1450 mm) 

sz3 150 mm 150 mm (for 1450 mm ≤ z ≤ 3350 mm) 

nt 3780 7560  
et 2378 5394  

 

 

Figure 5.2 C-shaped wall specimen TUA in VecTor3 (Model 2E) 

Table 5.2 Mechanical properties of the reinforcing steel for TUA 

dbl (mm) fy (MPa) fu (MPa) εsu (%) 

6 518 681 50.4 

12 488 595 75.6 

 

The nodes at the base of wall were assigned fixed conditions, while the nodes around the 

outer faces of the wall had constraints such that the wall would not move out of plane (e.g. the wall 

was fixed in the x-direction for lateral movement in the y-direction, and vice versa).  A 1 mm 

displacement was applied to all nodes at the top of wall for the lateral loading, which was then 

ρwv = 2.0% 
ρwh.x = 0.5% 
ρwh.y = 0.5% 

ρwv = 2.4% 
ρwh.x = 0.8% 
ρwh.y = 1.5% 

ρwv = 0.2% 
ρwh.y = 0.3% 

ρwv = 0.2% 
ρwh.x = 0.3% 



230 
 

controlled incrementally with monotonic loading.  This same type of loading scheme was successfully 

employed in Section 4.3 for rectangular walls in VecTor2.  The axial load was kept constant during 

the testing of the wall, which was applied close to the centre of inertia of the gross concrete section 

(Beyer et al., 2008b).  Thus, the axial load (of 780kN, 2% ALR) was held constant during the 

analyses and was distributed evenly to all of the nodes at the top of the wall section. 

 Several comparisons are made between the results from VecTor3 and the experimental 

observations from Beyer et al. (2008b) and Beyer (2007) to ultimately determine the applicability of 

the material models and the finite element modelling program for predicting the performance of C-

shaped walls.  Firstly, the experimental force-displacement observations are compared to the 

predictions made by VecTor3 from monotonic loading applied in the direction of the web (bending 

about the major axis) and the flanges (bending about the minor axis, WiC and WiT).  The force-

displacement results from VecTor3 for all modes of bending for Model2E and Model3E are given in 

Figure 5.3 and Figure 5.4 respectively.  Reverse cyclic loading was also conducted in VecTor3 for 

Model2E and for bending about the major axis, shown in Figure 5.3(a).  The experimental results 

from Beyer et al. (2008b) are superimposed in Figure 5.3 and Figure 5.4.  In general, the force-

displacement relationship predicted by VecTor3 compares well with the experimental observations for 

both Model 2E and 3E for all modes of bending. 

  

Figure 5.3 Force-displacement results from VecTor3 for TUA Model2E and for bending about the (a) 
major and (b) minor axes 
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Figure 5.4 Force-displacement results from VecTor3 for TUA Model3E and for bending about the (a) 
major and (b) minor axes 

 As discussed in Section 2.4.4.1, the equivalent plastic hinge length (Lp) values were reported 

in Beyer (2007) for specimen TUA as a function of the wall ductility (μ) and for the two directions of 

loading, shown in Figure 2.40.  Using the Vector3 results for both Model2E and Model3E and for the 

monotonic loading, concrete and steel strains in the extreme fibre regions up the wall height were 

extracted at the ultimate displacement.  Using the equivalent plastic hinge length method (Section 

4.2), the Lp was calculated for all 3 modes of bending.  The resulting Lp values are given in Table 5.3, 

and these are compared to the experimentally observed Lp value at a μ of 4.  It is important to note that 

after the wall exceeds μ values of approximately 4, the Lp determined experimentally was relatively 

constant, as shown in Figure 2.40.  There is little variance between the calculated Lp values from 

VecTor3 for Model2E and Model3E and for the three different directions of loading.  Moreover, the 

calculated Lp from VecTor3 generally compares well to the experimentally observed Lp, particularly 

for bending about the major axis.  The prediction by VecTor3 of a higher Lp in comparison to the 

experimental results for bending about the minor axis with WiC is potentially a result of a slight 

overestimation of the tension strains in the extreme tension fibre region.  However, this predicted Lp 

value does not greatly overestimate what was determined experimentally. 
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Table 5.3 Plastic hinge length values determined numerically and experimentally (at a μ of 4) for TUA 

 Experimentally Numerically (Model2E) Numerically (Model3E) 

Mode of Bending Lp (mm) Lp (mm) Lp (mm) 

Major 552 572 546 

Minor (WiC) 493 627 557 

Minor (WiT) 406 324 421 

 

VecTor3 has given results that compare well to the experimental results from Beyer et al. 

(2008b) and Beyer (2007) using material models suitable for the well-detailed C-shaped walls that 

were tested, and having 2 elements across the thickness of the flange.  This has indicated that 

VecTor3 is capable of predicting the seismic performance of C-shaped walls.  However, the C-shaped 

walls that will be investigated in VecTor3 in this study are to have similar detailing to that used for 

the rectangular walls in Section 4.4; that is, the walls will have detailing typical of that found in 

Australia and other low-to-moderate seismic regions.  The C-shaped specimens tested by Beyer et al. 

(2008b) represent walls with detailing that is common in high seismic regions.  Therefore, it is also 

important to show that VecTor3, using the same material models used in this section for comparison 

with the experimental results of a well detailed wall, is capable of predicting the seismic performance 

of lightly reinforced and unconfined RC walls.  Given that no experimental test results are available 

for non-rectangular walls with the required detailing (lightly reinforced and unconfined), comparisons 

will be made with the results from tests on rectangular wall specimens. 

5.1.2 Comparison with C1 from Lu et al. (2015) 

In Section 4.3.3 the results from a model constructed in VecTor2, using material models that 

were chosen for lightly reinforced concrete rectangular walls in Section 4.3.1, have been compared 

with the experimental results for Wall specimen C1 from Lu et al. (2015).  The results from the same 

wall specimen are used here and a comparison is made with the results from a model constructed in 

VecTor3, once again with the same material models as those given in Section 4.3.1.  More 

information about wall specimen C1 can be found in Section 2.4.3.3 and 4.3.3, or in Lu et al. (2015) 

and Lu et al. (2016). 

 The VecTor3 model of wall specimen C1 is shown in Figure 5.5(a), using element sizes (sx, sy 

and sz) of 70 x 75 x 115 and 70 x 75 x 70 for the foundation and wall respectively (in mm). The 

foundation block at the base was 2100 mm x 375 mm (x 460 mm high), similar to the size reported in 

Lu et al. (2016).  The VecTor3 model utilised smeared reinforcement in the concrete materials for the 

horizontal and vertical bars in the wall, which corresponded to a ρwv and ρwh of 0.53% and 0.25% 

respectively.  Similar to the VecTor2 investigation in Section 4.3.3, an axial load of 294 kN (ALR = 

3.5%) was distributed across all nodes at the top of the wall and held constant throughout the analysis.  
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These same nodes were also subjected to a lateral displacement for both the monotonic or reverse 

cyclic loading scenarios. 

  

Figure 5.5 (a) Mesh setup and cracking distribution from the VecTor3 model (monotonic) and (b) 
experimental observations from Lu et al. (2015)  

The crack distribution at a top wall displacement of 42 mm, which is the approximate 

displacement that bar buckling and cyclic deterioration was first observed experimentally, is given in 

Figure 5.5(a), and this compares well with the experimental observations from Lu et al. (2015) that 

are shown in Figure 5.5(b).  The force-displacement results from the VecTor3 simulation for both 

monotonic and reverse cyclic conditions are presented in Figure 5.6.  Superimposed on these figures 

are the experimental results from Lu et al. (2015).  The results from VecTor3 correlate well to the 

force-displacement hysteresis observed experimentally. 

a) b) 
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Figure 5.6 Force-displacement results from VecTor3 for wall C1 

The strain distribution results in the steel from VecTor3 (monotonic and cyclic) at the 

extreme tension fibre region of the wall are illustrated in Figure 5.7 for a top wall displacement of 42 

mm.  Superimposed on this figure are the strain distributions reported in Lu et al. (2015). The strain 

distributions predicted by VecTor3 correlate well with the experimental observations, and they are 

similar to the predictions made by the VecTor2 model that were already reported in Chapter 4.  

Moreover, the VecTor3 model predicts that yielding of the reinforcement only occurs in the lower 0.8 

m of the wall, which correlates well with the experimental observations.  Similar to the conclusions 

from the VecTor2 study, the strains predicted by the model when cyclic loading was imposed did not 

differ much from the predictions when the wall was subjected to monotonic loading.  However, when 

using the VecTor3 model, the strains were predicted to be slightly higher for monotonic loading in 

comparison to the results obtained when using reverse cyclic loading. 
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Figure 5.7 Steel strain distribution comparison at 42 mm top displacement 

5.1.3 Comparisons with W1 from Altheeb (2016) 

An experimental investigation was undertaken by Altheeb (2016) to investigate the seismic 

drift capacity and vulnerability of lightly reinforced concrete structural walls.  Details of these walls 

were given in Section 2.4.3.4.  Moreover, Section 4.8.5 gave the results of the force-displacement 

predictions obtained when using VecTor2 to simulate the behaviour of the wall specimens and these 

correlated well with the experimental results; it is anticipated that VecTor3 can produce similar 

correlations. 

Specimen Wall1 has been modelled in VecTor3 (ElMohandes & Vecchio, 2013) using the 

same material models that were used in VecTor2 for rectangular walls (given in Section 4.3.1).  The 

mesh and the corresponding element sizes used to model the wall, excluding the foundation, are given 

in Table 5.4, and the model is illustrated in Figure 5.8.  

Table 5.4 Element sizes and total number of nodes and elements for Wall1 (Altheeb, 2016) 

 W1  
sx 100 mm  
sy 120 mm  
sz1 100 mm (for 0 mm ≤ z ≤ 900 mm) 

sz2 370 mm (for 900 mm ≤ z ≤ 2750 mm) 

nt 1576  
et 1061  
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The strain distribution results, shown graphically in Figure 5.8, indicate that there is a 

concentration of strains at the base of the wall, and this agrees with the experimental observations 

(discussed in Section 2.4.3.4).  Fracturing of the longitudinal reinforcement, which corresponds in 

VecTor3 with the longitudinal steel strains reaching or exceeding 0.6εsu, was predicted to occur at a 

top wall displacement of 55mm.  This occurred at a lower displacement capacity in comparison to the 

experimental observations, which was deemed to occur at a top wall displacement of approximately 

70 mm.  This is potentially a result of the 0.6εsu used for the ultimate strain of the steel, which could 

be conservative for this case.  Nevertheless, the force-displacement relationship predicted by VecTor3 

compares well to the behaviour reported in Altheeb (2016), the envelope of which is superimposed on 

Figure 5.9. 

 

Figure 5.8 Longitudinal steel strain distribution (at failure) from VecTor3 for Wall1 
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Figure 5.9 Force-displacement results from VecTor3 for wall Wall1 

VecTor3 was able to predict the force-displacement relationship of a lightly reinforced, 

unconfined concrete wall.  Importantly, it was also able to predict the strain concentration at the base.  

This is important, as it is expected that many of the proposed unconfined C-shaped walls will have an 

insufficient amount of longitudinal reinforcement to initiate secondary cracking, a phenomenon that 

was observed previously in the VecTor2 analyses for rectangular walls in Section 4.5. 

 

5.2 VecTor3 analyses of C-shaped walls in Australia 

In total, 144 lightly reinforced and unconfined C-shaped walls with varying parameters have 

been analysed in VecTor3 for the calculation of the equivalent plastic hinge length and force-

displacement relationship.  Three different wall sizes have been chosen to represent a C-shaped RC 

core enclosing elevators for a low-rise (LR), mid-rise (MR) and high-rise (HR) building.  The number 

of storeys of the LR, MR and HR C-shaped walls was chosen to be 3, 6 and 12 respectively, which are 

within the range given in FEMA 2010) and Maqsood et al. (2014).  Using an inter-storey height of 

3500 mm, the effective height (He ≈ 0.7Hn) is approximately 7.35 m, 14.70 m and 29.4 m for the LR, 

MR and HR wall respectively.  The number of elevator cars required for the different rise of building 

determines the size of the walls based on the recommendations given in RLB (2014).  The LR C-

shaped wall was assumed to enclose two elevator cars (2x500kg, 6 person), while the MR C-shaped 

wall was assumed to enclose three cars (3x900kg, 12 person) and the HR C-shaped wall was assumed 

to enclose four cars (4x1150kg, 16 person).  The internal dimensions (width x depth, in mm) of the 

500kg, 900kg and 1150kg elevator cars are 1000 x 1300, 1400 x 1500 and 1500 x 1800 respectively.  

Therefore, the resulting lengths of the web (Lweb) and flange (Lflange) that were required for the three 

different walls are given in Table 5.5.  After some discussions with P. McBean (personal 
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communication, February 26, 2016), a consulting engineer and Joint Managing Director of 

Wallbridge & Gilbert, 200mm thick walls and a length of 600 mm (approximately 2 ft) for the returns 

(Lreturn) were taken as values that reflect current and past practice in Australia.  The thickness (tw) of 

the HR C-shaped wall was increased to 250 mm, as shown in Table 5.5.  The cross-sections of the 

three walls, and the dimensions of the elements at the base of the walls, are given in Figure 5.10. Two 

elements are used across the thickness of the walls.  Moreover, the 3:2 aspect ratio for plane stress 

elements as recommended in Wong and Vecchio (2002) and Palermo and Vecchio (2007) was 

adhered to, but further extrapolated to hexahedral elements for VecTor3.  As was practiced in Section 

4.3, a refined mesh size was used in the predicted “yielding zone”, an approach that has been 

successfully employed by other researchers (Bohl & Adebar, 2011).  The element size in the x, y and 

z-directions (sx, sy and sz respectively), the total number of elements (et) and total number of nodes (nt) 

used in all three models are given in Table 5.6.  Figure 5.11 illustrates the model in three dimensions 

for the 3 different C-shaped walls in VecTor3. 

Table 5.5 Dimensions of the C-shaped walls 

Wall tw (mm) Lweb (mm) Lflange (mm) Lreturn (mm) 

LR 200 3600 2000 600 

MR 200 6200 2200 600 

HR 250 8500 2500 600 

 

 
 

 

 

Figure 5.10 VecTor3 cross-sections of C-shaped walls for (a) LR (b) MR and (c) HR building 

 

a) b) 

c) 
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Lreturn 
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Table 5.6 Nodes and elements used for the three different models 

 LR MR HR 

sx 100 mm 100 mm 125 mm 

sy 100mm 100 mm 125 mm 

sz1 75mm 150 mm 125 mm 

sz2 100mm 250 mm 175 mm 

sz3 200mm - 250 mm 

sz4 370mm - 500 mm 

nt 13851 21645 32544 

et 8960 14080 21280 
 

   

Figure 5.11 C-shaped walls modelled in VecTor3 for (a) LR (b) MR and (c) HR building (not to scale) 

The material and constitutive models that were used in VecTor2 (refer to Section 4.3.1) for 

RC rectangular walls will be used in VecTor3 for C-shaped walls.  The range of parameters 

considered in VecTor3 is summarised in Table 5.7.  The effective height (He) is taken as 0.7Hn as 

recommended by Priestley et al. (2007) for cantilever walls and all of the aspect ratios of the walls are 

greater than 2.  However, in contrast to the rectangular walls analysed in Section 4.4, the Ar of the C-

shaped walls are different depending on the direction of loading; for bending about the major axis, the 

Ar is taken as He/Lweb, whereas for bending about the minor axis the Ar is He/Lflange.  These two 

different Ar values for each of the walls are given in Table 5.7.  The ALRs have been chosen to 

a) 

b) 

c) 
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represent common values found in Australia and other low-to-moderate seismic regions (Albidah et 

al., 2013; Henry, 2013).  The axial load was distributed to all nodes at the top of the wall and was held 

constant throughout the analyses.  The minimum transverse reinforcement ratio of 0.25% from 

AS3600:2009 (Standards Australia, 2009) is used for all of the walls, while a range of longitudinal 

reinforcement ratios were used to represent common values used in low-to-moderate seismic regions 

(Wibowo et al., 2013).   

The same fcmi values used in Section 4.4 for the VecTor2 analyses of rectangular walls are 

used here; the two fcmi values considered in this study were 40 MPa and 60 MPa, which are realistic 

values for walls designed originally with characteristic compressive strengths (f’c) of 32 MPa and 40 

MPa respectively. This takes into account that the target strength would have been higher than the 

characteristic value and that the concrete strength will increase with time.  The fcmi values adopted 

correspond to  values of 1.25 and 1.50 respectively, which are values representative of concrete that 

has aged over several years as indicated in Moehle (2015) and discussed in Section 2.4.2.5.  Mean 

values of the material properties for the reinforcing steel were taken from Menegon et al. (2015) for 

D500N bars (given in Table 2.10), which conform to AS/NZS 4671:2001 (Standards Australia/New 

Zealand, 2001).  The ultimate strain of the reinforcing steel was taken as 0.6εsu based on the 

recommendations from Priestley et al. (2007) and as discussed previously in Section 4.3.2.   

Using the same approach as that adopted for analysing the C-shaped walls tested by Beyer et 

al. (2008b) in Section 5.1.1, the nodes at the base of wall were assigned fixed conditions, while the 

nodes around the outer faces of the wall had constraints such that the wall would not move out of 

plane.  A 1 mm lateral displacement was applied to all nodes at the top of the wall, and these 

displacements were monotonically increased until “failure” of the wall.  The three different directions 

in which the displacements were applied at the top of the wall corresponded with the wall bending 

about the major axis and minor axis (with WiC and WiT).  Due to time constraints, it was not possible 

to conduct analyses which involved cyclically varying displacements.  Furthermore, analyses that 

included “twisting” of the wall were not conducted; the author acknowledges that in a “real world” 

situation, a C-shaped wall in a building is likely to twist due to seismic loading being applied offset 

from the shear centre of the wall (particularly for bending about the major axis), the primary focus of 

this investigation was for in-plane loading (with the 3 modes of bending).  Failure of the wall was 

deemed to occur when one of either two things occurred: (i) the Collapse Prevention strain limit was 

reached in the concrete or steel (Section 2.5.5), for which an unconfined concrete strain value of 0.003 

(0.3%) and steel strain value of 0.05 (5%) were used, or (ii) the maximum displacement was reached 

corresponding to drift limits of 2.5% for the LR walls and 1.5% for the MR and HR walls.  The drift 

limits were ultimately used to control the computational time of the analyses if the strain limits were 

not reached at high levels of displacement capacity (e.g. for the analyses with bending about the 
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minor axis and web in compression).  It should be noted that the definition of drift used here 

corresponds to the displacement at roof level relative to the height of the wall.  In VecTor3 it was not 

possible to control the inter-storey drifts, but simply the overall drift. In AS 1170.4:2007 (Standards 

Australia, 2007) the inter-storey drift corresponding to the design level earthquake cannot exceed 

1.5% of the storey height.  It is expected that at average drift levels of 1.5% or 2.5% for these walls, 

the inter-storey drift requirement from AS 1170.4:2007 will have been exceeded, so that the crack 

pattern would be reasonably representative of that which could exist at the design level earthquake 

and there would not be any point in continuing the analyses any further than this.  As noted 

previously, the equivalent plastic hinge length will be approximately constant once the cracking 

pattern is well established (Section 5.1.1).  Hence, if the drift limit was reached before the material 

strain limits, the longitudinal strain distribution corresponding to this drift limit could be used to find a 

sufficiently accurate estimation of the equivalent plastic hinge length.   

Table 5.7 Walls used in VecTor2 with varying parameters 

Wall Ar He (m) ALR (%) fcmi (MPa) ρwv (%) ρwh (%) 

LR 2.1, 3.7 7.35 1.5, 5 40, 60 0.15, 0.45, 0.70, 1.0 0.25 

MR 2.4, 6.7 14.70 1.5, 5 40, 60 0.15, 0.45, 0.70, 1.0 0.25 

HR 3.4, 11.7 29.30 1.5, 5 40, 60 0.15, 0.45, 0.70, 1.0 0.25 

 

5.3 Plastic hinge length results 

For all of the walls analysed in VecTor3, curvature distributions up the height of the wall 

were obtained by using the concrete and steel strains in the extreme fibre regions at the point at which 

the maximum displacement was reached. The plastic hinge length (Lp) was calculated using the 

equivalent plastic hinge length method discussed previously in Section 4.2.  The following sections 

discuss the derivation of different Lp expressions for lightly reinforced and unconfined C-shaped walls 

using the VecTor3 results, with consideration given to the different directions of loading. 

It should be noted that the expressions derived in the proceeding sections have some 

limitations on their use for calculating Lp, similar to the limitations on the expressions derived for the 

rectangular walls in Section 4.5. This is due to the limited range of the parameters used to derive these 

expressions. For example, the axial load ratio (ALR) is limited to a maximum of 5%, which coincides 

with the maximum value used in this study.  However, the range of values used for the different 

parameters here are within the range of those expected in practice (as discussed in Section 2.4.2).  A 

full discussion of the limitations imposed on the use of these expressions is given in Section 5.7. 
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5.3.1 Major Axis 

The results for the Lp as a function of the ρwv range used for each of the walls and for bending 

about the major axis are shown in Figure 5.12(a) and Figure 5.12(b) for fcmi values of 40 MPa and 60 

MPa respectively.  Superimposed on these figures (red square-dot lines) are indications of the 

respective ρwv.min calculated from the secondary cracking model (SCM) presented in Section 4.1.  For 

all of the walls with a ρwv less than ρwv.min, a small Lp can be observed in Figure 5.12, corresponding to 

strains being concentrated at a single, primary crack.  This concentration of strain for walls with a ρwv 

less than ρwv.min was also observed for the rectangular walls analysed in VecTor2 in Section 4.5.  

While the ρwv.min does give a good estimate of the reinforcement ratio required to trigger the onset of 

secondary cracking, there is not a correspondingly well-defined large increase in Lp for reinforcement 

ratios above this value, as there was for the rectangular walls in Section 4.5.  For example, in Figure 

4.15, the Lp in rectangular walls was found to be much larger for the ρwv range that was higher than the 

estimated ρwv.min when compared with the Lp for walls with a ρwv less than ρwv.min.   

  

Figure 5.12 Equivalent plastic hinge lengths for the C-shaped walls and for bending about the major axis 
with (a) fcmi of 40 MPa and (b) fcmi of 60 MPa 

It was also found in Section 4.5 that the concrete strains (εc = 0.003) governed the 

performance of the rectangular walls for sections with ρwv larger than ρwv.min, i.e. this limit was reached 

before the tensile strain limit as illustrated in Figure 4.16.  While the concrete strains are also found to 

govern the performance of the C-shaped walls for sections with ρwv larger than ρwv.min (and for bending 

about the major axis), in many of these walls the steel strains (in the extreme tension fibre) are 

relatively low (compared with those in the rectangular walls) when the ultimate concrete strain is 

reached.  This is illustrated in Figure 5.13 for the MR C-shaped wall, with an ALR of 5% and a ρwv of 

0.70%.  While the ρwv of the wall was higher than the calculated ρwv.min, such that secondary cracking 

occurred, the displacement capacity was limited to just 40 mm (top wall displacement) due to the 

ultimate unconfined concrete strain of 0.003 being reached in the boundary region of the wall.  In the 
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case of the MR wall in Figure 5.13, the length over which plasticity occurred in the extreme tension 

fibre region of the wall was small (Lp ≈ 256 mm), which was due to the premature compression failure 

hindering the potential for the plasticity to develop up the wall from the base.  

For this direction of loading, VecTor3 predicts that the concrete strains are concentrated at the 

corners of the “boundary region” (Figure 5.13b), corresponding to the intersection of the web and 

flange, and not spread out evenly over the width of the flange, as is usually assumed in bending 

theory.   This can be understood by the shear lag phenomenon (Kwan, 1996), where the Bernoulli-

Euler assumption that plane sections remain plane after bending is only approximate.  In reality, a 

shear flow would develop between the web and flange sections of the wall and there would be a “lag” 

of the longitudinal displacements in parts of the web (or flange) that are away from the intersection of 

the two sections (Kwan, 1996).  This is illustrated for a C-shaped wall in Figure 5.14 and bending 

about the major axis and minor axis (WiT), similar to the illustration for a boxed section in Kwan 

(1996).  Moreover, Kwan (1996) found that the shear lag phenomenon was greatest with smaller 

ratios of the height-to-wall length, or aspect ratio (Ar), and this corresponded to higher stress 

concentrations at the intersecting web-flange regions in comparison to the centre of the web and 

flanges.  The results from the research here corroborate this observation, where the shear lag 

phenomenon and stress concentrations are found to be more prominent in the LR C-shaped walls in 

comparison to the MR and HR C-shaped walls. 

  

a) b) 
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Figure 5.13 MR wall with strains in (a) tension (steel) (b) compression (concrete) at 40 mm top wall 
displacement 

  

Figure 5.14 Axial stress distribution in a C-shaped wall due to shear lag for bending about the (a) major 
axis and (b) minor axis (WiT) 

This type of performance is further illustrated in Figure 5.15, where the steel strain 

distributions are shown for the web of the MR C-shaped wall (fcmi of 60 MPa, ALR of 1.5%) for 

bending about the major axis.  The strains are clearly concentrated close to the base for walls with a 

ρwv less than ρwv.min (≈ 0.65%) in Figure 5.15(a) and (b), while there is a larger distribution of the strain 

up the wall height for the walls with a ρwv larger than ρwv.min in Figure 5.15(c) and (d).  However, 

because the “boundary ends” of the wall are unconfined, the displacement capacity is limited by the 

unconfined concrete strain, and the steel strains, although well distributed, are small.  The need to 

confine these boundary regions of the wall, where the web intersects with the flange, was emphasised 

in the conclusions from Beyer (2007) in which two C-shaped wall specimens were tested 

experimentally.  As mentioned in Section 2.4.4.1, Beyer (2007) thought it would be interesting to 

investigate the behaviour of C-shaped walls without confinement in these areas of the wall, as the 

experimental tests showed that ‘the boundary elements at the corners were essential for the ductile 

behaviour of the U-shaped walls’.  The results provided here from VecTor3 have shown just how 

critical these boundary elements are, which further emphasises that confinement must be provided to 
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achieve a higher concrete strain capacity and thus allow a more extensive plasticity zone to be 

achieved.  The benefits associated with confining these regions of the walls is discussed further in 

Section 5.5 with examples provided from analyses conducted in VecTor3. 

    

Figure 5.15 Strain distribution for the MR C-shaped wall with ρwv of (a) 0.15% (b) 0.45% (c) 0.70% and 
(d) 1.00% 

A total of 24 C-shaped walls had a ρwv higher than the ρwv.min and for bending about the major 

axis.  Although the results in Figure 5.12 indicated that the Lp achieved was less consistent than, say, 

the rectangular walls analysed in VecTor2 in Section 4.5, these results can still be used to derive an 

equivalent plastic hinge length equation. 

Using the results illustrated in Figure 5.12 (and for when ρwv is higher than ρwv.min), the 

calculated equivalent plastic hinge length (Lp) is plotted against significant wall design parameters in 

Figure 5.16.  As discussed in Section 4.2, three of these key parameters, Lw, ALR and He, have 

previously been observed to influence the spread of plasticity in the wall (Kazaz, 2013).  It should be 

noted that the aspect ratio (Ar=He/Lw) was used by Kazaz (2013) as a key parameter for influencing Lp.  

However, the He, which is used here instead of Ar, was found to provide a stronger correlation of 

influence for the resulting Lp values from the VecTor3 analyses.  Moreover, Constantin (2016) found 

that the average shear stress influenced the Lp for the C-shaped walls analysed numerically.  

Therefore, the average normalised shear stress (ν) has also been used as a potential key parameter, 

shown in Figure 5.16(d).  The average shear stress (τ) can be found from a moment-curvature analysis 

or can be calculated as the shear force (Vb) found at the ultimate displacement divided by the cross-

section of the wall.  As noted in Section 2.5.3, and as practiced in Constantin (2016), the average 

shear stress for bending about the major axis was taken as the contribution from the web of the wall 

a) b) c) d) 
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only (neglecting the flanges and the returns).  Moreover, the shear stress capacity at diagonal cracking 

(0.17���
�), which is used to normalise the shear stress, was taken from ACI-11 (2011). It is also used 

in AS 3600:2009 (Standards Australia, 2009) when determining the minimum value of the ultimate 

shear strength of a wall without consideration of the shear reinforcement. 

As illustrated in Figure 5.16, in the case of all the C-shaped walls analysed here, all of these 

parameters had some influence on the resulting plastic hinge length; this is indicated with the R2 

value.  The two most significant parameters were found to be the aspect ratio (Ar) and the average 

normalised shear stress (ν = τ/0.17���
�).  The most influential of these two parameters, the average 

normalised shear in Figure 5.16(d), was found to give a nonlinear correlation.  A nonlinear trend was 

also found in the results for rectangular RC walls in Kazaz (2013), where ‘the spread of plasticity 

along the wall decreases as the shear stress carried by the member increases’.  It is generally assumed 

that for a wall with an aspect ratio (Ar) higher than 2, such as the walls used for the numerical 

analyses here, a performance dominated primarily by flexure will be achieved by the wall (previously 

discussed in Section 2.4.2.1).  However, as indicated with the results shown in Figure 5.16(d), the 

shear stress can be influential to the behaviour of C-shaped (and non-rectangular) walls even when the 

Ar is higher than 2.  This was also observed from the experimental results on using different wall 

sections (rectangular, barbell and flanged), all with an Ar of 2.4 (Oesterle et al., 1979; Oesterle et al., 

1976; Shiu et al., 1981) and the T-shaped walls tested by Zhang and Li (2016).  Due to the geometry 

of the C-shaped wall, the shear stress produced in the wall when bending, depending on the direction, 

can be quite significant in comparison to a rectangular wall of the same wall length with similar 

detailing. 
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Figure 5.16 Lp values dependent on various wall parameters (a) Lw (b) ALR (c) He and (d) τ/0.17���
�  

A multiple nonlinear regression analysis was used to derive the plastic hinge length 

expression for unconfined lightly reinforced concrete C-shaped walls and for bending about the major 

axis (Equation 5.1). 

�� = (0.1�� − 0.013��)(1 − 13ALR)(7���.��) ≤ 0.5�� 5.1 

A maximum limit of 0.5Lw is used in Equation 5.1; this is the same as that proposed by many 

other researchers, as discussed in Section 2.5.3.  The VecTor3 results for Lp (for walls with a ρwv 

greater than ρwv.min) are plotted in Figure 5.17(a-f) against the Lp estimates from the expressions 

introduced in Section 2.5.3 (Equations 2.36 to 2.41 and Equation 2.43).  The great majority of these 

expressions overestimate the Lp for the lightly reinforced and unconfined C-shaped RC walls analysed 

in VecTor3 (and for bending about the major axis).  This was expected, as these expressions have 

been derived from experimental and numerical studies on well detailed specimens that are primarily 

rectangular in cross-section.  The only exception to this is the expression from Constantin (2016) 

(Equation 2.43), which was derived from experimental and numerical results from heavily reinforced 

and well confined C-shaped wall sections.  However, the expression from Constantin (2016) gives the 

lowest correlation of all Lp equations, illustrated in Figure 5.17(f).  Not surprisingly, the expression 

derived from the study here (Equation 5.1) gives the strongest correlation (R2 of 0.82), shown in 

Figure 5.18. 
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Figure 5.17 Lp estimations compared to the VecTor3 results 
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Figure 5.18 Lp estimation from Equation 5.1 in comparison to the VecTor3 results 

 

5.3.2 Minor Axis (WiC) 

The results for the Lp as a function of the ρwv range used for each of the walls and for bending 

about the minor axis (WiC) are shown in Figure 5.19(a) and Figure 5.19(b) for fcmi values of 40 MPa 

and 60 MPa respectively.  The ρwv.min calculated from the secondary cracking model (SCM) appears to 

accurately indicate the amount of reinforcement required for secondary cracking.  These figures are 

similar to the performance observed for the rectangular RC walls in Section 4.5, where the walls with 

a ρwv less than ρwv.min result in a small Lp.  In contrast, the walls with a ρwv greater than ρwv.min result in a 

much larger Lp.  Moreover, as these RC walls were governed by tension strains, a much larger Lp can 

be observed for this direction of loading in comparison to the Lp achieved for bending about the major 

axis.  An example of the concrete and steel longitudinal strain distributions across the cross-section 

for one of the analysed LR C-shaped walls (fcmi of 40 MPa, ALR of 5% and ρwv of 0.70%), which 

reached the mean drift limit of 2.5% before the strain limits were reached, is given in Figure 5.20.  

The shear lag phenomenon is clearly observed in this figure, with concentrations of tension and 

compression strains in the corners of the boundary ends. 
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Figure 5.19 Equivalent plastic hinge lengths for the C-shaped walls and for bending about the minor axis 
(WiC) with (a) fcmi of 40 MPa and (b) fcmi of 60 MPa 

  

  

Figure 5.20 (a) steel tensile and (b) concrete compressive strains across the cross-section of the LR wall 

Using the results illustrated in Figure 5.19 (and for when ρwv is higher than ρwv.min), the 

calculated equivalent plastic hinge length (Lp) is plotted against significant wall design parameters in 

Figure 5.21.  Similar to the findings from the previous section for bending about the major axis, the Lp 

was found to have some dependency on the wall length (Lw), axial load ratio (ALR), effective height 

(He) and average normalised shear stress (ν) parameter.  It should be noted that the average shear 

stress for bending about the minor axis was taken as the contribution from both of the flanges of the 

wall (neglecting the web and the returns).  Interestingly, the normalised shear stress is much less for 

the majority of these walls in comparison to the same walls for bending about the major axis, as 

shown in Figure 5.21(d).  This is potentially due to the much larger Ar (due to in-plane loading 

parallel to the flanges, not the web). 
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Figure 5.21 Lp values dependent on various wall parameters (a) Lw (b) ALR (c) He and (d) τ/0.17���
�  

Similar to the previous section for the wall bending about the major axis, a multiple nonlinear 

regression analysis was used to derive the plastic hinge length expression for unconfined lightly 

reinforced concrete C-shaped walls and for bending about the minor axis (WiC) (Equation 5.2). 

�� = (0.5�� − 0.015��)(1 − 3ALR)(1.6���.��) ≤ �� 5.2 

A maximum limit of Lw is used in Equation 5.2.  The VecTor3 results for Lp (for walls with a 

ρwv greater than ρwv.min) are plotted in Figure 5.22(a-f) against the Lp estimates from the expressions 

introduced in Section 2.5.3 (Equations 2.36 to 2.41 and 2.43).  It can be observed that all of the 

expressions from previous research result in a large scatter of the estimated Lp in comparison to the 

VecTor3 results; this is also indicated by the corresponding R2 values.  As expected, the goodness of 

the fit is improved when using the Lp predictions from Equation 5.2 since this equation was derived 

using the results from VecTor3; this is illustrated in Figure 5.23. 
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Figure 5.22 Lp estimations compared to the VecTor3 results 
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Figure 5.23 Lp estimation from Equation 5.2 in comparison to the VecTor3 results 

 

5.3.3 Minor Axis (WiT) 

The results for the Lp as a function of the ρwv range used for each of the walls and for bending 

about the minor axis (WiT) are shown in Figure 5.24(a) and Figure 5.24(b) for fcmi values of 40 MPa 

and 60 MPa respectively.  As expected, for the walls with a ρwv less than the indicated ρwv.min, a small 

Lp can be observed in Figure 5.24.  While the ρwv.min does provide a good estimate for the onset of 

secondary cracking, for the majority of the results the Lp does not increase with larger reinforcement 

ratios, something that was also observed for some of the C-shaped wall analyses for bending about the 

major axis.  This is due to the concrete strains governing the performance of the wall; the ultimate 

unconfined concrete strain (εc = 0.3%) is reached either before the tensile strains in the extreme 

tension fibre reach yield, or, if yield is reached, the spread of plasticity up the wall is limited. Of the 

24 walls that were deemed to have a satisfactory amount of longitudinal reinforcement to allow 

secondary cracking, only 11 reached the yield strain in tension (εsy ≈ 0.27%) prior to the ultimate 

unconfined concrete strain in the concrete being reached.  Therefore, the majority of these walls, 

while cracked, remained essentially elastic in flexural behaviour up until failure of the wall due to the 

compression strain limit being reached in the unconfined boundary ends of the flanges.  This is 

illustrated in Figure 5.25 for the HR wall (fcmi of 40 MPa, ALR of 1.5%, ρwv of 1.00%), where the 

maximum steel and concrete strains observed at a top wall displacement of 251 mm are 0.18% and 

0.28% respectively.  It should be noted that this type of behaviour has also been observed 

experimentally; some of the T-shaped RC walls tested by Zhang and Bi (2016) were observed to have 

some reinforcing bars in the extreme tension fibre region not reach yield even at their maximum 

lateral load.  Furthermore, Zhang and Bi (2016) suspects that this type of behaviour was worsened due 

to the shear lag phenomenon for these types of walls. 
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Figure 5.24 Equivalent plastic hinge lengths for the C-shaped walls and for bending about the minor axis 
(WiT) with (a) fcmi of 40 MPa and (b) fcmi of 60 MPa 

 
 

  

Figure 5.25 HR wall with strains in (a) tension (steel) (b) compression (concrete) at 251 mm top wall 
displacement 

Nevertheless, the ability of the walls to undergo inelastic rotations before the concrete crushes 

is dependent on the ALR, ρwv and fcmi values. Therefore, an equivalent plastic hinge length equation 

was derived using the results for these walls.  The observed Lp for the walls that reached yield before 

failure are shown in Figure 5.26 as a function of the four parameters that were found to be the most 

significant when using a regression analysis. 
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Figure 5.26 Lp values dependent on various wall parameters (a) Lw (b) ALR (c) He and (d) τ/0.17���
�  

 A multiple nonlinear regression analysis was used to derive the plastic hinge length 

expression for unconfined lightly reinforced concrete C-shaped walls and for bending about the minor 

axis with the web in tension (WiT) (Equation 5.3). 

�� = (1.3�� − 0.082��)(1 − 11ALR)(1���.��) ≤ 0.5�� 5.3 

Similar to the expression derived in Section 5.3.1, a maximum limit of 0.5Lw is used in 

Equation 5.3.  The VecTor3 results for Lp for the walls with steel that have yielded in the extreme 

tension fibre region for this direction of loading and with a ρwv greater than ρwv.min are plotted in Figure 

5.27(a-f) against the Lp estimates from the expressions introduced in Section 2.5.3 (Equations 2.36 to 

2.41 and 2.43).  The expressions in the literature overestimate the numerically derived Lp for the C-

shaped RC walls used in this study (and for bending about the minor axis with web in tension).  As 

expected, the derived expression (Equation 5.3) achieves a higher correlation to the VecTor3 results, 

shown in Figure 5.28. 
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Figure 5.27 Lp estimations compared to the VecTor3 results 
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Figure 5.28 Lp estimation from Equation 5.3 in comparison to the VecTor3 results 

For the C-shaped walls bending about the minor axis (WiT) with steel in the extreme tension 

fibre region that does not reach yield, a different set of equations will be used to determine the 

displacement capacity of the wall that excludes the Lp parameter.  This will be discussed in Section 

5.4.4. 

5.4 Force-displacement results 

Similar to Section 4.8, the aim of this section of the chapter is to investigate the plastic hinge 

analysis (PHA) expressions for predicting the force-displacement relationship of C-shaped lightly 

reinforced and unconfined walls.  Expressions can be derived from the VecTor3 analyses conducted 

in Section 5.2 for LR, MR and HR walls in order to achieve a better estimation of the displacement 

capacity of these types of walls using a PHA, which is critical for obtaining realistic results when 

constructing vulnerability functions.  The following sections investigate the yield curvature, yield 

displacement and plastic displacement with respect to the different directions of bending. 

5.4.1 Nominal Yield Curvature 

The nominal yield curvature (Φy) was calculated using all of the VecTor3 results from Section 

5.2 for the C-shaped walls having a higher ρwv than ρwv.min.  The curvature at first yield (Φ’y) was 

calculated using the strain results in each of the extreme tension and compression fibres at the base of 

walls and using Equation 5.4.  Thus, the Φy was calculated using Equation 2.27. 

�′� =
(��� − ���)

��
  5.4 

where εcy is the concrete strain in the extreme compression fibre region at the point the longitudinal 

reinforcement reaches first yield (εsy) in the extreme tension fibre region and Lw is the length of the 

wall parallel to the direction of the loading. 
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5.4.1.1 Major axis 

The calculated strain values, moments and corresponding curvatures for bending about the 

major axis are given in Table 5.8.  Using the minimum of the sum of the squares, a value of 1.6 has 

been calculated to provide the best value for the K1 parameter when using Equation 2.28 and 

comparing the results to the VecTor3 data for the nominal yield curvature, as indicated in Table 5.8.  

This value for K1 is higher than the values recommended by other researchers given in Section 2.5.1 

and Table 2.17 for I-shaped, T-shaped and C-shaped sections that can correspond to this direction of 

bending (about the major axis).  To compare the Φy values using different K1 values, Figure 5.29 

illustrates the correlation between the VecTor3 results and Equation 2.28 using K1 values of 1.6 and 

1.4.  A slightly better correlation can be observed to be achieved by using a K1 value of 1.6 for the 

type of C-shaped walls analysed here and for bending about the major axis (e.g. lightly reinforced and 

unconfined).  It should be noted that two of the walls analysed in Section 5.2 for bending about the 

major axis were subtracted from the dataset used here, as the Collapse Prevention limit strain in the 

concrete (εc = 0.003) was reached before yielding of the steel reinforcement. 

Table 5.8 VecTor3 results (Major) used for calculating the nominal yield curvature 

      VecTor3 1.6εsy/Lw 

ρwv 
(%) 

Lweb 
(mm) 

εsy 
(mm/m) 

εcy 
(mm/m) 

My 
(kNm) 

Mu 
(kNm) 

Φy 
(rad/km) 

Φy 
(rad/km) 

0.7 3500 2.8 -1.0 9823 10827 1.2 1.3 
1.0 3500 2.8 -2.4 13608 14070 1.5 1.3 
0.7 3500 3.0 -2.3 14739 15299 1.6 1.4 
1.0 3500 2.8 -1.4 16384 17560 1.0 1.2 
0.7 3500 3.1 -0.8 16341 18742 1.3 1.3 
0.7 6200 2.8 -0.9 27280 29829 1.3 1.4 
0.7 6200 2.7 -1.2 35581 38071 0.6 0.7 
1.0 6200 2.7 -2.6 44936 45344 0.8 0.7 
0.7 6200 2.9 -0.3 24747 32279 0.7 0.7 
1.0 6200 2.9 -1.0 39195 42326 0.9 0.7 
0.7 6200 2.7 -0.5 34965 45392 0.7 0.8 
1.0 6200 2.6 -1.3 50879 54708 0.7 0.7 
0.7 8500 2.8 -0.8 58946 63339 0.7 0.7 
1.0 8500 2.8 -1.2 77037 84577 0.7 0.7 
0.7 8500 2.8 -1.0 75242 81486 0.5 0.5 
1.0 8500 2.8 -2.0 94919 99872 0.5 0.5 
0.7 8500 3.0 -0.2 41018 56917 0.5 0.5 
1.0 8500 2.7 -0.7 70834 78930 0.6 0.5 
0.7 8500 2.7 -0.5 67488 96792 0.5 0.6 
1.0 8500 2.7 -1.1 108135 117607 0.5 0.5 
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Figure 5.29 Nominal yield curvature correlations with a K1 value of (a) 1.6 and (b) 1.4 

5.4.1.2 Minor Axis (WiC) 

The same process used in deriving the nominal yield curvature (Φy) in Section 5.4.1.1 was 

used here, where the length of the flange (Lflange) was used in Equation 5.4 for the curvature 

calculations instead of Lweb.  The corresponding strain values, moments and curvatures from VecTor3 

and for bending about the minor axis (WiC) are given in Table 5.9.  Using the minimum of the sum of 

the squares, a K1 value of 1.45 was found to correlate best to the VecTor3 results best using the yield 

curvature expression from Equation 2.28.  This is close to the value of 1.40 proposed by Paulay 

(2002) and Sullivan et al. (2012) for T-shaped and C-shaped walls for this direction of bending 

(discussed in Section 2.5.1).  Therefore, a K1 value of 1.40 is adopted for the C-shaped walls which 

are bending about the minor axis (WiC).  The estimated values of Φy obtained using a K1 value of 

1.40 are compared with the VecTor3 data in Figure 5.30. 
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Table 5.9 VecTor3 results (Minor WiC) used for calculating the nominal yield curvature 

      VecTor3 1.4εsy/Lw 

ρwv 
(%) 

Lweb 
(mm) 

εsy 
(mm/m) 

εcy 
(mm/m) 

My 
(kNm) 

Mu 
(kNm) 

Φy 
(rad/km) 

Φy 
(rad/km) 

0.7 2000 2.8 -0.4 3894 5339 2.2 2.0 

1.0 2000 2.8 -0.5 5360 7378 2.3 2.0 

0.7 2000 2.9 -0.6 5923 7676 2.3 2.0 

1.0 2000 2.8 -0.8 7367 8553 2.1 1.9 

0.7 2000 3.0 -0.3 4790 6622 2.3 2.1 

1.0 2000 2.6 -0.5 6464 8593 2.0 1.8 

0.7 2000 2.8 -0.5 6647 8989 2.2 2.0 

1.0 2000 2.9 -0.7 8455 11023 2.3 2.0 

0.7 2200 2.8 -0.3 5399 6589 1.7 1.8 

1.0 2200 2.8 -0.3 7093 8676 1.7 1.8 

0.7 2200 2.8 -0.4 7117 8503 1.7 1.8 

1.0 2200 2.7 -0.5 8795 10581 1.8 1.7 

0.7 2200 2.9 -0.2 5627 6849 1.8 1.9 

1.0 2200 2.8 -0.3 7381 8906 1.7 1.8 

0.7 2200 2.5 -0.3 6886 8668 1.6 1.6 

1.0 2200 2.8 -0.4 9082 10835 1.7 1.8 

0.7 2500 2.8 -0.4 8293 9688 1.5 1.6 

1.0 2500 2.8 -0.4 10765 12748 1.5 1.6 

0.7 2500 2.8 -0.4 10840 12714 1.5 1.6 

1.0 2500 2.8 -0.4 13472 15692 1.5 1.6 

0.7 2500 2.8 -0.4 7094 8715 1.6 1.6 

1.0 2500 2.8 -0.4 10022 11789 1.5 1.6 

0.7 2500 2.8 -0.4 12150 15321 1.6 1.6 

1.0 2500 2.8 -0.4 15841 18384 1.5 1.6 

 

Figure 5.30 Nominal yield curvature correlations with a K1 value of 1.40 
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5.4.1.3 Minor Axis (WiT) 

The same process used in deriving the nominal yield curvature (Φy) in Section 5.4.1.1 and 

5.4.1.2 was used here.  Only the C-shaped walls that had a sufficient amount of longitudinal 

reinforcement to permit secondary cracking (and were deemed to have reached the yield strain before 

“failure” of the wall in compression) were used in deriving the Φy values here.  The strain values, 

moments and corresponding curvatures from VecTor3 for bending about the minor axis (WiT) are 

given in Table 5.10.  Using the minimum of the sum of the squares, a K1 value of 1.59 was found to 

correlate to the VecTor3 results best using the yield curvature expression from Equation 2.28.  This is 

close to value proposed of 1.60 for lightly reinforced and unconfined C-shaped walls for bending 

about the major axis (Section 5.4.1.1).  Therefore, a K1 value of 1.60 was used for bending about the 

minor axis (WiC). This value is lower than the K1 value of 1.8 proposed by Paulay (2002) and 

Sullivan et al. (2012) for T-shaped and C-shaped walls for this direction of bending (discussed in 

Section 2.5.1).  A comparison is made in Figure 5.31 between the Φy values obtained using these two 

values of K1 and the VecTor3 results.  Although the R2 value is the same using either of the K1 values, 

there is clearly a more observable fit using a K1 value of 1.6 shown in Figure 5.31(a). 

Table 5.10 VecTor3 results (Minor WiT) used for calculating the nominal yield curvature 

      VecTor3 1.6εsy/Lw 

ρwv 
(%) 

Lweb 
(mm) 

εsy 
(mm/m) 

εcy 
(mm/m) 

My 
(kNm) 

Mu 
(kNm) 

Φy 
(rad/km) 

Φy 
(rad/km) 

0.7 2000 2.6 -1.0 6766 7405 2.0 2.1 
1.0 2000 2.7 -2.1 9373 9749 2.5 2.2 
0.7 2000 3.0 -0.6 7620 9302 2.2 2.4 
1.0 2000 2.7 -1.4 11259 11728 2.1 2.1 
0.7 2000 2.7 -0.8 10453 12173 2.1 2.2 
0.7 2200 2.7 -1.5 12947 13819 2.0 1.9 
0.7 2200 2.8 -0.7 13157 15125 1.8 2.0 
1.0 2200 2.6 -1.6 18864 19430 2.0 1.9 
0.7 2200 2.8 -1.1 18498 19828 1.9 2.0 
0.7 2500 2.7 -2.4 22856 23073 2.1 1.7 
0.7 2500 2.7 -0.8 23504 26758 1.6 1.7 
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Figure 5.31 Nominal yield curvature correlations with a K1 value of (a) 1.6 and (b) 1.8 

5.4.1.4 Summary of K1 values 

Using the VecTor3 results, K1 values were derived for the C-shaped walls and for the 

different directions of loading.  These values are summarised in Table 5.11 and are compared to the 

values originally proposed by Paulay (2002) and Sullivan et al. (2012) for T-shaped and C-shaped 

walls respectively (discussed in Section 2.5.1). 

Table 5.11 Summary of proposed K1 values 

 K1 

 Major Minor (WiC) Minor (WiT) 

This research 1.6 1.4 1.6 

Paulay (2002) 1.4 1.4 1.8 

Sullivan et al. (2012) 1.4 1.4 1.8 
 

5.4.2 Yield Displacement 

The nominal yield displacement (Δy) values were calculated from VecTor3 for all walls using 

Equation 2.24, by extracting the values for 'y, Fu and Fy from the finite element results for each 

increment of ρwv.  Similar to the observations for the rectangular walls analysed in Section 4.4, the Δy 

of the C-shaped walls in Section 5.2 using VecTor3 were found to increase as a function of the 

longitudinal reinforcement ratio (ρwv) of the wall.  This is illustrated in Figure 5.32, where the yield 

displacement is given for all of the walls as a function of the ρwv.  Therefore, a factor (kΔ) is proposed 

in Equation 5.5, similar to that in Section 4.8.2 for rectangular walls, which can be used in 

conjunction with the yield displacement equation proposed by Beyer (2007).  The nominal yield 

displacement equation, as proposed by Beyer (2007), and relevant parameters involved in calculating 

Δy was discussed in Section 2.5.1. 
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Figure 5.32 The yield displacement as a function of longitudinal reinforcement ratio for bending about 
the (a) major axis (b) minor axis (WiC) and (c) minor axis (WiT) 

�∆ = ���� + � 5.5 

The minimum of the sum of the squares was used to find the most viable values for � and � 

(in Equation 5.5).  These values were derived for the different directions of loading and are given in 

Table 5.12.  Therefore, using Equations 2.31 to 2.33 from Beyer (2007), an expression for the 

nominal yield displacement for C-shaped lightly reinforced and unconfined walls is given in Equation 

5.6. 

Table 5.12 Values for calculation of kΔ 

 Major Minor (WiC) Minor (WiT) 

� 80 50 100 

� 0 0.3 1 

 

∆�=  �∆��(
���

3
��

� + �����)(1 +
∆�

∆�
)  5.6 

Figure 5.33 illustrates the different correlations of Δy from the VecTor3 data for all of the 

analysed walls to the estimated value of Δy using the expressions proposed by Priestley et al. (2007) 

(Equation 2.30), Beyer (2007) (Equation 2.31 to 2.33) and the expression that includes the kΔ factor 

proposed here (Equation 5.6).  It should be noted that for all of these expressions the same Φy has 

been used, determined from the VecTor3 results, and the deformations due to shear have been also 

been included by using the shear-to-flexure ratio (Δs/Δf).  Furthermore, the cracking angle has been 

conservatively assumed to be 30°, which was a value recommended in Priestley et al. (1996) to be 

used for assessment purposes.  It is clear that by including the kΔ proposed here for lightly reinforced 

and unconfined C-shaped walls, the Δy estimate using the expressions proposed by Beyer (2007) can 

be improved (Figure 5.33c). 
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Figure 5.33 Yield Displacement using expression proposed from (a) Priestley et al. (2007) (b) Beyer (2007) 
and (c) Beyer (2007) with kΔ factor 

 

5.4.3 Plastic Displacement 

The plastic displacement (Δp) of all of the C-shaped walls analysed in Section 5.2 were found 

by subtracting the nominal yield displacement (Δy) found in Section 5.4.2 from the ultimate 

displacement capacity of the wall (Δu).  The Δp value obtained from the numerical analysis can then be 

compared to the Δp value calculated using Equation 2.35, which has been reproduced here in Equation 

5.7 for convenience.  The Lp and Φu values used in Equation 5.7 were calculated directly from the 

VecTor3 results (i.e. the strains at the base of the wall).  The shear-to-flexure ratio (Δs/Δf) was 

calculated using the procedure in Section 2.5.4.  As previously stated, the cracking angle has been 
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conservatively assumed to be 30°, which was a value recommended in Priestley et al. (1996) to be 

used for assessment purposes. 

∆�=  ��(�� − ��)��(1 +
∆�

∆�
) 

 
 5.7 

In general, the calculated plastic displacement correlated well to the Δp found from VecTor3 

for all of the walls and directions of loading, as illustrated in Figure 5.34.  In some cases, and 

particularly for the HR walls, the calculated value of Δp was found to be conservative.  This was 

potentially due to the equivalent plastic hinge lengths (Lp) used in calculating the Δp, which were 

determined from the strains up the wall height from the base of the wall (Section 5.3).  However, there 

is potentially some yielding higher up the wall (from the base) that may not have been accounted for 

when calculating Lp.  This process was illustrated in Figure 4.3 in Section 4.2 with the curvature 

distribution given in that section.  Therefore, in some instances, the calculated Lp could be 

conservative, resulting in an underestimation of the Δp. 

 

Figure 5.34 Comparison between the estimated plastic displacement and the VecTor3 results 

It should be noted that if a wall is estimated to have insufficient longitudinal reinforcement to 

allow secondary cracking (Equation 4.5, Section 4.1.1), then an Lp of 150 mm is recommended for 

assessment purposes.  This value was recommended in Section 4.5 with the results for RC rectangular 

walls, but is also close to the mean value of 141 mm determined from the results of all of the C-shaped 

walls analysed in VecTor3 (Section 5.2) with a ρwv less than ρwv.min.  Furthermore, it was discussed in 

Section 4.8.4 that a typical moment-curvature analysis may not be able to predict the ultimate curvature 

achieved by single-crack failure walls.  Therefore, Equation 4.21 (in Section 4.8.4) should be used to 

calculate the plastic curvature (Φp).  The Φp values estimated using Equation 4.21 are compared to the 
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Φp values determined in VecTor3 in Figure 5.35, where a good fit is achieved.  It should be noted that 

only the C-shaped walls that resulted with single-crack failures (ρwv < ρwv.min) and governed by tension 

strains were used in Figure 5.35. 

 

Figure 5.35 Plastic curvature comparisons for the C-shaped walls 

 

5.4.4 Elastic displacement 

As reported in Section 5.3.3, the majority of the C-shaped walls analysed in VecTor3 for 

bending about the minor axis with web in tension (WiT) had not experienced yield of the steel in the 

tensile region up until failure of the wall.  The failure was caused by the ultimate unconfined 

compression strain being reached at the boundary ends of the flanges.  Therefore, the proposed 

“plastic hinge analysis” equations for these types of walls and for this direction of loading are given in 

Equation 5.8, i.e. it is assumed that a plastic hinge does not form. 

∆=
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3������
 5.8 

where M is the moment corresponding to a performance level, Ec is the Young’s modulus of the 

concrete and Ieff is the effective moment of inertia. 

 For the purposes of this study, the Ieff is taken as 0.8 of the gross cross-sectional moment of 

inertia (0.8Ig), which has been adopted from (ASCE, 2007) for uncracked concrete sections.  A factor 

of 0.8 of the Ig was found to correspond well to the displacement of these walls at the Serviceability 

performance level (Δs), as shown in Figure 5.36(a).  It should be noted that the Ec is taken as 

5000���
�, taken from AS 3600:2009 (Standards Australia, 2009), where fcmi is used as substitute for 

the f’c value. 
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The displacement for the Damage Control and Collapse Prevention performance levels (Δdc 

and Δcp) can be found by using a factor (Ω) to increase the calculated Δs.  The minimum of the sum of 

squares is used to determine the best value of Ω for each performance level using the VecTor3 data 

for all of the walls that remained elastic and for bending about the minor axis (WiT).  Table 5.13 gives 

the resulting values of Ω corresponding to the different performance levels. 

Table 5.13 Different values of Ω for the performance levels 

 Performance Level 
 Damage Control Collapse Prevention 

Ω 1.5 1.8 

 

Figure 5.36(a) shows the goodness of the fit from using Equation 5.8 for Δs.  Moreover, the 

goodness of the fit is shown for Δdc and Δcp in Figure 5.36(b) and Figure 5.36(c) respectively by using 

the different values of Ω in Table 5.13.  It should be noted that the corresponding force (P) used in 

Equation 5.8 to calculate these values was taken from VecTor3, which corresponded to the concrete 

strain limit for Serviceability, which was given in Section 2.5.5.  Alternatively, the moment (M) could 

be used in Equation 5.8 to determine the Serviceability displacement capacity, which can be found 

from a moment-curvature (or sectional) analysis.  Moreover, three examples of the resulting force-

displacement relationship are given in Figure 5.37 by using Equation 5.8 and the Ω values in Table 

5.13.  These resulting force-displacement plots have been compared to the VecTor3 results for LR, 

MR and HR C-shaped walls that have been analysed in Section 5.2.  These walls were chosen for the 

purpose of illustration; they all have an fcmi of 40 MPa and an ALR of 5%, while the ρwv of the LR and 

MR walls is 0.70% and the ρwv of the HR wall is 1.00%.  It is shown that the displacement estimates 

using Equation 5.8 and the Ω values proposed here for the different performance levels result in a 

similar force-displacement plot to that obtained using FEM analyses in VecTor3. 

   

Figure 5.36 VecTor3 displacements compared to the displacements predicted for (a) Serviceability (b) 
Damage Control and (c) Collapse Prevention 
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Figure 5.37 Force-displacement relationship for (a) LR (b) MR and (c) HR C-shaped wall that remained 
elastic 

 

5.5 C-shaped walls with confinement 

To illustrate the effect of having some confinement provided in the boundary regions of the 

wall, i.e. those regions at the ends of the flanges and where the web intersects the flanges, further 

nonlinear pushover analyses were conducted on the MR C-shaped walls with some minor 

modifications to the models.  The transverse reinforcement ratios (ρwh) in these boundary regions were 

increased to 1% (in both the x and y directions). This is illustrated in Figure 5.38 which shows the 

cross-section of the VecTor3 model of the MR wall and the amount of smeared transverse 

reinforcement in each area of the wall.  Moreover, the transverse reinforcement detailing that would 

be required for a ρwh (in the x and y) of approximately 1.00% is shown in Figure 5.39 for the returns 

of the MR wall.  It should be noted that for this example the assumption is that the diameter of 

longitudinal reinforcement (dbl) and transverse reinforcement (dbt) are 12 mm, the spacing (st) of all 

the transverse reinforcement (neglecting the original 0.25% minimum provided by the horizontal 

reinforcement) is 110 mm and the ρwv is approximately 1.00%.  Only the MR walls with an fcmi of 40 

MPa, that formed secondary cracks (ρwv of 0.70% and 1.00%), and for loading that caused bending 

about the major axis and about the minor axis with WiT were analysed with confinement. The results 

from these analyses will be compared with the results for the same walls, but without confinement, 

that have been given in Sections 5.3.1 and 5.3.3. It is expected that the confined lightly reinforced C-

shaped walls with a ρwv less than ρwv.min will still form a primary, single crack, so these cases, which 

are governed by tension, will not be considered here.  Moreover, analyses for bending about the minor 

axis with WiC were not conducted given the generally good performance achieved for this direction 

of loading.  The expression for the confined concrete strain (εcc) has been adopted from Paulay and 

Priestley (1992) and Priestley et al. (2007) and given in Equation 5.9, which results in a ‘conservative 

estimate’.  It should be noted that the unconfined concrete strain in Equation 5.9 has been modified 

0

200

400

600

800

1000

1200

1400

1600

0 5 10 15 20

F
o

rc
e 

(k
N

)

Displacement (mm)

VecTor3
Elastic PHA

a)

0

200

400

600

800

1000

1200

0 25 50 75

F
o

rc
e 

(k
N

)
Displacement (mm)

VecTor3
Elastic PHA

b)

0

200

400

600

800

1000

1200

0 50 100 150 200 250

F
or

ce
 (

k
N

)

Displacement (mm)

VecTor3
Elastic PHA

c)



269 
 

from 0.004 from Paulay and Priestley (1992) and Priestley et al. (2007) to 0.003 to be consistent with 

the strain limits imposed in the previous research undertaken here.  Assuming a compression strength 

of the confined concrete (f’cc) of 1.4fcmi, or 1.4f’c as recommended by Priestley et al. (2007), the εcc for 

the walls analysed in VecTor2 is estimated to be approximately 0.01 (or 1.0%) for a ρv of 0.01.  It 

should be noted that the fyh and ε’su values used in Equation 5.9 were 550 MPa and 0.05 respectively, 

corresponding to the mean values from Menegon et al. (2015) for D500N bars; 0.6εsu (≈0.05=0.6 

times 0.0946) was conservatively used in Equation 5.9 for ε’su.  Therefore, a strain of 1.0% was used 

as the limiting strain value corresponding to the Collapse Prevention limit state for these confined C-

shaped walls. 

ε�� = 0.003 +
1.4����� �′��

���
�  5.9 

 

Figure 5.38 Cross-section of MR C-shaped wall in VecTor3 with confinement 

 

Figure 5.39 Reinforcement arrangement in the return of the confined MR wall 

 Figure 5.40 gives the calculated Lp results for the confined MR walls compared to the same 

walls without confinement.  The calculated Lp is observed to be larger for the confined walls in 

comparison to the length observed for the unconfined walls, in most cases by a factor of 

approximately 2.  The distribution of plasticity for these walls is illustrated in Figure 5.41 and Figure 
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5.42 for bending about the major and minor axis (WiT) respectively, where higher strains are 

observed for the confined walls.  It should be noted that although the strains appear to be well 

distributed in some of the unconfined walls [e.g. Figure 5.41(d)], these strains are relatively small in 

comparison to the same wall with confinement. 

 

 

 

Figure 5.40 Comparison of Lp for bending about (a) major axis and (b) minor axis (WiT) 
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40-1.5-0.70-c 40-1.5-1.00-c 40-1.5-0.70-u 40-1.5-1.00-u 40-5.0-0.70-c 40-5.0-1.00-c 40-5.0-0.70-u 40-5.0-1.00-u 

Figure 5.41  Strain (tension) distribution for the MR walls bending about the major axis [the values are given a fcmi(MPa)-ALR(%)-ρwv(%)-confined(c)/unconfined(u)] 

        

40-1.5-0.70-c 40-1.5-1.00-c 40-1.5-0.70-u 40-1.5-1.00-u 40-5.0-0.70-c 40-5.0-1.00-c 40-5.0-0.70-u 40-5.0-1.00-u 

Figure 5.42 Strain (tension) distribution for the MR walls bending about the minor axis (WiT) [the values are given a fcmi(MPa)-ALR(%)-ρwv(%)-confined(c)/unconfined(u)]

a) b) c) d) e) f) g) h) 
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 The larger calculated equivalent plastic hinge lengths achieved by the confined MR walls, in 

comparison to the same walls without confinement, also corresponded, of course, to a larger ultimate 

displacement capacity being achieved by these walls.  This larger displacement capacity is illustrated 

in Figure 5.43 and Figure 5.44 for the MR walls analysed with and without confinement for bending 

about the major axis and minor axis (WiT) respectively. 

 

Figure 5.43 Comparison of the Δu achieved by the MR walls bending about the major axis 

 

Figure 5.44 Comparison of the Δu achieved by the MR walls bending about the minor axis (WiT) 
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5.6 Summary of proposed Plastic Hinge Analysis equations 

The following equations are recommended to be used in a plastic hinge analysis when predicting 

the performance of unconfined and lightly reinforced C-shaped walls. 

5.6.1 Yield Displacement 

��� = max ���, �1 −
���

��
� ���   

��� =  � + 0.5(1 − �)(
3���

��
−

���
�

��
� ) 

  

∆�=  �∆��(
���

3
��

� + �����)(1 +
∆�

∆�
)   

�∆ = ���� + � , where 0.15% ≤  ���  ≤ 1.00% 

 Major Minor (WiC) Minor (WiT) 

� 80 50 100 

� 0 0.3 1.0 

 

5.6.2 Plastic Displacement 

∆�=  ��(��)��(1 +
∆�

∆�
) 

For walls with ρwv < ρwv.min 

∅� =
0.6��� − ���

��
 

�� = 150 mm [for assessment purposes] 

For walls with ρwv ≥ ρwv.min 

�� = (0.1�� − 0.013��)(1 − 13ALR)(7.0���.��) ≤ 0.5�� [Bending about the major axis] 

�� = (0.5�� − 0.015��)(1 − 3ALR)(1.6���.��) ≤ �� [Bending about the minor axis (WiC)] 
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�� = (1.3�� − 0.082��)(1 − 11ALR)(1.0���.��) ≤ 0.5�� [Bending about the minor axis (WiT)] 

5.6.3 Elastic Displacement – Bending about the minor axis (WiT) 

∆�=
���

�

3������
=

���
�

3������
  

���� =  0.8��  

∆��= 1.5∆�  

∆��= 1.8∆�  

5.7 Discussion 

The aim of this Chapter was to investigate the seismic performance of lightly reinforced and 

unconfined C-shaped walls that are a popular construction choice in Australia and other low-to-

moderate seismic regions.  As no experimental evidence exists for the performance of such structural 

elements, and such tests were not within the scope of this project, a comprehensive numerical study 

has been carried out to provide information on the performance of such elements. The results from 

this study will be used in the seismic assessment (Chapter 6). 

It has been shown here that the empirical plastic hinge length equations that are commonly 

used in plastic hinge analyses are inappropriate for these types of walls and for this type of detailing.  

In some of the cases considered here the unconfined boundary regions of the C-shaped walls were 

found to play a significant role in inhibiting a good distribution of plasticity on the tension side, even 

if the minimum reinforcement requirements from the Secondary Cracking Model were met, since the 

ultimate unconfined concrete strain was reached in these regions (on the compressive side) at very 

low displacement capacities. Given that high tensile strains could potentially have been reached in the 

longitudinal bars on the compressive side due to prior loading in the other direction, the longitudinal 

bars on the compressive side are likely to buckle as soon as the unconfined concrete crushes, and 

hence this is a particularly dangerous situation.  

Equivalent plastic hinge length (Lp) equations were derived for lightly reinforced and 

unconfined C-shaped walls using numerical analyses in VecTor3.  Importantly, these equations are 

dependent on the different directions of loading; about the major axis, minor axis with web in 

compression (WiC) and with web in tension (WiT).  There are some limitations on the use of the 

relationships that have been derived in the preceding sections for the Lp, similar to the limitations on 
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the expressions derived for the rectangular walls in Section 4.5. This is due to the limited range of the 

parameters used to derive these expressions. For example, the Lp equations derived from the VecTor3 

results are specific to unconfined C-shaped RC walls with uniformly distributed longitudinal 

reinforcement.  The axial load ratio and the longitudinal reinforcement ratio are limited to a maximum 

of 5% and 1% respectively, since these are the maximum values used in this study.  The aspect ratio 

of the walls should be equal to or greater than 2.  As discussed in Section 2.5.3, the fu / fy ratio will also 

have an influence on the spread of plasticity.  These equations are expected to give conservative 

results for walls with E-type steel and overestimate values for walls with L-type steel, given that the fu 

/ fy value used in this investigation is based on the mean value of the fu / fy ratio for N-type steel 

(Section 2.4.2.6).  Therefore, the derived Lp equations are also limited to the assessment of walls with 

N-type reinforcement, and more conservative equations would be required for design.   

Further numerical analyses were performed in VecTor3 using the MR walls but with some 

confinement provided in the boundary regions. The results from the models that included confinement 

indicated that these walls would have a larger equivalent plastic hinge length, by a factor of about 2 in 

most cases. Hence the displacement capacity of the walls with confinement also increased 

substantially. 

The expressions available in the literature for the estimation of the yield displacement were 

found to correlate poorly to the VecTor3 results for the lightly reinforced and unconfined walls 

analysed here.  Instead, a kΔ factor was introduced in the expression for the yield displacement 

proposed by Beyer (2007) to make it more compatible with the results for lightly reinforced and 

unconfined C-shaped walls.  By incorporating this factor into the expression to estimate the yield 

displacement, a much better fit was provided when comparing the estimates to the results from the 

VecTor3 analyses.  A different expression was also used for the elastic displacement for when the C-

shaped walls fail in compression before the yield strain is reached in the steel.  The effective second 

moment of inertia was used to calculated the displacement at the Serviceability performance level, 

while factors were used to increase this displacement for the Damage Control and Collapse 

Prevention performance levels.  The calculated displacement capacities using these alternatives were 

found to correlate well to the force-displacement behaviour observed by many of the C-shaped walls 

analysed in VecTor3 with steel that had not reached yield in the extreme tension fibre region before 

failure.  It should be noted that while the PHA expressions used or derived in this chapter for C-

shaped walls result in displacement capacity values that correlate better to the VecTor3 data when 

compared to the other expressions in the literature, more research (with an emphasis on experimental 

research) is required to confirm the validity of such expressions. 

This research has highlighted the vulnerability of lightly reinforced and unconfined C-shaped 

walls in Australia and other low-to-moderate seismic regions. 
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Chapter 6 Seismic Vulnerability Assessment of RC Shear Wall Buildings 

in Australia 

 

6.1 Background 

This chapter focuses on a seismic vulnerability assessment of the Australian RC building 

stock.  Vulnerability functions will be derived, which give the probability of a building (low-rise, 

mid-rise or high-rise) reaching or exceeding a performance level for a given seismic intensity.  The 

buildings are assumed to be laterally supported by rectangular or C-shaped walls.  The assessment 

was conducted based on the Capacity Spectrum (CS) method, which involves comparison between the 

capacity and demand curves in the form of acceleration-displacement response spectra (ADRS). The 

plastic hinge analysis expressions derived in Chapter 4 and Chapter 5 are used to derive the capacity 

curves of the buildings.  The vulnerability functions derived from the CS method are compared with 

those obtained from Nonlinear Dynamic Time-History Analysis (NDTHA) for case study buildings.  

A program is written in MATLAB to assess the building stock of Melbourne, using the best 

information available for the building inventory, site conditions and earthquake demand.  The 

program will ultimately output information such as the vulnerability functions for low-rise, mid-rise 

and high-rise RC buildings in Australia for the different performance levels, which have been based 

on a large inventory of buildings and a range of typical building parameters that would be found in the 

low-to-moderate seismic region of Australia.  A comparison is also made to the expected number of 

buildings reaching or exceeding the Collapse Prevention performance level for 500-year and 2500-

year return period ground motions in Melbourne using the AUS5 PSHA results from Section 3.1.3. 

 

6.2 Idealised RC Buildings in Australia 

Different Building Types, varying by the use of rectangular and/or C-shaped RC walls for the 

lateral load resisting elements, are to be used in representing the idealised buildings for Australia.  

Other researchers have followed similar methods in idealising the RC building stock for seismic 

performance studies. 

Lestuzzi and Bachmann (2007) used a ‘typical structural wall system’ as the prototype 

building in designing and detailing six scaled-rectangular walls for shaking table experiments.  The 

buildings consisted of flat slabs, small columns that were designed for gravity load only and few 

relatively slender structural walls as depicted in Figure 6.1. 
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Figure 6.1 Idealised 3-storey building used to design the scaled RC walls (Lestuzzi & Bachmann, 2007) 

Two types of RC frame-wall buildings were used by Surana et al. (2015) shown in Figure 6.2, 

which were used to calculate the seismic performance of 15-storey concrete-shear-wall buildings in 

India and derived vulnerability functions. 

Figure 6.2 Buildings plans for frame structures with (a) peripheral structural walls and (b) central shear 
wall core (Surana et al., 2015) 

Similarly, the research by Hancock and Bommer (2007) and Mwafy and Elnashai (2001) used 

centralised C-shaped cores for High-Rise (HR) buildings (8 and 12 storeys respectively), with floor 

plans shown Figure 6.3. 

a) b) 
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Figure 6.3 Floor layouts for buildings that use a C-shaped walls as the core from (a) Hancock and 
Bommer (2007) and (b) Mwafy and Elnashai (2001) 

Four building configurations will be used in this study: Type 1, Type 2, Type 3 and Type 4, 

which are illustrated in Figure 6.4.  Only particular building types can be used to represent the low-

rise, mid-rise and high-rise structures, which are dependent on the number of storeys; this is because 

the buildings will be initially designed for earthquake loading (using AS 1170.4) and/or wind loading 

(using AS 1170.2), depending on the year of construction.  For example, a high-rise building may not 

have the (moment) capacity for the earthquake or wind demand if it only has C-shaped centralised 

walls (building Type 3).  Therefore, HR buildings are limited to Type 4.  Moreover, the single C-

shaped wall building (Type 2) is limited to LR buildings designed pre-1995, before earthquake 

loading became a design requirement.  This is because the wind loading requirement for LR buildings 

is typically small, and it would be unlikely that these types of buildings have the capacity when 

considering earthquake loading (due to the extra base shear caused from the expected torsional 

response).  It should be noted that it assumed for all buildings that centre of stiffness provided by the 

lateral load resisting walls for each principle direction is close to the centre of mass; therefore, the 

effects of torsional displacement due to in-plane asymmetry have been neglected in this study.  It 

should also be emphasised that the HR buildings investigated here have a 12-storey limit as buildings 

taller than this are likely to have higher mode effects not captured by the capacity spectrum method 

(as discussed in Section 2.6.2).  Moreover, LR buildings that are 1-storey high have not been included 

in the analyses due to the low height of the building (and corresponding cantilever walls). Thus, if 1-

storey buildings were used in this analysis, a large percentage of the RC walls laterally supporting 

these LR buildings would result in a low aspect ratio (Ar); the RC walls that have been studied in this 

thesis have been governed primarily by flexure and have had an Ar higher than 2.  Furthermore, for 

a) b) 
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this study, the C-shaped walls are assumed to be uncoupled.  This assumption is only valid for 

moderate “high-rise” structures (less than 13-storeys), since a coupled and stiffer centralised core 

(boxed section) would be typical for very tall structures. 

 

 

  

Figure 6.4 The different idealised building configurations used for RC buildings in Australia (a) Type 1 
(b) Type 2 (c) Type 3 and (d) Type 4 

Table 6.1 presents the different Building Types and limiting number of storeys (n). The 

definition of the low-rise, mid-rise and high-rise corresponds to the number of storeys has been 

adopted from FEMA (2010), discussed initially in Section 1.2.  This definition has also been adopted 

in Geoscience Australia’s Earthquake Risk Model (EQRM) (Robinson et al., 2005) and GAR15 

(Maqsood et al., 2014). 

 

 

a) b) 

c) d) 
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Table 6.1 Building Types with limiting number of storeys 

Building Type minimum n maximum n Rise 

1 2 4 low, mid 

2 2 3 low 

3 2 7 low, mid 

4 4 12 mid, high 
 

 For the derivation of a buildings capacity, a moment-curvature program will be written in 

MATLAB that can provide the capacity of the RC walls for varying parameters.  This is discussed in 

the next section, and will be subsequently used in Section 6.4. 

 

6.3 Moment-Curvature Analysis for MATLAB 

A moment-curvature analysis (or “sectional analysis”) must be conducted to obtain the 

moment and curvature capacities of the RC walls.  These values can be used in some of the plastic 

hinge analysis expressions, such as those summarised in Section 4.8.1 and Section 5.6, to obtain the 

force-displacement relationship of the RC walls.  Typically, a moment-curvature analysis can be 

undertaken using third-party computer software.  However, for the purposes of this study, the 

moment-curvature analysis program is incorporated within MATLAB to reduce computational time 

associated with using a third-program.  Therefore, capacities of a large range of parameters for RC 

rectangular and C-shaped walls can be derived, thus creating some of the variance needed to produce 

vulnerability functions that would represent the Australian RC structural wall building stock.  The 

moment curvature program will be will be used to determine the force-displacement relationship of 

the buildings. 

There are a few computer programs that are readily available for computation of the moment-

curvature response of an RC Section.  Response-2000 (Bentz, 2000) is a RC sectional analysis 

program that uses the Modified Compression Field Theory (Vecchio, 1986) to undertake moment-

curvature and member responses of RC sections.  Although it is possible to use Response-2000 for 

non-rectangular sections by inputting a ‘User Defined’ concrete cross section, the C-shaped wall (or 

core) would have to be idealised as a T-section within the program.  Whereas, XTRACT (Chadwell & 

Imbsen, 2004) is a similar program that can calculate moment-curvature analyses for non-rectangular 

and unsymmetrical RC sections (e.g. C-shaped).  A moment-curvature program has previously been 

written in MATLAB called CUMBIA (Montejo & Kowalsky, 2007).  However, CUMBIA is only for 

rectangular and circular sections, and also includes modelling parameters that are typically used for 

heavily reinforced or confined sections that are not relevant to this investigation.  A guide has been 

written in Lam et al. (2011) for undertaking moment-curvature analyses on RC sections using 
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Microsoft Excel spreadsheets.  The analyses from Lam et al. (2011) are based on uni-axial bending 

about the “X-axis”, which corresponds to “in-plane” bending of an RC rectangular wall.  For the 

purposes of bending about a C-shaped wall, the program from Lam et al. (2011) can be modified to 

allow the moment-curvature capacities to be calculated about the two different axes (and 3 directions 

of bending). 

The same steps that are recommended in Lam et al. (2011) to produce the moment-curvature 

program in Microsoft Excel will be used, but modified to take into account for bending about two 

different axes.  The program written in MATLAB is then verified by using several RC rectangular and 

C-shaped walls, with varying parameters, and comparing the results to the estimates given from 

Response-2000 (Bentz, 2000) (for rectangular-sections) and XTRACT (Chadwell & Imbsen, 2004) 

(for C-sections). 

Firstly, the program requires several inputs from the user; longitudinal reinforcement ratio 

(ρwv), yield strength of steel (fsy), ultimate strength of steel (fsu), strain hardening value (esh), uniform 

elongation of the steel (esu), concrete strength (fcmi), axial load (N) and geometry (shape and size) of 

the wall.  Note that some of these parameters will automatically be selected within the assessment 

program (described in Section 6.5) for vulnerability function construction [e.g. reinforcing steel 

properties will be randomly selected values based on a normal distribution using the mean and 

standard deviation values given in Menegon et al. (2015)].  The number, spacing and location of the 

reinforcing bars is automatically calculated from the geometry of the wall and ρwv, with an assumption 

that the bars are evenly distributed.  The stress-strain relationship for the RC wall is calculated using 

the Popovics NSC and HSC curves that was used in the VecTor2 analyses (presented in Section 

4.3.1).  The concrete strain at maximum stress (εp) was taken as 0.002.  The stress-strain curves for the 

reinforcing steel were adopted from Wong et al. (2013), which represents the back-bone curve of the 

Seckin (1981) stress-strain relationship used in the VecTor2 and VecTor3 analyses (Section 4.3 and 

5.1).  The resulting stress-strain curve for the reinforcing steel (Equations 6.1 to 6.3), using the mean 

values of D500N bars from Menegon et al. (2015) (Section 2.4.2.6, Table 2.10), is illustrated in 

Figure 6.5.  These mean values will be used for the purposes of validation in this Section.  A P value 

of 4 is used in Equation 6.3 to correspond with a nonlinear strain-hardening phase. 
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Figure 6.5 Stress-strain curve used for the reinforcing steel 

�� = ���� for εs ≤ εsy  6.1 

�� = ��� for εsy < εs ≤ εsh  6.2 

�� = ��� + ��� − ��� �
�����

������
�

�
 for εsh < εs ≤ εsu  6.3 

 The concrete section is divided into a number of layers for the fibre-element model, creating 

horizontal slices of the section; 30 slices were deemed to be sufficient for the purposes of moment-

curvature for rectangular sections, while 100 slices were used for the C-shaped sections.  The increase 

number of “slices” for C-shaped walls were due to the potential for a much smaller neutral axis depth 

depending on the direction of loading. 

The computations of the moment-curvature program in MATALB begins with a “loop”, 

which iterates a different target strain to be reached by the concrete in the extreme compression fibre 

region of the wall (e.g. starting at 0.0001, increasing by 0.0001, reaching 0.003).  Within the loop, the 

position of the neutral axis is initially assumed (e.g. Lw/2), required for the calculations using the 

targeted concrete strain value.  An initial strain profile can thus be derived, and linear interpolation is 

utilised to obtain the strain for each fibre element.  The stress in both the steel and concrete are then 

calculated using the respective material stress-strain behaviour.  The forces are then calculated in the 

concrete fibre layers and locations of the reinforcing steel bars.  The sum of these forces are compared 

to the externally applied forces (e.g. axial load) to check for equilibrium.  If equilibrium is not 

achieved, another iteration of the neutral axis is calculated, and the process is repeated until an 

acceptable ‘unbalanced force error’ is achieved.    The detailed procedure of this has been presented in 

Lam et al. (2011). In MATLAB, a hundred iterations have been prescribed (within the loop iterating 

the different target strain) to achieve this equilibrium.  Once the iterations have finished, which find 
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the best estimate of the neutral axis (c), the total moment capacity of the section is calculated (with the 

concrete and steel forces, taken at the centroid of the section of the wall) and the curvature (Φ) is 

calculated using Equation 6.4. 

� =
max(��)

�
 6.4 

 The loop within the program continues with another targeted concrete strain value and the 

process above is repeated.  The iterations of a different targeted concrete strain value ultimately gives 

increasing values of the moment and curvature capacity of the section, up until failure (εc = 0.003).  

The concrete strains are used as the target strain, instead of steel strains, as the assumption here is that 

the RC wall is governed by compression strains.  However, the program is also written to iterate 

different target strains related to the steel in the extreme tension fibre region of the section.  Thus, this 

allows the program to (crucially) be able to calculate the moment and curvature of a RC section for 

important performance levels corresponding to strains in the concrete and the steel (Section 2.5.5). 

 To validate the sectional analysis program written in MATLAB for rectangular sections, 

several moment-curvature analyses are conducted on rectangular RC walls with a range of parameters 

given in Table 6.2.  The shaded areas of Table 6.2 indicate what parameter is varied, while all other 

parameters remain constant.  These parameters (ρwv, Lw, ALR and fcmi) can alter the capacity of the 

section and thus are used for the investigation here.  The RC walls in Table 6.2 are also analysed in 

Response-2000 (Bentz, 2000) to compare with the results from the MATLAB program.  Figure 6.6 

through to Figure 6.9 show that the moment-curvature (M-Φ) program written in MATLAB provides 

an accurate estimate of the capacity of RC rectangular walls for the given range of parameters used.  

The slight differences in moment-curvature capacities predicted by Response-2000 in comparison to 

the MATLAB program is likely the result of different material models used for the concrete and 

reinforcing steel.  Moreover, Response-2000 also includes compression softening and tension 

stiffening modelling components of the concrete, which have been ignored for the program written in 

MATLAB. 
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Table 6.2 Rectangular RC walls analysed for moment-curvature analyses 

Wall No. Lw (mm) tw (mm) ρwv ALR fcmi (MPa) 

1 3000 200 0.19% 5.0% 40 

2 3000 200 0.50% 5.0% 40 

3 3000 200 0.75% 5.0% 40 

4 3000 200 1.00% 5.0% 40 

5 3000 200 0.50% 5.0% 40 

6 6000 200 0.50% 5.0% 40 

7 9000 200 0.50% 5.0% 40 

8 12000 200 0.50% 5.0% 40 

9 3000 200 0.50% 2.5% 40 

10 3000 200 0.50% 5.0% 40 

11 3000 200 0.50% 7.5% 40 

12 3000 200 0.50% 10.0% 40 

13 3000 200 0.19% 5.0% 32 

14 3000 200 0.50% 5.0% 40 

15 3000 200 0.75% 5.0% 60 

16 3000 200 1.00% 5.0% 80 
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Figure 6.6 Moment-curvature analysis results for Walls 1 to 4 with (a) ρwv = 0.19% (b) ρwv = 0.50% (c) ρwv 
= 0.75% and (d) ρwv = 1.00% 
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Figure 6.7 Moment-curvature analysis results for Walls 5 to 8 with (a) Lw = 3 m (b) Lw = 6 m (c) Lw = 9 m 
and (d) Lw = 12 m 
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Figure 6.8 Moment-curvature analysis results for Walls 9 to 12 with (a) ALR = 2.5% (b) ALR = 5.0% (c) 
ALR = 7.5% and (d) ALR = 10.0% 
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Figure 6.9 Moment-curvature analysis results for Walls 13 to 16 with (a) fcmi = 32 MPa (b) fcmi = 40 MPa 
(c) fcmi = 60 MPa and (d) fcmi = 80 MPa 

Three different sized C-shaped walls were used to validate MATLAB, corresponding to the 

LR, MR and HR RC wall sections used in Section 5.2 (illustrated in Figure 5.11).  As previously 

conducted for the RC rectangular walls, mean values of D500N type reinforcing steel from Menegon 

et al. (2015) were used.  A fcmi of 40 MPa was assumed for all of the walls.  The axial load ratios 

(ALR) of the LR, MR and HR walls were approximately 3%, 5% and 7% respectively, which is within 

the range of values commonly found in low-to-moderate seismic regions according to Henry (2013) 

and Albidah et al. (2013).  All of the walls had a ρwv of 0.50%, which was equivalent to the estimated 

ρwv.min (Equation 4.5) such that secondary cracking was to be expected to occur in the walls.  The M-Φ 

results for the C-shaped RC walls for the three different bending modes (about the major axis and 

about the minor axis with WiC and WiT) from MATLAB, are compared to the results using 

XTRACT (Chadwell & Imbsen, 2004).  Figure 6.10 through to Figure 6.12 show that the moment-

curvature program written in MATLAB provides reasonable estimates of the capacity of RC C-shaped 
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walls for all three modes of bending.  Similar to the previous comparisons of the rectangular walls, the 

slight discrepancies between the moment-curvature capacity comparisons here are likely to be due to 

the differences in material models used to predict the stress-strain behaviour for the concrete and steel 

inherently built into XTRACT in comparison to that used for the MATLAB program. 

  

 

Figure 6.10 Moment-curvature analysis results for LR C-shaped walls for bending about the (a) major 
axis and bending about the minor axis with (b) WiC and (c) WiT 
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Figure 6.11 Moment-curvature analysis results for MR C-shaped walls for bending about the (a) major 
axis and bending about the minor axis with (b) WiC and (c) WiT 
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Figure 6.12 Moment-curvature analysis results for HR C-shaped walls for bending about the (a) major 
axis and bending about the minor axis with (b) WiC and (c) WiT 

 The MATLAB program written here for sectional analyses has been shown to be able to 

provide reasonable estimates of the moment-curvature capacity of RC rectangular and C-shaped walls 

in comparison to third-party computer software.  This will be incorporated into the MATLAB 

assessment program in Section 6.5 for deriving the moment-curvature capacity of the LR, MR and HR 

buildings.  The values from the analyses will ultimately be used to derive the force-displacement 

relationships (or the capacity curves) using a plastic hinge analysis. 

 

6.4 Method for the Seismic Assessment 

A large number of analyses are proposed to be undertaken using the capacity spectrum (CS) 

method (in MATLAB) in order to obtain the vulnerability functions for RC structural wall buildings 
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comparison with non-linear dynamic time history analysis NDTHA.  Two different building 

configurations are used for four different case studies; a Mid-Rise (MR) building with rectangular 

(peripheral) walls and a MR building with central C-shaped cores.  The two different building types 

are illustrated in Figure 6.13. 

  

Figure 6.13 Plan view of mid-rise building with (a) peripheral walls and (b) C-shaped cores 

It is important that the MATLAB assessment program can accurately predict the force-

deformation behaviour of rectangular and C-shaped walls for two different scenarios; when the RC 

wall has sufficient longitudinal reinforcement to allow secondary cracking and for when a single 

primary crack is expected to form.  Therefore, for each building type (shown in Figure 6.13), two 

different longitudinal reinforcement ratios (ρwv) have been used in the RC walls (Table 6.3).  These 

values have been based on the Secondary Cracking Model (SCM) discussed in Section 4.1 (Equation 

4.5).  The assumed value of the in-situ concrete strength (fcmi) is 40 MPa for the RC walls.  Other 

building parameters, such as dead load (G), live load (Q), inter-storey height (hs), number of storeys 

(n) and breadth and depth of the building (B and D) are given in Table 6.4.  It is important to note that 

all of these parameters chosen for these case study buildings (in Table 6.3 and Table 6.4) are within 

the range of values that will be used in the MATLAB assessment program, which will be discussed in 

Section 6.5.  Furthermore, these values represent typical values found in Australia and other low-to-

moderate seismic regions.   

Table 6.3 Reinforcement ratio and dimensions of the RC walls 

Building No. Wall Type ρwv ρwv.min Lw
* (mm) tw (mm) Lf (mm) Lr (mm) 

1 R (Type 1) 0.70% 0.50% 7000 200 - - 

2 R (Type 1) 0.35% 0.50% 7000 200 - - 

3 C (Type 3) 1.00% 0.50% 6300 200 2650 600 

4 C (Type 3) 0.20% 0.50% 6300 200 2650 600 
*where Lw is the wall length (rectangular) or web length (C-shaped) 

a) b) 

25.2m 

3 x 8.4m 

33.6m 

4 x 8.4m 
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Table 6.4 Building loads and dimensions 

Building No. Wall Type G (kPa) Q (kPa) hs (m) B (m) D (m) n 

1 R (Type 1) 4 1 3.5 25.2 25.2 5 

2 R (Type 1) 4 1 3.5 25.2 25.2 5 

3 C (Type 3) 6 2 3.2 33.6 33.6 5 

4 C (Type 3) 6 2 3.2 33.6 33.6 5 

 

The CS method, which will be utilised in the MATLAB assessment program to derive 

vulnerability functions, is discussed in Section 2.6.2.  The NDTHA will be conducted using a finite 

element modelling program, SeismoStruct (SeismoSoft, 2016a).  The program, which is discussed in 

the next section, is also capable of static pushover analysis, the results of which could be compared to 

the capacity predictions from a plastic hinge analysis.  The derivation of artificial ground motions is 

discussed in Section 6.4.2.  The resulting vulnerability functions for these case study buildings, using 

the assessment results from both the CS method and NDTHA, are compared and discussed in Section 

6.4.4. 

6.4.1 SeismoStruct and Pushover Analyses 

SeismoStruct (SeismoSoft, 2016a) is a state-of-the-art finite element modelling program that 

is used for the seismic analysis of a structure, capable of capturing material inelasticity as well as 

predicting global and local geometric nonlinearities (Crowley & Pinho, 2004).  The program has been 

used in a range of previous research investigating the seismic performance of RC buildings (Almeida 

et al., 2016; Bolea, 2016; Carvalho et al., 2013; Crowley & Pinho, 2004; Dias-Oliveira et al., 2016; 

Pinho et al., 2008).  SeismoStruct can run both inelastic static pushover analyses and nonlinear 

dynamic time-history analyses.  As has been observed from the VecTor2 and VecTor3 analyses 

conducted in Section 4.5 and Section 5.3, lightly reinforced and unconfined concrete walls can form a 

much smaller equivalent plastic hinge length in comparison to what has commonly been observed in 

previous experimental testing and correspondingly to the numerous expressions available in the 

literature (Section 2.5.3).  The capability of SeismoStruct in modelling such walls are tested in this 

section. 

Force-based, beam-column elements are used in SeismoStruct to represent the inelastic 

elements that will be used to construct the rectangular and C-shaped walls.  RC walls are often 

modelled or analysed using beam (or beam-column) models, rather than using more thorough 

methods using solid, shell or membrane elements, due to the computational costs (Almeida et al., 

2016).  Though there are some potential limitations associated with the use of these beam-column 

elements in SeismoStruct, for example deficiencies in capturing inelastic shear deformation.  In the 

work presented here, walls with low aspect ratios are not considered, so the influence of inelastic 
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shear deformations is assumed to be small.  Specifically, the inelastic plastic-hinge force-based frame 

elements (infrmFBPH) are used, which are considered to be elastic with a prescribed plastic hinge at 

the end node/s (Scott & Fenves, 2006), as illustrated in Figure 6.14.  The infrmFBPH elements were 

originally derived to overcome localisation problems in beam-column elements due to the strain-

softening behaviour of the concrete, which can be a common problem when modelling RC columns 

that carry high axial loads (Scott & Fenves, 2006).  A prescribed plastic hinge length was used 

because it is expected, given the results from Chapter 4 and Chapter 5, that the Lp value will be lower 

than what is normally estimated due to the low amount of longitudinal reinforcement in these walls.  

Therefore, different prescribed plastic hinge lengths were estimated for the infrmFBPH beam-column 

elements depending on the amount of the longitudinal reinforcement in the wall.  The infrmFBPH 

wall elements are made up of several different sections, the length of which is determined by the 

inter-storey height.  Each member section (web, flange and return, illustrated in Figure 6.16) is 

divided into approximately 400 fibre sections, as has been commonly practiced in previous research to 

attain efficient convergence (Boulanger et al., 2013; Brunesi & Nascimbene, 2014; Savoia et al., 

2010).   

 

Figure 6.14 Typical RC element modelled in SeismoStruct (SeismoSoft, 2016b) 

As indicated in Table 6.3, a ρwv.min of approximately 0.50% is needed to cause secondary 

cracking.  Therefore, the rectangular and C-shaped walls with a ρwv less than ρwv.min (Table 6.3), a 

small plastic hinge length, of approximately 150 mm (Section 4.5), is assumed due to the expectation 

of the formation of a single crack.  Therefore, as a percentage of the wall length, an equivalent plastic 

hinge length (Lp) of approximately 2.0% (0.02Lw) was adopted for the rectangular walls or web of the 

C-shaped wall, while an Lp of 6.8% (0.068Lflange) was used for the flange of the C-shaped walls.  On 

the other hand, if the ρwv used in the wall is greater than the ρwv.min (0.50% using the SCM in Section 
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4.1), then an Lp was calculated using the corresponding expressions derived previously for these types 

of walls.  For example, using the expression derived for the Lp of lightly reinforced rectangular walls 

(Equation 4.14, Section 4.5), a value of 1133 mm was used, which corresponds to 16.2% of Lw in 

SeismoStruct.  Furthermore, the expressions derived for the Lp of lightly reinforced C-shaped walls 

(Section 5.3) were used to derive the values given in Table 6.5, which are also given as a percentage 

of the wall length (web or flange, depending on direction of loading) for the purposes of 

SeismoStruct.  It should be noted that although the predicted Lp for bending about the minor axis 

(WiC) is estimated to be 60.7% of the flange length, SeismoStruct limits the Lp to 50% of the wall 

length, which is the same limit used in many of the expressions recommended by various researchers 

(Section 2.5.3). 

Table 6.5 Plastic hinge lengths for the C-shaped walls used in SeismoStruct 

 Major Minor (WiC) Minor (WiT) 
 (mm) % (mm) % (mm) % 

Lp 288.2 4.6 1336.2 60.7 372.1 16.9 

 

One rectangular RC section makes up the rectangular wall.  Several rectangular sections make 

up the C-shaped wall: the web, flanges and returns.  Using the “Wide-Column” analogy model (Beck, 

1962), the rectangular sections of the C-shaped wall are connected using horizontal rigid links.  The 

Wide-Column model has been used in previous research (Beyer et al., 2008a; Ile & Reynouard, 2005; 

Kwan, 1993; MacLeod & Hosny, 1977) for modelling ‘assemblies of continuously connected shear 

walls’ (Stafford-Smith & Girgis, 1986) or core walls.  This is illustrated in Figure 6.15, where the 

vertical elements (rectangular RC sections) of the web and flanges are connected by the horizontal 

links. 

 

Figure 6.15 Wide column model of (a) a coupled wall system and (b) C-shaped wall from Beyer et al. 
(2008a) 

a) b) 



296 
 

Although SeismoStruct (SeismoSoft, 2016a) offers a “U-shaped wall section” as a selectable 

section type, the wide-column model was chosen here to idealise the walls in order to include the 

contribution of the returns.  Beyer et al. (2008a) has recommended that the spacing (vertically) of the 

horizontal links be based on one fifth of the shear span (Stafford-Smith & Girgis, 1986) or half of the 

wall length.  It is also typical to place the rigid horizontal links at a spacing equal to the story height 

(Xenidis & Avramidis, 1999).  As half of the length of the web is approximately equal to the storey 

height (3100 mm compared to 3200 mm respectively), the rigid links were placed at the storey height 

for simplicity.  A node was also placed at the effective height (He), in between two nodes at inter-

storey height; this node was placed such that it would be possible to track the relative displacement at 

a height He from the node at the base of the wall.  Rigid links were not applied for the nodes at He, as 

this would reduce the spacing size that was recommended.  The rigid links, nodes and the different 

sections of the C-shaped wall used in the MR wall are illustrated in Figure 6.16. 

 

Figure 6.16 Rigid horizontal links imposed on C-shaped wall (MR) in SeismoStruct 

 The bilinear steel model was used for the material modelling in representing the stress-strain 

behaviour of the reinforcing steel.  Inputs for this material model include modulus of elasticity (Es = 

200GPa), yield strength (fy = 551 MPa), strain hardening parameter (esh = 0.01) and fracture/buckling 

strain (esu = 0.05), based on the mean values for the D500N steel bars tested by Menegon et al. 

(2015).  As illustrated in Figure 6.17(a), the bilinear model incorporated in SeismoStruct does not 

account for strain hardening, meaning that the ultimate stress of the steel (fu) is equivalent to fy.  This 

was not ideal, as comparisons will ultimately be made to the MATLAB assessment program, which 

uses the back-bone curve of the Seckin (1981) stress-strain relationship, discussed previously in 

Section 6.3.  However, the bilinear model was one of only few models that are incorporated in 

SeismoStruct to account for the behaviour of reinforcing steel, where these other models offered no 

improvement to the desired stress-strain behaviour. This was also discussed in Almeida et al. (2016), 

where the researchers noted that ‘it was not possible to find, at the time of the analyses, a steel 
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constitutive law in SeismoStruct fitting properly the experimental results’.  The bilinear model from 

SeismoStruct is compared to the Seckin (1981) model from the MATLAB assessment program using 

the mean values from Menegon et al. (2015)in Figure 6.17(a).   

The trilinear concrete model was used to represent the stress-strain relationship of the 

concrete.  This results in a similar stress-strain relationship to the Popovics NSC model (discussed in 

Section 4.3.1) used in the MATLAB assessment program, which is illustrated in Figure 6.17(b).    It 

should be noted that a mean compressive strength (fcmi) of 40 MPa was assumed, with an initial 

stiffness of 20 GPa and residual strength of 10 MPa. 

  

Figure 6.17 Comparisons of the material models used for the (a) reinforcing steel and (b) concrete 

SeismoStruct was initially used to run static pushover analyses of the standalone rectangular 

and C-shaped walls given in Table 6.3.  This was such that the force-displacement results from 

Seismostruct could be compared with the estimates resulting from the recommended equations to be 

used in a plastic hinge analysis (PHA).  Lumped (concentrated) mass elements were used to apply the 

axial load on the wall, which included the self-weight.  The mass was distributed to the different wall 

elements that made up the C-shaped section according to the ratio of the area of the wall section to the 

gross cross-sectional area of the wall.  Thus, lumped masses were applied to each of the structural 

nodes corresponding to the centre of the web, flanges and returns on each floor.  For the rectangular 

wall, the lumped masses were applied at the centre of the wall on each floor.  These lumped masses 

on each floor for the different segments are summarised in Table 6.6.  The resulting axial load ratio 

(ALR) is 5% for each of the walls, which is within the range of values commonly found in low-to-

moderate seismic regions according to Henry (2013) and Albidah (2013). 
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Table 6.6 Lumped masses per floor imposed on the different elements in SeismoStruct 

Wall Segment Mass (tonnes) Force (kN) 

Rectangular 57.0 559.2 

Web 51.4 503.9 

Flange 18.4 180.0 

Return 4.9 48.0 
 

The nodes at the base of all the walls were assigned fixed conditions in SeimsoStruct.  It 

should also be noted that, similar to the method used in the VecTor3 analyses in C-shaped walls in 

Section 5.1.1, the nodes up the wall height (connecting the infrmFBPH elements) had constraints such 

that the wall would not move out of plane (e.g. the wall was fixed in the x-direction for lateral 

movement in the y-direction, and vice versa).  The restrained condition for this mode of bending 

controlled the C-shaped wall for in-plane bending only (about the major or minor axes), and 

prevented the wall from twisting caused by the load being applied away from the centre of rigidity.  

These restraint conditions imposed on the nodes for the C-shaped walls amended the primary 

concerns voiced by Stafford-Smith and Girgis (1986) with regards to the deficiencies of using the 

Wide-Column model for ‘closed or partially closed’ cores being subjected to torque; for the study 

here, the C-shaped walls are only subjected to in-plane bending about the major or minor axes. 

A triangular distribution up the wall height was used as the loading protocol for the pushover 

analyses.  As discussed in Section 2.6.2, previous research has indicated that this loading pattern 

provided good results in comparison to the first mode loading pattern resulting from a multimodal 

analysis.  For the rectangular wall, bending was only considered in-plane (about the major or strong 

axis), while all three different modes of bending were considered for the C-shaped wall.  The static 

pushover analysis models used in SeismoStruct for the rectangular and C-shaped wall are illustrated 

in Figure 6.18, where the green cubes represent the lumped masses, grey cubes represent the restraints 

and the blue arrows represent the applied loads. 
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Figure 6.18 SeismoStruct models for the pushover analysis with (a) rectangular wall and (b) C-shaped 
wall 

The force-displacement results from the static pushover analyses performed in SeismoStruct 

for the rectangular RC walls in Buildings 1 and 2 (Table 6.3) are given in Figure 6.19(a) and Figure 

6.20(a) respectively.  These figures illustrate the shear force as a function of the relative displacement 

at the effective height (He) from the base of the wall, which was taken at a node on the wall at a height 

of approximately 0.7Hn.  The resulting shear force has been multiplied by two for the rectangular wall 

to give the representative behaviour of the building shown in Figure 6.13(a), where two rectangular 

walls are resisting the earthquake ground motions in each principle direction.  It should be noted that 

all of these figures have yellow-triangle markers corresponding to the point at first yield, while the 

cross markers correspond to the different performance levels (yellow = Serviceability, orange = 

Damage Control and red = Collapse Prevention).  Moreover, the force-displacement relationship 

predicted from the Plastic Hinge Analysis (PHA) expressions (equations summarised in Section 4.8.1) 

are given in Figure 6.19(b) and Figure 6.20(b) for Building 1 and 2 respectively.  These results are 

termed “MATLAB” within Figure 6.19(b) and Figure 6.20(b), as the same equations are to be 

incorporated within the MATLAB assessment program to ultimately produce the vulnerability 

functions in Section 6.6.  These figures show that the two methods produce comparative results of the 

displacement capacities of RC rectangular walls.  

a) b) 
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Figure 6.19 Force-displacement relationship for Building 1 from (a) SeismoStruct and (b) Plastic Hinge 
Analysis 

  

Figure 6.20 Force-displacement relationship for Building 2 from (a) SeismoStruct and (b) Plastic Hinge 
Analysis 

The force-displacement results from the static pushover analyses performed in SeismoStruct 

for the C-shaped RC walls in Building 3 (Table 6.3) are given in Figure 6.21(a) and Figure 6.22(a) for 

bending about the major and minor axes respectively.  The resulting shear force has been multiplied 

by two for the C-shaped walls bending about the major axis to give the representative behaviour of the 

building shown in Figure 6.13(b).  However, for buildings with C-shaped walls and for bending about 

the minor axis, the overall force-displacement result is the contribution of the wall bending with the 

web of one wall in tension (WiT) and the web of the other wall in compression (WiC).  Therefore, the 

sum of the two forces from the walls (WiT and WiC) at the effective displacement is equivalent to the 

overall force capacity of the building for this direction of loading, which is also shown in Figure 

6.22(a).  The force-displacement relationship predicted from the PHA expressions (equations 

summarised in Section 5.6) are given in Figure 6.21(b) and Figure 6.22(b) for bending about the 
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major and minor axes respectively.  Similar to the force-displacement relationship comparisons for 

Buildings 1 and 2, SeismoStruct predicts similar displacement capacities in comparison to the 

estimations using a PHA (in MATLAB). 

  

Figure 6.21 Force-displacement relationship for Building 3 (major) from (a) SeismoStruct and (b) Plastic 
Hinge Analysis 

  

Figure 6.22 Force-displacement relationship for Building 3 (minor) from (a) SeismoStruct and (b) Plastic 
Hinge Analysis 

Furthermore, the force-displacement results from the static pushover analyses performed in 

SeismoStruct for the RC C-shaped walls in Building 4 (Table 6.3) are given in Figure 6.23(a) and 

Figure 6.24(a) for bending about the major and minor axes respectively.  The force-displacement 

relationship predicted from the PHA expressions (equations summarised in Section 5.6) are given in 

Figure 6.23(b) and Figure 6.24(b) for bending about the major and minor axes respectively.  A good 

correlation of the force-displacement relationship is achieved once again between the two different 

methods. 
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Figure 6.23 Force-displacement relationship for Building 4 (major) from (a) SeismoStruct and (b) Plastic 
Hinge Analysis 

  

Figure 6.24 Force-displacement relationship for Building 4 (minor) from (a) SeismoStruct and (b) Plastic 
Hinge Analysis 

While the displacement capacity estimates from the two methods generally compare quite 

well, there can be some small differences in the estimates of either the shear force or displacement 

capacities.  However, these differences are considered to be insignificant, where the variance is 

potentially due to the difference in material models (discussed previously in this section), plastic 

hinge lengths or the built-in calculations between the finite element modelling methods of 

SeismoStruct and the simple estimates used in the plastic hinge analysis (with MATLAB).  The 

displacement capacities for the governing direction of motion for all buildings using both methods are 

given in Table 6.7. 
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Table 6.7 Displacement capacities for the performance levels estimated by SeismoStruct and MATLAB 

 SeismoStruct MATLAB 
Building 

No. 
Δy 

(mm) 
Δs 

(mm) 
Δdc 

(mm) 
Δcp 

(mm) 
Δy 

(mm) 
Δs 

(mm) 
Δdc 

(mm) 
Δcp 

(mm) 

1 13.8 19.4 24.6 31.5 12.8 14.6 25.6 37.9 
2 7.1 8.3 10.2 11.6 9.2 9.2 10.8 13.5 
3 11.6 14.8 21.6 46.7 11.1 18.6 25.2 44.7 
4 8.0 10.0 13.0 22.0 4.2 5.2 7.5 23.9 

 

Overall, the force-displacement relationships obtained from SeismoStruct correlated well to 

the estimates made with the plastic hinge analysis equations used in MATLAB.  Therefore, the 

capacity spectrum (CS) method can be used with these capacity curves and the earthquake demand in 

the form of an acceleration-displacement response spectrum (ADRS).  Alternatively, acceleration 

time-histories, which have a resulting response spectra that closely envelopes the ADRS used in the 

CS method, can be used in a nonlinear dynamic time-history analysis (NDTHA) performed in 

SeismoStruct. 

6.4.2 Earthquake demand 

Different earthquake demands in the format of an acceleration-displacement response 

spectrum (ADRS) can be used to evaluate the seismic performance for these buildings.  The 

displacement response (RSd) can be derived readily from the acceleration response (RSa) using 

Equation 6.5. 

��� =  ��� × �
�

2�
�

�

 6.5 

For this exercise, the buildings are assumed to be located in the Melbourne CBD.  In section 

3.1.3, a PSHA was conducted for the city of Melbourne using the AUS5 earthquake recurrence model 

(Brown & Gibson, 2004).  The acceleration response spectrum results from this PSHA and the 500-

year return period will be used as the ‘target spectrum’ for creating artificial ground motions and the 

seismic demand.  The 500-year return period spectrum can be scaled such that the result is equal to a 

warranted intensity measure (IM); the IM used for the exercise in this section is the peak ground 

acceleration (PGA) parameter.  Therefore, the acceleration response spectrum is scaled, starting from 

0.05g and incremented by 0.05g up to 0.5g.  Moreover, if a single structure has not reached or 

exceeded a performance level (for all six ground motions), further analyses are required, and 

acceleration time-histories are created for 0.6g through to 1.0g (in increments of 0.1g).  The method 

and the ground motions that have been used here have been selected to simply illustrate the CS 
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method in comparison to the NDTHA method, where the ADRS and acceleration time-histories used 

should be consistent.  The author recognises that the shape of the spectra will typically change with 

increasing seismic intensity and for this reason a different method for the seismic demand will be used 

for deriving the vulnerability functions in Section 6.5, where: (i) the peak ground velocity (PGV) is 

used as the IM parameter, and (ii) a range of different (real and artificial) ground motions will be used 

(provided from a range of magnitude and distance [M-R] combinations). 

Six artificial acceleration-time histories were produced for each PGA increment from 

SeismoArtif (SeismoSoft, 2013). SeismoArtif has been used in a range of previous research focusing 

on the seismic performance of RC buildings (Danila, 2015; Dong & Tiejun, 2014; Gascot & Montejo, 

2014; Karaton, 2014; Yon & Calayir, 2015).  The target spectrum that was used in SeismoArtif was 

the 500-year return period earthquake demand from the AUS5 study, illustrated in Figure 3.8.  This 

response spectrum is scaled accordingly to match a specified PGA of interest.  As an example, the 

response spectra of the accelerograms (in the ADRS format) that are simulated to match the 0.2g 

(PGA) target spectrum is shown in Figure 6.25, where the resulting six acceleration time-histories 

from SeismoArtif result in response spectra that are primarily within +/- 10%, as shown by the 

broken-red lines.  The same target spectrum used to create the artificial acceleration-time histories 

was used in the CS method using the ADRS.  It should be noted that to create a similar variability in 

the CS method with the seismic demand used in the NDTHA method, the ADRS was randomly 

decreased or increased by a value within 1% to 10%.  This was also to ultimately have the same 

amount of data points: six ground motions are used for the NDTHA and six ADRS are used in the 

Capacity Spectrum method for each increment of PGA. 

 

Figure 6.25 Acceleration-displacement demand for PGA 0.2g 
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SeismoArtif uses a magnitude-distance (M-R) combination in an attempt to predict the ground 

motion at the site, which is further scaled to suit the target spectrum of interest.  Intra-plate and far-

field earthquakes were assumed in the program with no site effects.  The M-R combinations were 

selected for each different PGA increment based on the work from Lam et al. (2003) and Lam et al. 

(2000), by rearranging Equations 6.6 to 6.13 to provide the resulting M and R combination for the 

required PGA value.  It should be noted that a maximum moment magnitude (Mw) of 7.5 was used for 

this study given the recommendations for maximum magnitudes events in Australia by Burbidge 

(2012) and Clark et al. (2011). 

��� = (1.8 × ��� × (
��

�.�
) × 10��)/(2.5 × 9.81)  6.6 

where PGA is the peak ground acceleration in g’s and PGV is the peak ground velocity in mm/s. 

��� =  �. �. �. � 6.7 

where α is the source factor, G and β are path attenuation factors and γ is the crustal factor taken as 

1.0 for Southeast Australia. 

� =  �
70

�
� (0.35 + 0.65(�� − 5)�.�) 6.8 

where c is the ratio of maximum response spectral velocity, taken as 1.8, and M is moment magnitude. 

� = 30/�  for R <= 70km 6.9 

where R is the epicentral distance. 

� =  �� �
30

�
�

������

 6.10 

where β is the attenuation factor and C1 is 0.005 

�� =  1 − �
7.8 − 5

1.8
� (1 − [1.86 − (0.22 ln(�))]) 6.11 

�� =  0.043 �
��

100
�

�

− 0.53 �
��

100
� + 1.8 6.12 

� =  0.022 �
��

100
� + 0.8 6.13 

where Q0 is the quality factor, taken as 100 at 1Hz for Southeast Australia. 
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In all, 150 acceleration time-histories were created in SeismoArtif for the different increments of PGA 

based on the scaled target spectrum obtained from the AUS5 study in Section 3.1.3 for the 500-year 

return period.  The resulting M-R combinations used in SeismoArtif for the different PGAs are given 

in Table 6.8.  The artificial acceleration-time histories are used in the NDTHA to ultimately construct 

the vulnerability functions for the four different buildings in Table 6.3. 

Table 6.8 M-R combinations calculated for the different PGAs for Melbourne 

M R (km) PGA (g) 

5.0 25 0.025 

5.0 13 0.050 

5.5 13 0.075 

5.5 10 0.100 

6.0 15 0.125 

6.0 12 0.150 

6.0 11 0.175 

6.0 9 0.200 

6.5 14 0.225 

6.5 13 0.250 

6.5 12 0.275 

6.5 11 0.300 

6.5 10 0.325 

6.5 9 0.350 

6.5 9 0.375 

6.5 8 0.400 

7.0 12 0.425 

7.0 11 0.450 

7.0 10 0.475 

7.0 10 0.500 

7.0 8 0.600 

7.0 7 0.700 

7.5 9 0.800 

7.5 8 0.900 

7.5 7 1.000 

 

6.4.3 SeimoStruct building models 

The two types of building configurations in Figure 6.13 were modelled in SeismoStruct and 

are illustrated in Figure 6.26.  The same material models, sections and elements that were used and 

discussed in Section 6.4.1 for the POA were used for conducting the NDTHA.  The NDTHA method 

was discussed in Section 2.6.1.  Research from Martini (2007) indicated that linking the wall elements 

with a rigid diaphragm in SeismoStuct allowed mid-rise buildings to deform appropriately, with the 

floors on each level being held rigid in the x-y plane but allowing out-of-plane deformations.  Nodes 

placed central to the floor plan at each level were used as the “master node” for the rigid diaphragm 
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constraint, but also allowed the total floor mass of the building to be lumped at the centre.  The use of 

lumped masses located at the centre of the floor plan was used such that the effects of torsional 

response of the building would be neglected.  The total floor mass, using the dead load (G) and live 

load (Q) values in Table 6.4, were calculated using the seismic mass combination given in AS 

1170.0:2002 (Standards Australia, 2002a) of G + 0.3Q.  Excluding the mass of the axial load, which 

was subjected on the walls separately, the resulting lumped building masses corresponded to 50.35 t 

(493.93 kN) and 563.84 t (5531.32 kN) per floor for the rectangular and C-shaped wall buildings 

respectively. 

 

 

Figure 6.26 SeismoStruct models for (a) rectangular (peripheral) wall building and (b) C-shaped wall 
building 

An inelastic truss element is used for the central truss to avoid instability problems while 

running the NDTHA.  These elements and nodes are ultimately used at the centre of the building to 

distribute mass and to be used as the “master nodes” for the rigid diaphragm constraint used at each 

level.  An elastic material model (el_mat) is used for the behaviour of the central truss, with a 

modulus of elasticity of 1 kPa.  This is similar to the method proposed by Martini (2007) for the 

central truss, where the elastic material also has a specific weight of 0 kN/m3.  Furthermore, the 

central structural nodes that make up the truss are restrained from movement in the z-direction, such 

that the nodes do not deform vertically due to the lumped masses being applied. 

Each of the time-histories are applied as an acceleration to all nodes at the base of the wall 

and central truss, with a “curve multiplier” value of 9.81 such that the acceleration is applied in m/s2. 

 

a) b) 
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6.4.4 Results 

Vulnerability functions are constructed from the SeismoStruct results using the method 

described in Section 2.6.3.  The vulnerability function results for the three different performance 

levels are illustrated in Figure 6.27 for the two different methods; MATLAB in the legend 

corresponds to the results using the CS method, whereas SS are the results using SeismoStruct and 

NDTHA.  The results of the functions using the two different methods compare well, particularly for 

the Serviceability and Damage Control functions in Figure 6.27(a) and (b).  The median (θ) and 

standard deviation (β) results from the two methods are given in Table 6.9 for the three different 

performance levels.  The median PGA determined from the results of both methods are similar for the 

Collapse Prevention performance level in Figure 6.27(c), but the overall vulnerability functions vary 

slightly due to the difference in the calculated standard deviation.  The small difference in β values for 

the Collapse Prevention limit state was found to be a result of the small number of ground motions 

(only 2) that were estimated to cause building number 3 (Table 6.3) to reach or exceed the Collapse 

Prevention limit state for a PGA of 0.9g or 1.0g based on the NDTHA (SeismoStruct) results.  In 

contrast, the CS (MATLAB) method estimated that all six ADRS used caused the building to reach or 

exceed this performance level with a PGA 0.9g and beyond.  This was potentially due to the small 

differences in the predictions of the displacement capacity needed to reach this performance level 

(where the displacement capacities were given in Table 6.7).  Moreover, there was some variance in 

the earthquake demands assumed in the two different methods, which could also affect the resulting 

vulnerability functions.  However, the two vulnerability functions for the Collapse Prevention 

performance level do not drastically differ, as further illustrated in Figure 6.28.  The resulting dataset 

of reaching or exceeding the performance levels from the two methods and for the other three 

buildings are well constrained.  It is expected that with a larger dataset, which is what is intended with 

the proposed study in Section 6.5, the difference between the two methods would be smaller and thus 

the vulnerability functions would converge. 

 

 

 

 

 



309 
 

  

 

Figure 6.27 SeismoStruct (SS) and MATLAB vulnerability function results for (a) Serviceability (b) 
Damage Control and (c) Collapse Prevention 

Table 6.9 Median and standard deviation values for the four performance levels 

 Median (θ) Standard Deviation (β) 
 SS MATLAB SS MATLAB 

Serviceability 0.14 0.13 0.47 0.57 

Damage Control 0.19 0.20 0.67 0.62 

Collapse Prevention 0.31 0.30 1.13 0.76 
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Figure 6.28 vulnerability function comparisons for the four case study buildings 

 Overall, the CS method incorporated into the MATLAB assessment program was found to 

produce vulnerability functions that are comparable to those constructed using the more rigorous and 

time consuming methods of NDTHA using SeismoStruct.  The MATLAB program has been 

developed further to include a larger dataset and wider range of parameters to derive vulnerability 

functions that represent the RC structural wall building stock of Melbourne in Australia. 

 

6.5 MATLAB Assessment Program 

The viability of the CS method to derive vulnerability functions were discussed in the 

preceding sections.  Thus, a MATLAB program was developed to assess the RC structural wall 

building stock of Melbourne and produce vulnerability functions based on the CS method.  This will 

ultimately indicate the likelihood of an RC structural wall building located in Melbourne reaching or 

exceeding a performance level for a given seismic intensity. 

The following sections discuss the different primary functions of the MATLAB assessment 

program.  A flow chart of the MATLAB program is illustrated in Figure 6.29, which illustrates that 

the program begins by locating an RC building in the Melbourne CBD using the latitude and 

longitudinal coordinates.  The information on the coordinates, as well as other important building 

parameters, are obtained from the Census of Land Use and Employment (CLUE) dataset (Melbourne 

City Council, 2015).  To account for the effects of soil response, the National Regolith Site 

Classification Map of Australia (McPherson & Hall, 2007) is used to estimate the soil conditions at 

the locations of the buildings.  The base shear is then calculated for the building corresponding to the 
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wind or earthquake actions code in Australia that would have been used at the time of construction.  

Using this base shear value, the moment demand can be calculated to compare with the moment 

capacity of the RC walls that are used as the lateral load resisting structural elements.  The sectional 

analysis program written in MATLAB (Section 6.3) is used to calculate the moment-curvature 

capacities of the walls and subsequently the building.  Many different ground motions are obtained for 

the assessment, which are used in the ADRS format.  The amplification (or deamplification) of the 

earthquake demand (ground motions) caused by the soil conditions are achieved by using 

SHAKE2000 and several different shear wave velocity profiles from Australia that conform to the 

modified NEHRP site classes.  The CS method is used to assess the building stock for a range of 

different seismic intensities, with the peak ground velocity (PGV) being used as the IM.  The 

vulnerability functions are constructed for the different rise of buildings based on the classification 

specified in Section 1.2 and 6.2.  The consequence of these results are discussed and some 

comparisons are made to vulnerability functions that are currently thought to be representative of the 

RC building stock of Australia.  The number of buildings that reach or exceed the Collapse Prevention 

performance level for the Melbourne CBD and for 500-year and 2500-year return periods are also 

calculated to illustrate the differences in the expected damage distributions. 
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Figure 6.29 Flow chart of the MATLAB program to derive seismic vulnerability functions 
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6.5.1 CLUE Building Inventory 

The Census of Land Use and Employment (CLUE) dataset (Melbourne City Council, 2015) is 

a valuable research tool providing comprehensive information, including: 

 Construction year 

 Number of floors (above ground) 

 Building material 

 Location (latitude and longitudinal coordinates) 

 Gross floor area 

Table 6.10 gives the total number of LR (2 ≤ n ≤ 3), MR (4 ≤ n ≤ 7) and HR (8 ≤ n ≤ 12) 

“concrete” buildings that will be used from the CLUE dataset for the seismic assessment proposed in 

this Chapter, where n is the number of storeys.  It is assumed that these buildings are RC structural 

wall structures that can be idealised with the building types presented in Figure 6.4.  The total number 

of buildings in Table 6.10 is also mapped with their corresponding location given in Figure 6.30. 

Table 6.10 Number of buildings used from the CLUE dataset (Melbourne City Council, 2015) 

 LR MR HR 

Number of buildings 821 363 219 
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Figure 6.30 Location of (a) LR (b) MR and (c) HR buildings used from the CLUE dataset 

The extensive information provided by CLUE (Melbourne City Council, 2015) on concrete 

buildings in Melbourne provides crucial information that will ultimately be used to derive the initial 

design base shear for the individual structures, which is discussed more in Section 6.5.4.  The building 

parameters and corresponding values that will be used in the MATLAB assessment program is 

discussed next in Section 6.5.2. 

6.5.2 Building Parameters 

The range of values used for some of the building parameters in the MATLAB assessment 

program are summarised in Table 6.13.  Many of these parameters, such as material properties, are 

selected at random from a generated number based on a normal distribution (if a mean and standard 

deviation can be provided) or are randomly chosen between an appropriate minimum and maximum 

b) 

c) 

a) 
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range.  For example, the yield stress of the reinforcing steel (fy) is calculated from a random number 

using a normal distribution with a mean (μ) of 551 MPa and standard deviation (σ) of 29.2 MPa, 

where the μ and σ values have been taken from the results reported in Menegon et al. (2015) for 

D500N reinforcing steel (Table 2.10).  However, it should be noted that the resulting values for the 

mechanical properties of the reinforcing steel must comply with the lower characteristic values given 

in AS/NZS 4671:2001 (Standards Australia/New Zealand, 2001).  One of the limitations to this study 

is the assumption that the entire RC structural wall building stock has utilised D500N reinforcing 

bars; due to the paucity of research and experimental testing on other types of reinforcing bars used in 

Australia (e.g. 230S, 410Y), D500N bars are assumed to be incorporated in the entire RC structural 

wall building stock.  In contrast to the values for some parameters selected on the basis of a normal 

distribution, the axial load ratio (ALR), for example, is randomly chosen between a minimum of 0.01 

(1%) and a maximum of 0.1 (10%), based on common values used in previous research (Henry, 2013) 

and investigations by Albidah et al.(2013) for low-to-moderate seismic regions.  The fcmi values of the 

wall are calculated assuming an f’c value of 32 MPa and a minimum increase strength factor (κ) of 1.2 

and 1.0 for pre-1980 and post-1980 buildings.  However, it should be noted the mean and standard 

deviations given in Table 6.13 result in a large variety of concrete strength values (with age) that are 

likely to be present in the RC building stock.  It should be noted that other seismic assessment 

methodologies, such as HAZUS (FEMA, 1999) and EQRM (Robinson et al., 2005), also incorporate 

variability of the building stock through lognormally distributed capacity functions that are calculated 

based on a chosen, random number.  The length of the rectangular walls (Lw) are chosen randomly 

between a value of 0.17B and 0.33B, where the width of the building (B) is equal to ���.  The 

dimensions of the C-shaped walls for Building Types 2, 3 and 3 in  Figure 6.4 are based on the 

number of storeys; the different Building Types and range of allowable storeys (n) used in the 

program, initially discussed in Section 1.2, have been reproduced here in Table 6.11.  Moreover, the 

dimensions of the C-shaped walls used in the LR, MR and HR buildings correspond to that used in 

Section 5.2 and VecTor3, shown in Figure 5.10 (dimensions given in Table 6.12). 

The locations (coordinates) of the buildings, provided by the Melbourne City Council (2015), 

are to be used to determine the site conditions from soil maps provided by McPherson and Hall 

(2007).  This soil map and the corresponding site classification system are discussed in the next 

section. 

Table 6.11 Building Types with limiting number of storeys 

Building Type minimum n maximum n Rise 

1 2 4 low, mid 

2 2 3 low 

3 2 7 low, mid 

4 4 12 mid, high 
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Table 6.12 Dimensions of the C-shaped walls 

Wall tw (mm) Lweb (mm) Lflange (mm) Lreturn (mm) 

LR 200 3600 2000 600 

MR 200 6200 2200 600 

HR 250 8500 2500 600 
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Table 6.13 Wall parameters and values considered for the MATLAB program 

  Normal Distribution Random variables Set Value  

Parameter Description mean standard deviation minimum maximum  Units 

fy yield strength of reinforcing steel 551 29.2 500 -  MPa 

fu ultimate strength of reinforcing steel 660.5 37.65 540 -  MPa 

Es Young's Modulus of reinforcing steel - - - - 200,000 MPa 

εsy strain at yield of reinforcing steel - - - - fy/Es - 

εsh strain hardening parameter of reinforcing steel 0.0197 0.0095 - -  - 

εsu uniform elongation strain of reinforcing steel 0.0946 0.016 0.03 -  - 

κ increased strength factor for concrete (pre-1981) 1.5 0.4 1.2 -  - 

κ increased strength factor for concrete (post-1981) 1.5 0.2 1.0 -  - 

fcmi mean insitu strength of concrete - - - - 32κ MPa 

Ec Young's Modulus of concrete - - - - 5000����� MPa 

ALR axial load ratio - - 0.01 0.1a/0.05b  - 

G dead Load - - 4 8  kPa 

Q live load - - 1 4  kPa 

hs inter-storey height - - 3.0 3.5  m 

ρwv longitudinal reinforcement ratio - - 0.19% 1.00%  - 
a = Rectangular walls 
b = C-shaped Walls 



318 
 

6.5.3 Soil Classification 

Identification of the site class at the location of the buildings from the CLUE dataset (Section 

6.5.1) is necessary for several reasons. Primarily it is needed to provide an estimate of the base shear 

demand (for buildings designed/constructed after 1994, as explained in Section 6.5.4).  Moreover, the 

estimation of site class will be used to amplify (or, deamplify) the ground motions to provide an 

accurate response spectrum of the site used in deriving the vulnerability functions.  While the methods 

of obtaining appropriate ground motions and finding the response of those same ground motions are 

discussed later in Sections 6.5.6 and 6.5.7, this section aims to provide information from the selected 

map to be used in the MATLAB program to determine site class. 

More recently, Geoscience Australia conducted a study to provide a National Regolith Site 

Classification (NRSC) Map (McPherson & Hall, 2007).  This was recognised as being an important 

tool for modelling earthquake events, where the map could provide information on the ‘potential 

influence of variation in geological materials on the ground shaking’ (McPherson & Hall, 2007).  The 

NRSC map uses soil classifications that were defined by the shear wave velocity of the top 30 m 

below the surface (Vs30), similar to the current classification of some soils in AS 1170.4:2007.  

Consideration of the amplification effect by impendence (e.g. Vs30 parameter) of the soil alone is 

thought be a simple and reasonable approach (Idriss, 2011; Lee & Trifunac, 2010), given the absence 

of other key parameters of the site conditions, such a soil thickness and fundamental site period.  

There is a paucity of information of both geotechnical and geophysical data in Australia (McPherson 

& Hall, 2013), so this method seems to be most applicable for the proposed research here.  The 

resulting map from McPherson and Hall (2007) for Melbourne is illustrated in Figure 6.31 with the 

different coloured regions corresponding to the different soil classes. 

 

 



319 
 

 

 

Figure 6.31 Soil map for Melbourne from McPherson and Hall (2007) (Copyright © 2014 Risk 
Management Solutions, Inc. All rights reserved. 

 The NRSC map from McPherson and Hall (2007) uses seven site classes that are based on the 

modified NEHRP site classifications, modified by Wills et al. (2000) to suit the Australian conditions.  

These seven site classes are given in Table 6.14 with the associated range of Vs30 values and 

“geological materials”.  This information can be used to estimate the site class that corresponds to AS 

1170.4:2007 for each of the building locations provided by CLUE.  The site response can also be 

estimated using an equivalent linear analysis and shear wave velocity profiles corresponding to the 

modified NEHRP classes. 

Table 6.14 Modified NEHRP (Wills et al., 2000) site classes applicable to Australian conditions 
(McPherson & Hall, 2007) 

Site Class Vs30 (m/s) Geological Materials 

B > 760 Fresh to moderately weather hard rock units 

BC 555 - 1000 Highly weathered hard rock 

C 360 - 760 Extremely weathered hard rock units 

CD 270 - 555 Alluvial units 

D 180 - 360 Younger alluvium 

DE 90 - 270 Fine-grained alluvial, deltaic, lacustrine and estuarine deposits 

E < 180 Intertidal and back-barrier swamp deposits 
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6.5.4 Demand of Building 

For this seismic assessment, the moment demand (M*), derived from the design base shear 

(Vb) using the lateral loading provisions at the time of construction, will be compared to the moment 

capacity (Mcap) from the lateral load resisting elements of the building (RC walls).  This initial 

estimate will determine if the values used for the different parameters of the walls and building, which 

were discussed in Section 6.5.2, are sufficient for the buildings codes and provisions of the time and 

thus reflect the values in the existing building stock. 

Prior to the Earthquake Actions provision AS 1170.4 in 1993 (Standards Australia, 1993), the 

AS 2121:1979 (Standards Australia, 1979) provided some earthquake loading for structures in 

Australia.  However, as discussed in Section 2.2.4, Woodside (1992) discusses how unsuccessful the 

code was, with the majority of buildings in Australia not requiring any specified earthquake design.  

Moreover, as discussed in Tsang et al. (2016), consideration of earthquake-resistant design in 

Australia has only been enforced for structures in Australia after 1995.  It is for this reason that the 

buildings used in these analyses that have been built prior to 1995 are assumed to have only been 

designed for the lateral loads caused by wind. 

A number of Standards could be used to determine the base shear (Vb) depending on the year 

built, and importantly the earthquake loading may not always govern the demand in comparison to the 

wind loading.  Table 6.17 indicates what Australian Standards are used to determine the base shear 

(Vb) based on the year of construction.  For simplicity, and due to the similarities between some of the 

Standards, the same calculations for the wind load AS 1170.2:1979 (Standards Australia, 1975) are 

used for AS 1170.2:1983 (Standards Australia, 1983) (Equation 6.16).  Similarly, the wind loading 

codes are similar in the preceding years, and thus the same calculations for AS 1170.2:2002 

(Standards Australia, 2002b) are used for AS 1170.2:2011 (Standards Australia, 2011) (Equation 

6.18).  However, different base shear values can be obtained using the two different earthquake codes.  

Thus, depending on the year of construction (for buildings built after 1995), calculations are required 

from either the AS 1170.4:1993 (Standards Australia, 1993) or AS 1170.4:2007 (Standards Australia, 

2007) (Equation 6.19 and 6.20, respectively). 

Table 6.15 Different Standards used to determine base shear for building year 

Year Built Standard Loading 

<1983 AS 1170.2 (Standards Australia, 1975) Wind 

<1993 AS 1170.2 (Standards Australia, 1983) Wind 

<2007 
 

AS 1170.2 (Standards Australia, 2002b) Wind 

AS 1170.4 (Standards Australia, 1993) Earthquake 

>=2007 
 

AS 1170.2 (Standards Australia, 2011) Wind 

AS 1170.4 (Standards Australia, 2007) Earthquake 
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The seismic weight (Wt) of the building is calculated using Equation 6.14, which has been 

adopted from the load combination given in AS 1170.0:2002 (Standards Australia, 2002b).  The 

values, minimum and maximum, for the dead load (G) and live load (Q) used in the assessment 

program were given in Table 6.13. 

� � = �(��� + 0.3��� ) 6.14 

The full height of the building (Hn) is determined by multiplying the number of storeys (n) by 

the inter-storey height (hs).  As indicated in Table 6.13, The hs is randomly generated as a number 

between a minimum and maximum of 3.0 and 3.5 metres respectively (in increments of 0.1 metres).  

The area of the face of the building (Af), used in calculating the force produced by the wind pressure, 

is taken as �����.  The effective height (He) of the building is estimated as 0.7Hn as recommended 

by Priestley et al. (2007) for cantilever wall structures. 

Thus, the moment demand (M*) is calculated by multiplying the Vb by He. 

6.5.4.1 AS 1170.2:1975 and AS 1170.2:1983 

�� = 1.35� �
��

500
�

�.�

 6.15 

where V is the wind speed, equal to 39 m/s for Melbourne. 

�� = 0.51��
� × 10��(�����) 6.16 

6.5.4.2 AS 1170.2:2002 and AS 1170.2:2011 

����� = ���� =  ������������� = 45 × 1 × ����� × 1 × 1 = 45����� 6.17 

where Mzcat is taken as 0.75, 0.80 and 0.90 for LR, MR and HR buildings respectively. 

�� = (0.5�����������������
� )�� × 10�� = (0.5 × 1 × 0.64 × 1.2 × ����

� )�� × 10�� 6.18 

6.5.4.3 AS 1170.4:1993 

�� =
0.3 × � × � × � �

�
��
46

�

�
�

 
6.19 

where Z is 0.08g for Melbourne and C is a coefficient for the soil response taken from AS 

1170.4:1993 (Standards Australia, 1993). 
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6.5.4.4 AS 1170.4:2007 

�� =  ����� (�) �
��

�
� � � = 0.385 × � × �� (�) × � � 6.20 

where Ch(T) is a coefficient for the soil response taken from AS 1170.4:2007 (Standards Australia, 

2007) and dependent on (T) that can be calculated using Equation 6.21. 

� = 0.0625��
�.�� 6.21 

6.5.5 Capacity of Building 

The moment capacity (Mcap) of the building is dependent on the building type and number of 

RC (rectangular and/or C-shaped) walls.  The choice of the different idealised buildings in MATLAB, 

illustrated in Figure 6.4, are based on the number of storeys (n) as given in Table 6.1 (or Table 6.11 in 

Section 6.5.2) 

 Moment-curvature analyses calculate the capacities of the individual walls using the function 

described and validated in Section 6.3, which is representative of design strategies undertaken in 

industry.  The overall moment-curvature capacity of the building (Mcap) is determined similar to the 

process used to calculate the overall force-displacement response of the building (with multiple walls) 

in Section 6.4.1.  If ΦMcap is less than M*, where Φ is taken as 0.8 from AS 3600:2009 (Standards 

Australia, 2009), then the process of calculating Mcap is repeated using different generated values for 

the parameters of the walls.  This process is illustrated in the flow chart given in Figure 6.29, where 

the parameters needed for the capacity of the walls are primarily given in Table 6.13. 

If the calculated ΦMcap of the building exceeds M*, the program continues on to the next 

stage in calculating the seismic performance of the building using a plastic hinge analysis. 

6.5.6 Applicable earthquake ground motions 

Two options will be utilised in obtaining appropriate ground motions for assessing the 

building stock of the Melbourne CBD.  The first option is to use the PEER ground motions database 

to find applicable ground motions using a set criteria.  This has been conducted for previous studies 

for Australia in Section 3.3.4.  The second option is to use GENQKE (Lam, Wilson, & Hutchinson, 

2000; Lam, 1999) in creating artificial ground motions using parameters for the southeast Australian 

region.  Both options are discussed below. 

The Pacific Earthquake Engineering Research (PEER, 2016) ground motion database was 

used to obtain unscaled acceleration time-histories.  This is similar to the process used in Section 3.3.4 

for the site response study, although the ground motions used here are unscaled.  It is important to 

obtain ground motions that are consistent with the geological features and faulting mechanisms that 
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are commonly observed in Australia.  As previously discussed in Section 2.2.2, a reverse fault 

mechanism is typically observed for earthquake events in Australia.  Moreover, the geological region 

of California is thought to be similar to that of the east coast of Australia (Gibson & Dimas, 2009).  

Using the set criteria below the database found 13 applicable ground motions with a range of 

magnitude and distances.   

 Magnitude (Mw) range of 5.0 to 7.5 

 Reverse (and Oblique) fault types 

 Rupture surface distance (Rrup) range of 1 km to 60 km 

 Vs30 range of 1000 m/s to 2500 m/s 

The resulting record sequence numbers (RSN) of the 13 ground motions and attributes are 

given in Table 6.16 in descending order of the peak ground velocity (PGV) on “hard rock” (taken here 

as a site with Vs30 > 1000 m/s).  The PGV was provided in the NGA-West 2 (Boore et al., 2014) 

Flatfile for all of the ground motions in the database.  Figure 6.32 illustrates the wide range of spectral 

accelerations and displacements provided by the ground motions obtained from PEER. 

Table 6.16 PEER (PEER, 2016) ground motions used for assessing Melbourne building stock 

RSN Mw Mechanism Rrup (km) Vs30 (m/s) PGV (mm/s) 

8877 5.4 Reverse Oblique 58.5 1043.0 6.6 

3718 5.3 Reverse Oblique 28.4 1222.5 6.9 

643 6.0 Reverse Oblique 27.6 1222.5 15.9 

1715 5.3 Reverse 17.1 1222.5 20.6 

1709 5.3 Reverse 21.7 1015.9 22.8 

2996 6.2 Reverse 50.4 1525.9 27.5 

8167 6.5 Reverse 38.0 1100.0 84.5 

1011 6.7 Reverse 20.3 1222.5 111.7 

765 6.9 Reverse Oblique 9.6 1428.1 345.2 

1050 6.7 Reverse 7.0 2016.1 367.7 

3548 6.9 Reverse Oblique 5.0 1070.3 621.8 

1051 6.7 Reverse 7.0 2016.1 755.0 

77 6.6 Reverse 1.8 2016.1 755.5 
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Figure 6.32 (a) Spectral accelerations and (b) displacements from the PEER ground motions 

To complement the earthquake ground motions obtained from PEER, artificial earthquakes 

were created using the program GENQKE (Lam, Wilson, & Hutchinson, 2000), which uses a 

calibrated intraplate source model originally proposed by Atkinson (1993) to estimate attenuation 

features for the crustal properties of Melbourne (Lam et al., 2006).  GENQKE was also used in Tsang 

et al. (2016) to produce ground motions for the Melbourne area, where the magnitude and distance 

(M-R) combinations were primarily chosen based on two main ‘governing’ faults.  Tsang et al. (2016) 

found this to correspond to the Selwyn (Mmax 7.7 and R 60km) and Muckleford faults (Mmax 7.8 and R 

120 km).  However, the probabilistic seismic hazard analysis (PSHA) results using the AUS5 

earthquake recurrence model (Brown & Gibson, 2004) in Section 3.1.3 found that the Muckleford 

fault (or “Muckleford-Leichardt” fault, as classified in the AUS5 model) did not govern the seismic 

hazard of the Melbourne CBD; only at very long return periods did this fault have any contribution to 

the predicted seismic hazard in Melbourne.  This is illustrated in Figure 6.33, which shows the 

resulting contribution of peak ground acceleration (PGA) for a given return period predicted by the 

PSHA in Section 3.1.3.  It should be noted that this figure only illustrates some of the larger and 

closer (governing) faults for Melbourne and for the return period range shown.  Moreover, the 

Beaumaris and Yarra faults appear to govern the ground motions in Melbourne for the larger return 

periods in comparison to the lower return periods, where the Selwyn fault governs the hazard. 
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Figure 6.33 Predicted PGA from some faults with return period in Melbourne from AUS5 study 

Some discussions with Mr. G. Gibson (personal communication, November 1, 2016), the 

author of the AUS5 earthquake recurrence model, has indicated that the Beaumaris and Yarra faults 

are possibly the same fault, although it has been hard to trace the fault outcrop through the Silurian 

sediments that are prominent in the area.  These faults, together with the Selwyn and Muckleford-

Leichardt faults, have the locations and traces shown in Figure 6.34.  Moreover, Mr. Gibson’s 

research has found that the offset in the Port Phillip Bay coastline at Ricketts Point (the toe of the 

Beaumaris fault) has a significant slip rate, by Australian standards, particularly for a fault with the 

length of only the Beaumaris segment.  This further suggests that the Beaumaris and Yarra faults are 

connected.  The reverse fault dip of the Beaumaris fault is about 30° to 35° and will be about 10 to 12 

km deep under the Melbourne CBD.  Melbourne CBD is also located on the hanging wall side of the 

fault.  Thus, the AUS5 model predicts high contributions from the Beaumaris and Yarra faults, 

currently modelled as two separate faults, when the model is incorporated in PSHAs.  Mr. Gibson 

recognises that the Selwyn fault is one of the largest in the Melbourne area, however, the fault dips 

away from Melbourne (to the east).  This means that the Melbourne CBD is on the foot wall side of 

the Selwyn fault, with the proximity and corresponding radiation pattern producing relatively lower 

ground motion in the city of Melbourne for when the Selwyn fault ruptures. 
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Figure 6.34 Greater area of Melbourne with some faults at close proximity 

Using the information provided by the AUS5 study (Section 3.1.3), GENQKE was used to 

produce acceleration time-histories for a range of magnitudes (Mw of 5.0 to 7.5 in increments of 0.5) 

at the approximate distances of the Melbourne CBD to the Beaumaris and Yarra faults, which were 11 

km and 28 km respectively.  As discussed in Lam (1999), some parameters need to be chosen 

depending on the region of interest.  A user-defined source spectrum model using the Atkinson (1993) 

generalised two-corner frequency format determined the stress drop parameters, originally developed 

for the central and eastern North America conditions.  The regional dependent (Q0) and exponent (n) 

factors for the Quality Factor were chosen to be 100 Hz and 0.85 respectively from the recommended 

Yarra Fault 

Beaumaris Fault 

Selwyn Fault 

Muckleford-Leichardt 
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values developed for Victoria (Lam, Wilson, Chandler, et al., 2000).  The crustal density (ρc) and 

crustal shear wave velocity (Vcs) values are recommended in Lam and Wilson (1999) to be 2700 

kg/m3 and 3500 m/s respectively for “generic rock” conditions.  However, it is likely that the Vcs value 

in Victoria is lower than this recommended value, given the shear wave velocity of the generic “rock” 

crust in Victoria was found in a follow up study to be 750 m/s at 30 m depth and 2000 m/s at 

approximately 300 m depth (Lam et al., 2003).  Moreover, site classes B and BC represent ‘regions of 

slightly weathered bedrock’, which make up the great majority of areas in Australia, which include 

the Great Diving Range in Eastern Australia (McPherson & Hall, 2013).  Therefore, a conservative Vcs 

value of 3000 m/s was chosen.  Finally, user-defined frequency and amplification factors were used 

for modelling the shear wave velocity gradient of the upper crust (top 3 to 4 km of crust) to coincide 

with using the user-defined source spectrum model from Atkinson (1993). 

To illustrate the applicability of GENQKE and the parameters used above, the resulting mean 

of 6 artificial earthquakes produced by the program for a M-R of 6 and 11 km is given in Figure 6.35.  

This is compared to the weighted average of the recommended ground motion prediction equations 

(GMPEs) that were found to be most applicable using a range of earthquake data for the east Australia 

region in Section 3.2.5.  This M-R combination was also illustrated with the GMPEs in Figure 3.40 

and represents the distance from the Melbourne CBD to the Beaumaris Fault.  The results show that 

the acceleration time-histories produced by GENQKE give a resulting mean acceleration response 

that is close to the acceleration response from the weighted GMPEs.  This correlation is particularly 

true for the period range that corresponds to most buildings (T > 0.1s).  Therefore, six artificial ground 

motions are created for each M-R combination, where the resulting mean response spectrum (or 

ADRS) for each of the M-R combinations will be used for the seismic demand.  Table 6.17 gives the 

mean PGV of the resulting artificial ground motions obtained from GENQKE using a range of 

magnitudes and distances, with the resulting acceleration and displacement response in Figure 6.36.  

The PGV is computed and given in the GENQKE (Lam, 1999) program.  Alternatively, the PGV can 

be estimate from the pseudo-spectral velocity (PSv) (Huang & Whittaker, 2015) with Equation 6.22.  

A factor of 1.8 is used in Equation 6.22 as recommended in Wilson and Lam (2003), which is within 

the values of 1.65 to 2.30 from Newmark and Hall (1982). 

��� =
������

1.8
=

������ �
�

2�
�

1.8
 6.22 
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Figure 6.35 GENQKE M7R35 results compared to weighted GMPEs 

Table 6.17 GENQKE ground motions used for assessing Melbourne building stock 

Fault Mw Rjb (km) PGV (mm/s) 

Yarra 5 28 26 

Yarra 5.5 28 48.3 

Yarra 6 28 91.6 

Beaumaris 5 11 92.2 

Yarra 6.5 28 139.8 

Beaumaris 5.5 11 156 

Yarra 7 28 260.7 

Beaumaris 6 11 294.5 

Yarra 7.5 28 463.1 

Beaumaris 6.5 11 471.3 

Beaumaris 7 11 787.5 

Beaumaris 7.5 11 1437.5 
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Figure 6.36 (a) Spectral accelerations and (b) displacement response spectra from the GENQKE ground 
motions 

 

6.5.7 Site response of ground motions 

As discussed in Section 2.3, the seismic ground motions from the bedrock can be greatly 

affected by the regolith material at a site (McPherson & Hall, 2013).  In section 6.5.3, the regolith 

maps from McPherson and Hall (2007) were obtained such that an estimation can be made to the site 

conditions for each of the building locations.  Furthermore, the modified NEHRP site classes (Wills et 

al., 2000) have been used as the classification system, which have been slightly modified again for the 

Australian conditions (McPherson & Hall, 2007). These site classes correspond to a shear wave 

velocity of the upper 30 metres of crust (Vs30) (Table 6.14).   

SHAKE2000 will be used to conduct equivalent linear analyses using the ground motions 

obtained in Section 6.5.6 for “hard rock” conditions as inputs.  The equivalent linear analyses will 

give estimates of the ground motion response for each of the seven different site classes according to 

the modified NEHRP classification.  The methodology of SHAKE2000 was given in Section 3.3.2.  It 

was observed in Section 3.3.6 that the response of the ground motions atop of the soil sites were 

dependent on the seismic intensity, which was also observed in previous studies (Section 2.3).  This 

dependency is not currently reflected in design codes, such as the AS 1170.4:2007, and therefore 

using site amplification from the Standards (or spectral shape factors) would likely lead to an 

inaccurate estimate of the site response.  Using equivalent linear analyses for all of these ground 

motions (given in Table 6.16 and Table 6.17), while an onerous process, will provide a much more 

accurate estimate of the expected site response. 
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To provide an estimate of site response using SHAKE2000, a shear wave velocity (Vs) profile 

is required.  The average shear wave velocity of the upper 30 meters of crust (Vs30) must correspond to 

one of the seven different soil classes (according to the modified NEHRP classification) that are 

prevalent around Melbourne, as shown in Figure 6.31.  The Vs30 can be calculated using Equation 

6.23: 

���� = 30/�(
ℎ�

��
)

�

���

 6.23 

where hi is the thickness of sediment layer i, Si is the shear-wave velocity layer i and n is the total 

number of sediment layers (McPherson & Hall, 2013). 

 Although the shear wave velocity profile will vary between sites, due to the limitations of 

data resources it is assumed that the following shear wave velocity profiles are representative of 

typical profiles for the different soil classes in Melbourne.  Four Vs profiles were obtained from 

Roberts et al. (2004) based on a study that investigated different soil profiles around the Melbourne 

area.  Each of the four Vs profiles, shown in Figure 6.37, correspond to one of the different soil classes 

(B, BC, C and CD) as defined in McPherson and Hall (2007).  Profiles obtained from the Melbourne 

area corresponding to soil classes D, DE and E were scarce.  However, the soil classes of D and DE 

located in Melbourne are primarily associated with alluvial and shoreline sand deposits, which is 

similar to those found in Sydney McPherson and Hall (2007).  Therefore, two Vs profiles were 

obtained from Kayen et al. (2015), which are taken from site studies conducted in the city of Sydney 

and (Figure 6.38(a) and (b)).  Moreover, a shear wave velocity profile corresponded to soil class E 

from Newcastle (Kayen et al., 2015) is subsequently used here (Figure 6.38(c)).  The calculated and 

reported VS30 of the seven soil profiles used for this assessment are also given in Table 6.18. 
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Figure 6.37 Shear wave velocity profiles from Roberts et al. (2004) for (a) Burnely, class B (b) Royal Park, 
class BC (c) Trinity College, class C (d) Monash, class CD 

   

Figure 6.38 Shear wave velocity profiles from Kayen et al. (2015) for (a) Sydney (358BOT), class D (b) 
Sydney (361BOT), class DE and (c) Newcastle (363NEW), class E 

Table 6.18 Vs profiles and corresponding site classes used for this study 

Profile Site Class Reported Vs30 (m/s) Calculated Vs30 (m/s) 

Burnley, Melbourne B - 870.7 

Royal Park, Melbourne BC - 901.2 

Trinity College, Melbourne C - 649.7 

Monash, Melbourne CD - 487.5 

Rosebery, Sydney D 314 320.9 

Botany, Sydney DE 250 251.1 

Wickham Park, Newcastle E 177 175.3 

0

5

10

15

20

25

30

0 1000 2000
D

ep
th

 (
m

)
Vs (m/s)a)

0

5

10

15

20

25

30

0 1000 2000

D
ep

th
 (

m
)

Vs (m/s)b)

0

5

10

15

20

25

30

0 500 1000

D
ep

th
 (

m
)

Vs (m/s)c)

0

5

10

15

20

25

30

0 500 1000

D
ep

th
 (

m
)

Vs (m/s)d)

0

5

10

15

20

25

30

0 500 1000

D
ep

th
 (

m
)

Vs (m/s)a)

0

5

10

15

20

25

30

0 200 400

D
ep

th
 (

m
)

Vs (m/s)b)

0

5

10

15

20

25

30

0 200 400

D
ep

th
 (

m
)

Vs (m/s)c)



332 
 

 Equivalent linear analyses were undertaken using the 25 ground motions given in Section 

6.5.6 for the seven different Vs profiles given above.  The same procedure, including the models and 

input values, from the analyses using SHAKE2000 in Section 3.3.2 were used here; some of the 

details have been reported again here for clarity. 

For soil class B, a rock material was assumed for the entire profile.  This corresponded to 

material properties proposed by Schnabel (1973), with a specific weight (γ) of 19 kNm/m3, whereas 

the bedrock had a γ corresponding to 23 kN/m3.  For site classes BC, C and CD, a clay material was 

assumed for layers with a Vs less than 760 m/s, which is the lower limit considered by some for “soft 

rock” (Building Seismic Safety Council, 2009).  The clay material was modelled using the damping 

ratios and shear modulus degradation curves from Vucetic and Dobry (1991).  A specific weight (γ) of 

17 kN/m3 and a moderate to high value of the plasticity index (30%) were used to provide a 

conservative response for the clay material.  A clay material was used for these site classes, instead of 

sand, due to results from Section 3.3.6 indicating that the response from clay is typically larger than 

sand sites; a conservative response was warranted for this study.    A sand material was used for the 

entire profile for site classes D, DE and E, as these soil classes, are commonly attributed to deep 

alluvial sites for Melbourne (McPherson & Hall, 2007).  Average damping ratios and shear modulus 

degradation curves for a sandy material (Seed & Idriss, 1970) with a γ of 19 kN/m3 were used to 

represent the dynamic soil properties of these sites.  A bedrock shear-wave velocity of 1500 m/s was 

used, given the evidence provided in Section 3.3.3. 

The acceleration response at the surface of the soil deposits was calculated for all 25 ground 

motions.  Thus, the acceleration and displacement response spectra (ADRS) can be used in assessing a 

building for the various soil conditions that surround the Melbourne CBD.  The site response results, 

given in the ADRS format, for four different ground motions are given in Figure 6.39 through to 

Figure 6.42 to illustrate some of the results.  The resulting peak ground velocity (PGV) of the site 

response results for all ground motions are given in Table 6.19, which will ultimately be used as the 

intensity measure (IM) parameter for deriving vulnerability functions.  The PGV for each of the 

resulting ground motions for the different site conditions was calculated using Equation 6.22. 
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Figure 6.39 Site response results for RSN 2996 (a) acceleration and (b) displacement response  

  

Figure 6.40 Site response results for RSN 1050 (a) acceleration and (b) displacement response 
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Figure 6.41 Site response results for Yarra fault (M6R28) (a) acceleration and (b) displacement response 

  

Figure 6.42 Site response results for Beaumaris fault (M6R11) (a) acceleration and (b) displacement 
response 
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Table 6.19 Peak ground velocity (mm/s) results from the site response of different ground motions 

Ground Motion B BC C CD D DE E 

RSN 77 1019 238 642 2296 968 744 1036 

RSN 643 33 21 39 21 37 48 32 

RSN 765 472 139 283 1185 714 720 248 

RSN 1011 135 45 102 176 284 264 328 

RSN 1050 544 417 235 772 679 528 328 

RSN 1051 1363 460 1234 1706 1574 615 717 

RSN 1709 71 15 24 60 129 222 97 

RSN 1715 67 16 34 103 89 61 73 

RSN 2996 30 14 27 48 61 42 36 

RSN 3548 289 972 988 541 1931 1629 928 

RSN 3718 12 7 11 10 41 17 6 

RSN 8167 53 29 26 68 146 44 179 

RSN 8877 12 7 13 19 12 20 19 

BM50 45 71 135 83 96 92 41 

BM55 65 105 208 130 118 112 143 

BM60 193 127 247 159 371 199 193 

BM65 427 136 249 626 723 395 200 

BM70 612 47 460 988 1071 477 407 

BM75 790 54 403 1472 1684 1760 1097 

YM50 12 20 38 23 36 28 14 

YM55 18 27 52 33 48 38 18 

YM60 66 33 66 128 195 80 79 

YM65 114 33 70 229 276 107 129 

YM70 177 17 92 306 399 427 198 

YM75 236 19 123 401 442 437 523 
 

6.6 Results 

6.6.1 Vulnerability functions from Melbourne RC building stock 

The vulnerability function results from the vulnerability assessment program written in 

MATLAB (Section 6.5) for LR, MR and HR RC structural wall buildings are illustrated in Figure 

6.43, Figure 6.44 and Figure 6.45.  These figures show the expected Damage Index (probability of 

reaching or exceeding a given performance level) as a function of the intensity of the earthquake 

event, where PGV and Modified Mercalli Intensity (MMI) have been used as the IM.  The PGV was 

converted to MMI using Equation 6.24 from Worden et al. (2012) (where the units of the PGV are in 

cm/sec), which was also used for the seismic fragility functions in Maqsood et al. (2014) (Section 

2.6.3).  It should also be noted that these fragility curves have been derived using a combination of 

soil types.  Table 6.20 provides the resulting median (θ) and standard deviation (β) parameters for the 

vulnerability functions derived from the MATLAB assessment program.  In comparison to the 
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fragility curves given in Section 2.6.3 from Maqsood et al. (2014), the results for all of the derived 

fragility functions from the research here indicate a more vulnerable RC structural wall building 

stock. 

��� = 3.78 + 1.47log (���) for log(PGV) ≤ 0.53 

6.24 

��� = 2.89 + 3.16log (���) for log (PGV) > 0.53 

The vulnerability function for the Collapse Prevention performance level based on the plastic 

hinge analysis expressions recommended by Priestley et al. (2007) (including the Lp [Equation 2.38], 

yield curvature [Equation 2.29] and yield displacement [Equation 2.30]) have also been incorporated 

in these figures.  Not surprisingly, these vulnerability functions indicate a less vulnerable building 

stock due to the large increase of displacement capacity estimation.  However, it was observed in 

Section 4.8 and Section 5.4 that these types of equations were poor indicators for the displacement 

capacity of lightly reinforced and unconfined rectangular and C-shaped walls (respectively), which 

typically (and sometimes, largely) overestimated the walls displacement capacity.  This would be 

particularly true for the walls that were predicted to form a single crack due to the light amount of 

longitudinal reinforcement.  Therefore, the vulnerability function for the Collapse Prevention 

performance level using the expressions recommended in Priestley et al. (2007) are not representative 

of the Damage Index expected for RC structural wall buildings in Australia. 

  

Figure 6.43 Vulnerability functions for LR RC structural wall buildings for an intensity measure of (a) 
PGV and (b) MMI 
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Figure 6.44 Vulnerability functions for MR RC structural wall buildings for an intensity measure of (a) 
PGV and (b) MMI 

  

Figure 6.45 Vulnerability functions for HR RC structural wall buildings for an intensity measure of (a) 
PGV and (b) MMI 
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Table 6.20 Median (θ) and Standard Deviation (β) values for fragility curves 

 Serviceability Damage Control Collapse Prevention 
 θ β θ β θ β 

LR 108.4 1.11 171.8 1.04 272.4 0.96 

MR 94.9 1.00 154.4 1.05 299.8 1.10 

HR 126.8 0.91 204.1 0.98 373.3 0.99 

 

6.6.2 Vulnerability functions for the soil conditions 

The same assessment procedure (Section 6.5) was conducted again to create vulnerability 

functions; however, this time with an assumption that the entire building stock is being analysed atop 

of a particular soil class that corresponds to the modified NEHRP classification (McPherson & Hall, 

2007).  The resulting vulnerability functions for the Collapse Prevention limit state for the different 

soil classes and for LR, MR and HR structural wall buildings are given in Figure 6.46, Figure 6.47 

and Figure 6.48 respectively.  As with the vulnerability functions in the previous section, two 

intensity parameters have been used here; (i) the peak ground velocity of ground motions on rock 

(PGVB) and (ii) the Modified Mercalli Intensity (MMI) (Equation 6.24).  Table 6.21 also provides the 

number of RC structural wall buildings in Melbourne analysed for this research on the different 

modified NEHRP soil classes. 

Interestingly, all of the RC structural wall buildings atop of soil class C appear to be most 

vulnerable. This soil class corresponded to the shear wave velocity profile in Figure 6.37(b), which 

comprised of shallow clays atop of soft rock.  The equivalent linear analyses performed in Section 

3.3.6 showed that this type of soil had the potential for the largest amplification of the seismic ground 

motions, with a natural site period (Tn) of approximately 0.12 s.  Soil class E was found to be more 

vulnerable for the taller buildings (MR and HR in Figure 6.47 and Figure 6.48 respectively), as 

expected due to the high site period of this soil type. 
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Figure 6.46 Vulnerability results for LR RC structural wall buildings for different soil classes for an 
intensity measure of (a) PGV and (b) MMI 

  

 

Figure 6.47 Vulnerability results for MR RC structural wall buildings for different soil classes for an 
intensity measure of (a) PGV and (b) MMI 
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Figure 6.48 Vulnerability results for HR RC structural wall buildings for different soil classes for an 
intensity measure of (a) PGV and (b) MMI 

Table 6.21 Number of RC buildings located on the different modified NEHRP soil classes in Melbourne 

 B BC C CD D DE E SUM 

LR 71 103 112 307 22 202 4 821 

MR 52 71 13 193 9 18 7 363 

HR 58 31 2 111 0 14 3 219 

SUM 181 205 127 611 31 234 14 1403 
 

6.7 Assessment using AUS5 spectra 

Section 3.1.3 provided probabilistic seismic hazard analysis (PSHA) results for some of the 

capital cities in Australia, including Melbourne, using the AUS5 earthquake recurrence model (Brown 

& Gibson, 2004).  Using a similar process to that given in Section 6.5.6 and 6.5.7, the spectra derived 

from this PSHA for 500 and 2500-year return periods will be used in the assessment program to 

determine an estimate of the likely damage distribution in the Melbourne CBD.  For this research, 

these two return periods correspond to rare and very rare return period earthquake events.  These 

results will also be used in ArcMap (ESRI, 2013), which can map and illustrate the most vulnerable 

areas in Melbourne for these types of RC structural wall buildings. 

The spectra results from the PSHA for Melbourne are illustrated in Figure 3.8.  Importantly, 

the acceleration and displacement response spectra were derived from the PSHA for site conditions 

corresponding to a shear wave velocity of 760 m/s (site class Be and B according to AS 1170.4:2007 
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and modified NEHRP classes respectively).  Therefore, for buildings located in different site classes, 

the response needs to be amplified (or deamplified).  Therefore, two acceleration time-histories were 

generated from SeismoArtif (SeismoSoft, 2013) for both the 500-year and 2500-year return period 

events, where the corresponding acceleration response spectra were used as targets.  An intraplate 

setting was used in SeismoArtif to generate the artificial ground motion, while magnitude-distance 

(M-R) combinations of M6R30 and M6R11 were subsequently used for the 500-year and 2500-year 

return period spectra respectively.  The distance from the Melbourne CBD to the Beaumaris and 

Yarra faults (Section 6.5.6) were used for appropriate values of R, while an approximate value for M 

was based on the CAM model (Lam et al., 2003; Lam, Wilson, & Hutchinson, 2000), which was 

introduced in Section 6.4.2.  The ground motions from these M-R combinations are ultimately scaled 

within the SeismoArtif program such that the resulting acceleration response spectra fits within +/- 

10% of the target spectrum.  An example of one of the resulting acceleration time-histories is given in 

Figure 6.49(a) for both the 500-year and 2500-year return period events, while the resulting (mean) 

acceleration response spectra from these artificial ground motions are shown in Figure 6.49(b) 

superimposed on the target spectra. 

  

Figure 6.49 (a) acceleration time-histories and (b) acceleration response spectra 

The generated artificial acceleration time-histories were used in SHAKE2000 for equivalent 

linear analyses using the different shear wave velocity profiles given in Section 6.5.3, which 

correspond to the different modified NEHRP soil classes.  The resulting (mean) acceleration and 

displacement response spectra for the different soil classes are given in Figure 6.50 and Figure 6.51 

for the 500-year and 2500-year return period respectively. 
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Figure 6.50 500-year return period spectra (a) acceleration response and (b) displacement response 
acceleration response 

  

Figure 6.51 2500-year return period spectra (a) acceleration response and (b) displacement response 
acceleration response 

The PGV results of the different ground motions, using Equation 6.22, are given in Table 

6.22.  These values are compared to the PGV values that are derived from the AS 1170.4:2007, which 

are the same values recommended in Wilson and Lam (2003) for the 500-year and 2500-year return 

periods in Australia and for the different soil classes.  These values from Wilson and Lam (2003) 

were derived using a peak ground acceleration (PGA) or hazard factor (Z) of 0.08, corresponding to 

the value used for Melbourne in the current AS 1170.4:2007 (Standards Australia, 2007).  It should be 

noted that Equation 6.22 has been used for the PGV values in Table 6.22 Comparison of PGV values 
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for Melbourne from Wilson and Lam (2003) (or the AS 1170.4:2007) and multiplying the value by 

the site factors that are also given in Wilson and Lam (2003). 

Table 6.22 Comparison of PGV values for Melbourne 

 Wilson & Lam (2008) This Study 

 PGV (mm/s) PGV (mm/s) 

Return Period (Years) 500 2500 500 2500 

Ae 47 86 - - 

Be 61 111 46 90 

Ce 83 150 84 139 

De 136 244 190 208 

Ee 211 381 194 216 
 

Table 6.22 shows that the resulting PGV values from the artificial ground motions used for 

comparison here are primarily lower than the resulting PGV values that would be derived from the AS 

1170.4:2007.  This is particularly true for the comparison of PGV for the 2500-year return period.  

Furthermore, the PGV for soil class E using the ground motions for this study is much lower than the 

PGV from Wilson and Lam (2003) for class Ee.  The lower PGV resulting from the ground motions 

used in this study reflect the over-conservatism, in some cases, that could be provided by the spectral 

shape factors in AS 1170.4:2007 and for some soil classes.  For example, it was shown in Section 

3.3.6 that even for the lower intensity (and thus higher amplification) ground motions, the spectral 

shape factors from AS 1170.4:2007 widely overestimated the amplification for soil classes Ce, De and 

Ee when using the sand material.  However, if a clay material were used for these soil classes, it would 

be expected that the difference between these PGV values in Table 6.22 (for De and Ee) would be less, 

given the results from the soil response investigation in Section 3.3. 

Using the artificial ground motions, the assessment program in MATLAB was utilised to find 

the expected damage distribution (Collapse Prevention) for 500-year and 2500-year return period 

earthquake events for the Melbourne CBD.  The resulting number of buildings that reach or exceed 

the Collapse Prevention performance level, for the 1403 RC structural wall buildings that have been 

analysed in this study, are 5 (0.4%) and 260 (18.5%) for the 500-year and 2500-year return period 

respectively.  Table 6.23 gives the values of the LR, MR and HR buildings for these two return period 

events that make up these values.  The locations (latitude and longitude) of the buildings that were 

predicted to reach or exceed the Collapse Prevention performance level were also output to ArcMap 

(ESRI, 2013), a geospatial processing program.  The buildings were mapped atop of the different site 

classes from McPherson and Hall (2007) and are given in Figure 6.52 and Figure 6.53 for 500-year 

and 2500-year return periods.  It is interesting to note that the 5 RC buildings predicted to reach or 
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exceed the Collapse Prevention performance level are all LR structures located in the Port Melbourne 

area on soil class DE (Figure 6.52). 

Table 6.23 Number of buildings reaching or exceeding Collapse Prevention 

 Return Period (years) 

 500 2500 

LR 5 201 

MR 0 54 

HR 0 5 

Total 5 260 
 

 

 

Figure 6.52 Damage distribution (Collapse Prevention) for 500-year return period earthquake 
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Figure 6.53 Damage distribution (Collapse Prevention) for 2500-year return period earthquake 

The number of RC structural wall buildings reaching or exceeding the Collapse Prevention 

performance level for a 500-year return period can be considered reasonable.  This is “reasonable” in 

the sense that a large percentage of the RC structural wall building stock analysed here was estimated 

to be constructed before 1995 (725 of 1403 buildings, approximately 52%) and thus are expected not 

to have been designed for earthquake actions.  For the buildings that have been constructed post-1995, 

it is likely that the typical 500-year return period earthquake design would have been considered, 

corresponding to buildings of ‘normal importance’ (Section 2.2.4).  While the great majority of RC 

structural wall buildings in Australia are estimated to withstand the predicted 500-year return period 

earthquake event, almost 20% of the building stock analysed for this assessment study reached or 

exceeded the Collapse Prevention performance level for the 2500-year return period event.  

Comparing the expected damage distributions from the two return period earthquake events has 

emphasised the consequences being related non-linearly to the magnitude of the event in areas of 

dense populations, which was discussed in Section 2.2.4.  Pampanin et al. (2011) discuss the ‘on-off’ 

nature of ‘non-ductile’ pre-1970s RC structures in Christchurch, which resemble the type of detailing 

that would be found in RC structures constructed in Australia at presented.  It is worth noting that the 

only two RC structural wall buildings that collapsed in a catastrophic fashion after the Christchurch 

earthquake event in 2011 were constructed pre-1980s and were ‘non-ductile’ (Goldsworthy & Gibson, 
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2012), before the implementation of capacity design principles.  Goldsworthy (2012) discusses this 

further to say that these types of structures would behave reasonable ‘until their ductility is exceeded 

and then [a] dramatic and sometimes totally catastrophic failure’ would occur.  The research findings 

here emphasise the same performance for RC structural wall buildings in Australia, where the 

following combination of things lead to the great majority of the RC structural wall building stock 

having the reserve to resist the 500-year return period earthquake event, but not the 2500-year return 

period event: (i) the potential for a single-crack failure, (ii) ‘normal’ ductile reinforcement being 

primarily (and currently) used (Standards Australia/New Zealand, 2001) and (iii) transverse 

reinforcement at boundary ends to confine concrete commonly not required by the current AS 

3600:2009 (Standards Australia, 2009). 

 

6.8 Discussion 

The RC structural wall building stock in the Melbourne CBD was assessed using the Capacity 

Spectrum method.  Plastic hinge analyses were conducted to find the load vs displacement behaviour 

of the buildings using the expressions either derived or adopted from the research in Chapter 4 and 

Chapter 5 on rectangular and C-shaped walls.  Building stock information from the CLUE dataset was 

utilised to idealise the structures into four different types which utilised rectangular and/or C-shaped 

walls as their lateral load resisting elements.  Real and artificial acceleration time-histories were used 

to represent a wide range of applicable ground motions for the region.  Equivalent linear analyses 

were conducted to find the site response of those ground motions using seven shear wave velocity 

profiles corresponding to the modified NEHRP soil classes.  Thus, the vulnerability functions for the 

LR, MR and HR RC shear wall buildings were derived. 

Within the assessment program, different vulnerability functions were determined for the 

buildings as a function of the soil classes, and these indicated that classes Ce, De and Ee are the most 

vulnerable.  The results from the PSHA study conducted in Chapter 3 were used in the assessment 

program to indicate the expected Collapse Prevention (CP) damage distribution from 500-year and 

2500-year return period (RP) earthquake scenarios.  Even though most of the buildings analysed were 

constructed before the earthquake actions code became a design requirement, only a very small 

percentage of the analysed building stock reached the CP performance level for the 500-year RP. 

However, almost 20% of the building stock was estimated to reach the CP performance level for the 

2500-year RP event.  These results emphasise the vulnerability of the buildings to a very rare 

earthquake event and that there would currently be a substantial loss of life and considerable 

economic loss associated with such an event. For these reasons it is strongly recommended that the 
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Building Code of Australia (ABCB, 2016) be amended so it requires a performance objective of 

collapse prevention under a 2500 year return period earthquake..   

As discussed in Section 2.2.4, the world’s best practice for places of low-to-moderate 

seismicity is to construct performance objectives that specifically aim to ensure collapse prevention 

under very rare events in seismic design.  The research results here indicate that the Australian 

building code board should also follow this. Importantly, the requirements for detailing of reinforced 

concrete walls specified in AS3600:2009 have been shown to be inadequate and changes are needed 

to ensure that sufficient displacement capacity is provided. This is particularly important for 

reinforced concrete structural wall buildings sited on site classes Ce, De and Ee. 
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Chapter 7 Conclusions, Limitations and Recommendations for Future 

Research and Design Improvements 

7.1 Conclusions 

Buildings in Australia and other low-to-moderate seismic regions commonly use reinforced 

concrete (RC) structural walls as their lateral load resisting system.  The low standard of detailing 

required in the current and previous concrete structures standards in Australia, coupled with the low 

return period earthquake typically used in design, has resulted in the large majority of these walls 

being lightly reinforced and unconfined.  Until recently, experimental seismic testing typically 

focused on RC walls that were rectangular in cross-section, well confined in the boundary regions and 

highly reinforced.  While rectangular walls are commonly utilised on the perimeters of buildings (e.g. 

“peripheral walls”), many RC walls (or cores) are non-rectangular due to architectural requirements.  

For example, C-shaped walls are commonly found enclosing a service core, elevators, stairs, or toilets 

in buildings.  Despite being popular in construction, there have been relatively few studies conducted 

on the seismic performance of C-shaped walls with the type of detailing that would commonly be 

found in Australia and other low-to-moderate seismic regions, and there is a lack of experimental data 

for these types of walls. 

The Christchurch earthquake event in February 2011 highlighted the poor behaviour that can 

be exhibited by lightly reinforced and unconfined RC walls.  For example, some of the walls in the 

Gallery Apartments building had a single, primary crack form at their base rather than the well 

distributed cracks (over a plastic hinge zone) that were expected to form.  Moreover, it was common 

to find fracturing of the reinforcing bars that crossed this crack due to the concentration of tensile 

strains in the vicinity of the crack.  This single-crack phenomenon was attributed to the low amount of 

longitudinal reinforcement used in the wall.  The collapse of the Pyne Gould building was another 

example of poor building performance observed from the Christchurch earthquake, which was 

attributed to the unconfined and lightly reinforced core walls.  The non-rectangular RC core of the 

Pyne Gould building failed with the longitudinal reinforcement in the west wall of the core yielding in 

tension and subsequently fracturing due to the concentration of strains at a suspected single crack.  

Furthermore, the core, continuing to deform to the east, reached its unconfined compression capacity 

in the east wall of the core.  This poor behaviour of the core walls resulted in large deformations of 

the gravity system (frames) and eventually led to a “pancake”-type collapse of the building.  It is 

important to note that the February 22nd 2011 aftershock in Christchurch, the most damaging event in 

the Canterbury earthquake sequence, had a similar mechanism to that associated with intraplate 

earthquake events in Australia, i.e. it was a reverse faulting mechanism which was shallow and had a 

high stress-drop. The failures observed in Christchurch are a forewarning of the catastrophic structural 
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damage that would potentially occur in Australia due to the poor behaviour of RC structural wall 

buildings if a similar magnitude event were to occur near a densely-populated area.   

The aim of this research was to assess the seismic performance of typical reinforced concrete 

(RC) structural wall buildings in Australia.  This required both the seismic demand in Australia, and 

the expressions used for calculating displacement capacity of the walls with a plastic hinge analysis, 

to be reviewed.  Fragility curves were then derived to estimate the expected damage to the RC 

structural wall building stock of Melbourne for different earthquake intensity levels. 

The research project focused on the development of fragility curves for RC structural wall 

buildings in Melbourne using the predictions of displacement demand and capacity from the research 

conducted in this project.  The major contribution of the research is the derivation of expressions for 

plastic hinge analysis, such as the equivalent plastic hinge length, which can readily predict the 

displacement capacity of lightly reinforced and unconfined concrete walls with a reasonable degree of 

accuracy.  The research objectives were listed previously in the introduction and are repeated here: 

i) assess the seismic hazard of major Australian cities  

ii) investigate the earthquake response of sites with different soil classes using seismic 

intensities expected in Australia 

iii) develop a simple model for predicting the onset of secondary cracking 

iv) develop expressions for plastic hinge analyses for the prediction of the displacement 

capacity of rectangular and C-shaped RC walls 

v) develop a computer program to assess the seismic vulnerability of an Australian city and 

derive vulnerability functions.   

The major research findings are summarised as follows: 

i. Assess the seismic hazard of major Australian cities 

A Probabilistic Seismic Hazard Analysis (PSHA) was undertaken for most capital cities in 

Australia using the AUS5 earthquake recurrence model.  While the seismic hazard values for all of the 

cities were found to be similar to the current values stipulated in the AS 1170.4:2007 for the 500-year 

return period, the hazard values were higher for the 2500-year return period event.  The Chiou & 

Youngs (2008) Ground Motion Prediction Equation (GMPE) (or attenuation function) was used in the 

PSHA.   

A later study focussing on evaluating the different attenuation functions for south eastern 

Australia (SEA) found that the seismic hazard estimated in the PSHA would have been higher if some 
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other GMPEs that were assessed to be more appropriate for south eastern Australia had been used.  

The use of the other GMPEs was determined to be relevant for Non-Cratonic regions with seismic 

sources (e.g. faults) at larger distances (e.g. 75-150 km) from the site.  The expected higher seismic 

hazard is primarily due to the observation of the “transition zone”, where near-constant accelerations 

have been recorded for a range of distances out from the epicentre and for different earthquake events 

in SEA; these are thought to be caused by reflections from the Moho.  A preliminary assessment of 

the most suitable GMPEs for south-eastern Australia, and the weightings that should be used for 

these, has been made as a result of this study. 

ii. Investigate the earthquake response of sites with different soil classes using seismic 

intensities expected in Australia 

A large number of equivalent linear analyses were conducted in SHAKE2000 on soil columns 

of different depths that corresponded to the site classes given in AS 1170.4:2007.  The results showed 

a large dependency of the amplification of bedrock earthquake ground motions on the rigidity of the 

soil column and the seismic intensity.  Higher spectral shape factors were observed for site classes Be 

and Ce due to site resonance in comparison to what is currently given in the AS 1170.4:2007.  

Moreover, the site response was more pronounced for site class Ce when modelled with clay materials 

(relative to sand materials) and for low intensity earthquake ground motions (relative to high intensity 

ones).  This study indicated some discrepancies between the results and the current AS 1170.4:2007 

spectral shape factors.  For example, the spectral shape factors for soil class Be were considerably 

higher in the short period range relative to those for the softer soil of class Ee.  In other words, the 

results from the deep, sand sites indicate a large (de)amplification of the low period spectral 

acceleration.  This means that low-rise buildings on deep sand sites may experience lower levels of 

seismic loading than what is currently predicted by conventional earthquake standards.  Furthermore, 

these results indicate that a low-to-moderate intensity earthquake event can cause a large 

amplification of the structural acceleration response of low period structures on rock sites and may 

thus cause a more damaging effect on stiff structures than would currently be expected.  The results 

from this research also corroborate well with the damage distribution observations from the Newcastle 

earthquake event (ML 5.6) in 1989, where the proportion of damage to low-rise structures on the softer 

soil classes was lower than expected and the number of badly damaged low-rise structures on rock 

sites was higher than expected.  The “modified” spectral shape factors resulting from SHAKE2000 

also correlated well to normalised and unscaled acceleration time-histories taken from the PEER 

ground motion database. 

iii. Develop a simple model for predicting the onset of secondary cracking 

A simple expression was developed to estimate the longitudinal reinforcement ratio required 

in a wall to trigger secondary cracking at high levels of wall displacement.  The expression is 
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dependent on the concrete strength and the thickness of the wall, the diameter and number of 

transverse reinforcing steel bars and the mechanical properties of the longitudinal reinforcing steel 

bars.  The required longitudinal reinforcement ratios estimated using the Secondary Cracking Model 

(SCM) correlated well to the cracking distribution results from a large number of finite element 

modelling analyses conducted on rectangular and C-shaped walls using the computer packages 

VecTor2 and VecTor3.  The longitudinal reinforcement ratio required in the wall was commonly 

found to be much higher than the current minimum requirement (of 0.15%) in AS 3600:2009.  If the 

walls were required to be designed for flexure then a higher reinforcement ratio may have been 

required by AS 3600:2009; however even that may not have been sufficient to trigger secondary 

cracking at high levels of displacement.  The onset of secondary cracking for the rectangular walls 

was found to occur at much higher values of the ratio of the ultimate moment capacity (Mu) to the 

cracking moment (Mcr) of the wall relative to the 1.2 value that is typically used in design of a RC 

section for in-plane bending (e.g. AS 3600:2009).  In the analyses conducted here a Mu/Mcr ratio of 

approximately 2.0 to 2.5 was found to be needed to cause well distributed cracks to form, instead of a 

single crack, at the base of the rectangular walls. 

iv. Develop expressions for plastic hinge analysis for the prediction of the displacement 

capacity of rectangular and C-shaped RC walls 

A plastic hinge length expression was derived using the results from a large number of 

VecTor2 analyses and a multiple linear regression analysis; this is specifically aimed at providing a 

better estimate of the equivalent length over which plasticity will occur for lightly reinforced and 

unconfined rectangular walls in which the criterion for secondary cracking has been satisfied.  

Previous expressions for the equivalent plastic hinge length (Lp) found in the literature resulted in 

values with a large amount of scatter relative to the VecTor2 results and many of these expressions 

overestimated the Lp.  Importantly, the plastic hinge length equation derived from this research was 

found to provide better estimates of the observations made in recent experimental testing on 

rectangular lightly reinforced concrete walls.  The emphasis here is on assessment; mean values are 

assumed for the material properties of the reinforcing steel and concrete.  However, another 

equivalent plastic hinge length expression was derived for the purposes of design, where lower bound 

values were used for the parameters in the equation.  These parameters were found, once again, by 

using a multiple linear regression analysis.  The force-displacement results from VecTor2 for some of 

the walls were used to derive a parameter specifically for lightly reinforced walls.  A better estimate 

of the nominal yield displacement can be achieved for these walls by incorporating this parameter into 

the expressions used in a plastic hinge analysis. 

A similar procedure was carried out using the results from analyses of C-shaped walls in 

VecTor3; in this case, an equivalent plastic hinge length equation was derived for each of the three 
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different bending directions.  In the case of bending about the major axis, confinement of the corner 

regions, at which the web of the wall intersects the flanges, was shown to be particularly important if 

a higher displacement capacity was to be achieved relative to that for unconfined walls (this assumes 

that a sufficiently high reinforcement ratio has been provided so that secondary cracking is able to 

occur).  Compressive strains were shown to be concentrated at the corners of the C-shaped walls for 

this direction of bending, and the FE program predicted that the compressive strains in the corners 

were larger than those in adjacent elements within the compression region.  This was thought to be 

due to shear lag, and it was shown that this phenomenon was more prevalent for C-shaped walls with 

lower aspect ratios, something that had been observed in previous research.  The C-shaped walls were 

observed to perform well for bending about the minor axis with the web in compression (WiC); this is 

due to the relatively small neutral axis depth and large compression zone provided by the web of the 

wall for this direction of loading; all of these walls (at least those that exhibited secondary cracking) 

were governed by tension and were deemed not to have reach the “Collapse Prevention” performance 

level at the limiting drifts of 2.5% for the low-rise walls and 1.5% for the mid and high-rise walls.  

However, the great majority of the C-shaped walls analysed here performed poorly for bending about 

the minor axis with the web-in-tension (WiT), even when a sufficient reinforcement ratio was 

provided to ensure that secondary cracking occurred.  This poor performance was due to the walls 

being governed by compression strains. The displacement capacity was limited for these walls (with 

WiT), as no confinement was provided at the boundary ends of the flanges, as is consistent with 

current practice in Australia.  It should also be emphasised that many of these walls analysed in 

VecTor3 (and for WiT) had not even reached the yield strain in the outermost reinforcement in the 

tensile region at the curvature at which the ultimate strain in the concrete was reached at the extreme 

compression fibre. Also, the reinforcement in the compression region could potentially have 

undergone high tensile strains previously due to the wall bending in the direction causing the web to 

be in compression; hence the bars in this region would be very susceptible to buckling (due to the 

Bauschinger effect and the lack of restraint) once the concrete had spalled.  All of the VecTor3 results 

provided the basis for deriving a parameter to be incorporated in estimating the nominal yield 

displacement using a plastic hinge analysis, similar to what was conducted for the rectangular walls.   

v. Develop a computer program to assess the seismic vulnerability of an Australian city 

and derive vulnerable functions 

The RC structural wall building stock in the city of Melbourne in Australia was used as a case 

study when constructing vulnerability functions and assessing the seismic vulnerability.  Building 

inventory data provided by the City of Melbourne aided in deriving realistic seismic demands and 

capacities for individual buildings.  An initial study used two case study buildings which differed in 

terms of the structural elements used in their lateral load resisting systems; either rectangular walls on 

all four sides, or C-shaped core walls, were used.  The seismic vulnerability was initially estimated 
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using two different methods: the Capacity Spectrum (CS) method and the Nonlinear Dynamic Time-

history Analysis (NDTHA) method.  The results showed that the more time consuming and rigorous 

method of NDTHA gave similar results to those obtained using the CS method.  Therefore, a program 

was written in MATLAB to assess the walls using the capacity spectrum method. Within this program 

all of the RC structural wall buildings of less than 13 storeys in the Melbourne CBD were idealised as 

either rectangular and/or C-shaped wall structures.  The capacity spectrum method involved deriving 

and comparing the load versus displacement curve for the building capacity, which was derived using 

a plastic hinge analysis, to the seismic demand in the form of an acceleration-displacement response 

spectrum.  Vulnerability functions (or fragility curves) were derived for low-rise, mid-rise and high-

rise RC structural wall buildings.  The vulnerability functions obtained when using the AUS5 PSHA 

results to represent the demand indicated that for the 500-year return period earthquake event, the 

large majority of the RC structural wall building stock had sufficient displacement capacity.  

However, it was the larger 2500-year return period earthquake event that had the potential to cause a 

large amount of damage and even collapse, with approximately 260 of the RC structural wall 

buildings (201 out of 821 LR, 54 out of 363 MR and 5 out of 219 HR) that were analysed in this 

research (18.5% of the total) reaching or exceeding the Collapse Prevention limit state.  Various 

researchers have previously speculated on the vulnerability of the Australian RC structural wall 

building stock to a very rare (e.g. 2500-year return period) earthquake event, similar to that observed 

in Christchurch.  For example, Bull (2008) suggested that the current provisions of AS 3600:2009 

would most likely satisfy the displacement ductility demands of a structure for a 500-year return 

period event situated on soil class Ce or rock (classes Ae and Be).  It was shown in Chapter 6 that the 

only buildings to reach or exceed the Collapse Prevention performance level for the 500-year return 

period event were low-rise structures on site class DE soil (fine- grained alluvial deposits).  However, 

the soil response investigation conducted in Chapter 3 showed that soil class Ce can cause large 

amplifications of the bedrock earthquake ground motions within the period range that can be most 

susceptible to low and mid-rise structures.  The vulnerability of buildings situated on site class Ce was 

further illustrated with the vulnerability function results for the different soil classes in Chapter 6.  

Furthermore, Goldsworthy and Gibson (2012) suggested that some RC structural walls detailed using 

AS 3600:2009 will be inadequate when subjected to a 2475-year return period event, which 

corroborates with the findings from the research conducted in this thesis. 

 

7.2 Limitations 

Very few earthquake events have been recorded in Australia.  Thus, the preliminary 

assessment undertaken in Chapter 3 to determine the most suitable GMPEs for use in Non-Cratonic 

Australia was limited to the consideration of only a few Australian earthquake events.  Moreover, the 
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soil response study undertaken in the same chapter considered a limited number of soil columns only 

(varying with depth and shear-wave velocity), and was undertaken using equivalent linear analysis as 

opposed to true nonlinear analysis. 

The RC walls studied in this thesis were assumed to have detailing corresponding to the 

longitudinal reinforcement being evenly distributed (or evenly spaced).  This was also an assumption 

made when deriving the equation for the minimum longitudinal reinforcement ratio from the 

Secondary Cracking Model.  However, it is possible that some structural walls in Australia have been 

detailed with concentrated (or lumped) bars at the boundary end regions.  Although this is not thought 

to be common practice in Australia, concentrating bars in the boundary regions will not only increase 

the moment capacity of the wall but importantly it will increase the probability of secondary cracking 

occurring in the wall. 

The equivalent plastic hinge length expressions derived using the results of a large number of 

numerical analyses conducted in this thesis are limited to RC walls with similar configurations and are 

only valid if the wall parameters lie within the range considered.  For example, the maximum 

longitudinal reinforcement ratio used in the analyses was 1.00%.  The maximum axial load ratios 

applied to the rectangular and C-shaped walls in these analyses were 10% and 5% respectively.  

Importantly, the mechanical properties of the walls adopted in the FE analyses were indicative of the 

expected mean values of D500N steel reinforcement, as this was appropriate for assessment purposes.  

As D500N type steel reinforcement has only been used in Australia since 2001, a large percentage of 

the RC structural wall building stock would have been detailed using different types of steel of 

varying mechanical properties.  It should be strongly emphasised that the numerical results for C-

shaped walls in Chapter 5 were conducted using VecTor3, which used material models that were only 

validated using the experimental results from lightly reinforced and unconfined rectangular wall 

specimens.  Thus, the expressions and recommendations that were derived from the results in Chapter 

5 must be taken with caution.  Experimental testing is needed to confirm the validity of such results. 

Several limitations exist on the research that was conducted in Chapter 6 for the seismic 

assessment of RC structural wall buildings.  Firstly, the Capacity Spectrum method was used instead 

of Nonlinear Dynamic Time-History Analyses.  Secondly, the buildings were idealised using either 

rectangular or C-shaped walls as their lateral load resisting systems; the contribution of the secondary 

frames to the lateral stiffness and damping were ignored.  Moreover, the C-shaped walls were 

assumed to be uncoupled, an assumption that is only appropriate for buildings of a certain height 

(assumed to be less than 13 storeys in the research here).  Furthermore, a selected range of values 

were used for the different building parameters, which were chosen to specifically represent 

Melbourne and the Australian RC building stock; these values might not be representative of the RC 

building stock of other international regions of low-to-moderate seismicity. 
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7.3 Recommendations for future research and for design improvements 

Some recommendations for future research in this area are given here. 

The study in Chapter 3 that compared different attenuation predictions to the available (but 

scarce) strong-motion data in eastern Australia represents one of very few studies attempting to 

ascertain the most suitable GMPEs for the region.  Some of this research was presented for the 

National Seismic Hazard Assessment project by Geoscience Australia, where the author contributed 

to the Ground-Motion Characterisation Expert Elicitation Workshop. The findings from the study in 

Chapter 3 would be a good starting point for future PSHA studies for the eastern Australian region 

(“Non-Cratonic”).   It is recommended that researchers continue to refine the attenuation functions for 

the different regions in Australia as more earthquake strong-motion data becomes available, as this 

will ultimately lead to better seismic hazard estimates using PSHAs. 

The equivalent linear analysis results in Chapter 3 raised questions about the validity of the 

spectral shape factors currently stipulated in AS 1170.4:2007.  These results suggest that spectral 

shape factors dependent on a seismic intensity factor should be considered for future revisions of AS 

1170.4:2007 for site classes Ce, De and Ee.  This would be particularly important if future revisions of 

the building code of Australia required a performance objective for buildings of ‘normal importance’ 

of collapse prevention for an earthquake level corresponding to a 2500-year event.   

In Chapter 4 the results of research that investigated the amount of longitudinal reinforcement 

needed to trigger secondary cracking were presented. Secondary cracking is required in order to 

enable a distribution of plasticity up the wall height from the base such that it allows the wall to 

deform with adequate displacement capacity in the event of a design return period earthquake (or 

higher).  It is recommended that the minimum longitudinal reinforcement ratio required in AS 

3600:2009 for walls be updated for considerations of ductility, not just shrinkage and temperature 

effects.  The equation derived here from the Secondary Cracking Model can be used to ensure a 

sufficient longitudinal reinforcement ratio has been used. A comprehensive experimental testing 

program should be carried out to determine whether the equation is adequate for the types of walls 

being designed in regions of low to moderate seismicity.  It is also recommended that further 

numerical and experimental research focusing on the different longitudinal reinforcement layouts in 

walls, and on simple methods to provide some confinement in the walls, is required to mitigate 

against premature brittle failures in the walls.  For example, one such failure is the localised strain 

concentration in the steel observed to occur when a low ratio of longitudinal reinforcement is used in 

the web of the wall relative to that used in the boundary ends.  A numerical and parametric study, 

similar to that conducted in this thesis, could also focus on the different mechanical properties of steel 

of different types. The mean values for the properties of N-type reinforcing steel were used in the 
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analyses conducted in this thesis, as the focus was on assessment.  However, numerical analyses on 

similar walls using L-type and E-type reinforcing steel could be conducted.  Moreover, lower 

characteristic values of the mechanical properties of the steel could be used such that an expression 

could be derived for the equivalent plastic hinge length specifically for design purposes. 

The numerical analyses conducted in Chapter 5 using VecTor3 have highlighted the 

vulnerability of lightly reinforced and unconfined C-shaped walls.  As previously mentioned 

throughout this thesis, there has been no experimental testing that has focused on the seismic 

performance of non-rectangular (e.g. C-shaped) RC walls with poor detailing that is commonly found 

in Australia and other low-to-moderate seismic regions.  It is therefore emphasised, as a priority, that 

an experimental program be undertaken to evaluate the seismic performance of RC C-shaped walls 

with this type of detailing, that is, C-shaped walls that are lightly reinforced and unconfined in the 

boundary regions.  These experimental results would provide a useful comparison with the results of 

the numerical investigation undertaken in this thesis. Further to this, testing should be performed to 

investigate possible improvements in terms of reinforcement layout and confinement of concrete as 

has been mentioned previously in relation to rectangular walls. 

In Chapter 6, the assessment program written in MATLAB was used to estimate the number 

of RC structural wall buildings in Melbourne that would reach the Collapse Prevention performance 

level for 500-year and 2500-year return period events.  The C-shaped cores that were used in the 

idealised RC structural wall buildings for this assessment were assumed to be uncoupled.  However, 

coupling of the C-shaped walls is commonly practiced, particularly for high-rise buildings, and the 

actions from the coupling beams could reduce the moment demand on the walls.  It is recommended 

that future studies consider the use of coupled cores; a good starting point would be to consider the 

detailing used in these beams in regions of low to moderate seismicity and whether the beams would 

have sufficient ductility to allow the development of a suitable energy dissipating mechanism. 

Moreover, the structural walls were assumed to be governed by flexure (with aspect ratios [Ar] higher 

than 2).  It is recommended that more research be conducted on lightly reinforced and unconfined 

“squat” walls (Ar < 2). 

In attaining the vulnerability functions for the RC structural wall buildings in Australia in 

Chapter 6, realistic earthquake scenarios were used from the known and active faults surrounding the 

Melbourne CBD.  However, it was an unknown fault (at the time), hidden by the alluvial plains, that 

ruptured and caused the sequence of damaging ground motions in Christchurch. Many faults in 

Australia have yet to be mapped, and this could be a consideration for future PSHAs.   

The current world’s best practice is to design buildings of “normal importance” for the 

performance objective of collapse prevention under a very rare earthquake (typically taken as a 2500-

year return period event), and it is strongly recommended that the Australian Building Code be 
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amended so that it is in line with this. It has been shown here that there is likely to be a high level of 

damage and loss of life if such an event occurred in Melbourne. The requirements for detailing of 

walls specified in the current version of AS 3600:2009 have been shown to be inadequate and changes 

are needed to ensure that sufficient displacement capacity is provided. This is particularly important 

for RC structural wall buildings on site classes Ce, De and Ee. 
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