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Abstract  

The need of building to have column-free space at certain storeys due to architectural and 

aesthetical reasons, or a change in the functionality of adjacent storeys and building facility 

requirements, explain why many buildings feature irregularities in their gravity load carrying frames. 

However, discontinuities in the load-bearing system may result in unfavourable failure mechanisms 

under severe earthquake excitations. These buildings commonly exist in low to moderate seismic 

regions, like Australia; given that strict regulations do not exist with respect to earthquake resistant 

design of buildings. Furthermore, in these regions buildings typically have non-ductile detailing and are 

therefore prone to brittle and sudden failures. There is a growing need to assess the performance of 

vulnerable buildings in low to moderate seismic regions as it has been acknowledged that these regions 

are exposed to the risk of rare occurrence of devastating and damaging earthquakes.  

This research aims at investigating the seismic performance of a class of vertically irregular 

buildings in regions of low to moderate seismicity in order to provide a broad and comprehensive 

understanding of their response behaviour. Owing to the importance of vulnerability assessment of 

buildings featuring the use of transfer beams in the gravity load carrying frames (discontinuity or off-

set in the load path), linear and nonlinear response behaviour of this class of buildings have been 

investigated thoroughly. Although “gravity frames” are assumed only to carry vertical loads, the effects 

of their lateral strength and stiffness need be taken into consideration in the seismic analysis. 

Results of studies revealed that the elastic response behaviour of vertically irregular buildings 

is consistent with regular buildings in terms of stiffness, modal periods, modal shapes, and lateral 

displacement and shear force profiles. Hence, stiffness irregularity (as a consequence of discontinuity) 

may not develop in the elastic range. 

An analysis method is known as the Generalised Force Method (GFM) which has been 

developed to remedy the shortcomings of the Equivalent Static Analysis method is introduced. This 

method is not subject to height range restrictions and is applicable to buildings that may have 

eccentricity, and/or transfer beam irregularity. 

A technique for the modelling of limited ductile beam/column components based on the 

concentrated plasticity modelling method has been proposed and used to develop the nonlinear models. 

Damage mechanism, failure patterns and weak regions of these buildings have been investigated using 

nonlinear analysis methods, and finally, response modification factors have been calculated for these 

buildings. It has been shown that a weak storey in the cases where the contributions from moment-

resisting frames are high can be developed as a consequence of shear failure in the transfer beam. The 

behaviour of limited ductile shear walls or non-ductile columns governs the seismic behaviour of these 
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buildings. Failure of walls due to the lack of boundary elements may occur as a result of poor detailing. 

However, shear failure in the transfer beams may also occur prior to the failure of walls in some cases. 

Hence, to avoid undesirable seismic performance behaviour such as weak storey collapse mechanism 

(due to the shear failure of transfer beams), more complicated methods of analysis might not necessarily 

result in a more desirable outcome. 

Ductility factors for the buildings investigated have been found to be less than 1.5. Hence, 

current detailing practice may not ensure a ductility value of 2.0 in compliance with AS117.4:2007, 

even for the regular buildings. The ductility factor for certain irregular buildings which typically has 

higher contributions from moment-resisting frames to the lateral stiffness have been found to be close 

to 1.0; which reveals the concentration of plasticity in the critical elements while elastic response 

behaviour is experienced with the other elements. Hence, the structure is almost entirely elastic at the 

onset of developing a mechanism. 

Guidelines and recommendations for the design of a new building in the form of designation of 

applicable analysis methods for these buildings and response modification factors are provided in the 

thesis. A straightforward method for the seismic assessment of limited ductile shear wall dominant 

buildings has been recommended. The method uses a rational approach to predict the nonlinear response 

behaviour of a given building by modifying the stiffness of individual members of an elastic model for 

the building structure. Moreover, a probabilistic rapid assessment tool for generating fragility curves is 

proposed for these buildings. This tool can be used for obtaining information for the risk assessment 

studies, by providing a simple and rapid method to assist global decision makers. 
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LIST OF NOTATIONS  

𝑎𝑒𝑓𝑓 is the effective acceleration. 

𝑎𝑗  is the horizontal offset at column j. 

𝐴𝑠𝑡 is the area of transverse reinforcement. 

𝐴𝑔 is the column cross-sectional area. 

b is 
𝑘𝑡

𝑘𝑦
. 

B is the distance from the edge of the building to the mass centre in the direction perpendicular to the 

direction of excitation. 

𝑏𝑗 is the vertical distance between the base of the upper column and the top of the lower column j. 

𝑏𝑟 is 
𝑏

𝑟
. 

𝐵𝑟 is 
𝐵

𝑟
. 

c is the neutral axis depth. 

C is the damping matrix. 

𝐶0 is the factor relating spectral displacement of an equivalent single-degree of freedom (SDOF) system 

to the control node displacement. 

 𝐶1 is the factor estimating the expected maximum inelastic displacements to displacements calculated 

for linear elastic response. 

 𝐶2  represents the effect of pinched hysteresis shape, cyclic stiffness degradation and strength 

deterioration on maximum displacement response. 

𝐶𝑑(𝑇1) is the horizontal design action coefficient at the fundamental mode of structure. 

𝐶ℎ(𝑇1) is the spectral shape at the fundamental mode. 

 D is the column depth. 

𝑑𝑏 is the reinforcement diameter.  

𝑑𝑏𝑡 is the diameter of reinforcing bars. 
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𝑑𝑐 is the depth of the column core from centre line to centre line of the ties. 

DM is the damage measure. 

e is the eccentricity. 

𝑒𝑟 is 
𝑒

𝑟
. 

EI is the flexural rigidity of the flexural beam.  

𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,1−j is the floor inertia forces induced by each individual coupled mode at level i corresponding 

to the first translational mode. 

𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,2−j
 is the floor inertia forces induced by each individual coupled mode at level i corresponding 

to the second translational mode. 

𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,3−j is the floor inertia forces induced by each individual coupled mode at level i corresponding 

to the third translational mode. 

𝑓𝑐𝑡.𝑓𝑙is the mean value of the flexure tensile strength of the concrete. 

𝑓𝑐𝑚𝑖is the mean in situ compressive strength of concrete 

𝑓𝑐
′ is the concrete compressive strength (MPa). 

fc is the point at which the stress in the outermost fibre reaches the concrete strength.  

𝐹𝑒𝑙𝑎𝑠𝑡𝑖𝑐 is the virtual elastic force (assuming infinite elastic response behaviour) corresponding to the 

onset of triggering shear failure. 

𝑓𝑖 is the storey strength factor. 

𝐹𝑖 is the storey lateral capacity at the ith storey. 

𝐹𝑖
∗ is the revised effective force. 

Fi,2 is the second mode contributions to the floor inertia force at level i. 

Fi,3 is the third mode contributions to the floor inertia force at level i. 

𝑓𝑠 is the stress in longitudinal reinforcements. 

𝐹𝑡𝑟𝑎𝑛𝑠𝑙𝑎𝑡𝑖𝑜𝑛𝑎𝑙𝑖,2  is the second translational mode contributions to the floor inertia force at level i. 
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𝐹𝑡𝑟𝑎𝑛𝑠𝑙𝑎𝑡𝑖𝑜𝑛𝑎𝑙𝑖,3  is the third translational mode contributions to the floor inertia force at level i. 

𝑓𝑦 is the yield strength of the longitudinal reinforcements. 

Fy is the point at which the outermost steel fibre reaches yield (fibre sections of shear walls). 

𝐹𝑦 is the yield base shear force of the system (response modification factor). 

𝐹𝑦𝑡 is the yield strength of the transverse reinforcement, 

𝑓𝑢 is the ultimate tensile strength of the reinforcing steel. 

𝐹𝑢 is the shear force at the onset of shear failure triggering. 

GA is the shear rigidity of the shear beam. 

𝐺𝑖 is the permanent action.  

h is the height of the column. 

H is total height of building and 𝑢(𝑥, 𝑡) is the displacement at non-dimensional height. 

ℎ𝑖 is the elevation of floor i. (CHAPTER 1) 

hi is the height of storey i. (CHAPTER 7) 

IM is the intensity measure. 

𝐼�̂� is the level of 𝐼𝑀 that has 50% chance to cause the damage state to be exceeded. 

J is the torsional moment of inertia. 

k is the seismic distribution factor. 

K is the stiffness matrix. 

𝑘1 is the amount of total stiffness of the hinge before yielding occurrence in the element. 

𝑘2 is the amount of total stiffness of the hinge after yielding occurrence in the element. 

𝑘𝑒 effective lateral stiffness of the building. 

𝑘𝑒𝑓𝑓 is the effective stiffness. 

𝑘𝑖 is the storey lateral stiffness at the ith storey. 
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𝑘𝑓𝑙𝑒𝑥 is the post-yield flexural stiffness. 

𝑘𝑝 is the probability factor for the annual probability of exceedance. 

 𝑘𝑠𝑙𝑖𝑝1
is the rotational stiffness due to the bar-slippage before yielding of rebar. 

 𝑘𝑠𝑙𝑖𝑝2
is the rotational stiffness due to the bar-slippage after yielding of rebar. 

kt is the torsional stiffness. 

𝑙 is the height of the cantilever column. 

𝐼𝑒𝑓𝑓 is the effective moment of inertia. 

𝐿𝑒𝑙 is the lengths of the intermediate vertical elements between two links. 

𝐿𝑓 is the lengths of flanges of a C-shaped wall. 

ln (𝜃) is the mean of the logarithmic distributed function. 

ln(𝐼�̂�) is the mean of lognormally distributed function and β is the standard deviation of the lognormal 

function. 

𝐿𝑝 is the plastic hinge length. 

LR1 (Linear Response 1) is the secant stiffness to the yield point. 

LR2 (Linear Response 2) is the secant stiffness to the onset of shear failure. 

𝐿𝑠𝑝is the link spacing. 

𝐿𝑤 is the lengths of web of a C-shaped wall. 

M is the mass matrix. 

𝑚𝑒𝑓𝑓 is the effective mass. 

𝑚𝑖is the mass of floor i. 

Mp is the plastic flexural capacity of the section. 

𝑀𝑢,𝑓𝑙𝑒𝑥 is the ultimate flexural capacity. 

n is the number of floor levels in a building. 
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𝑁𝑐 is the total number of columns at the level under consideration. 

𝑛𝑡is the number of grids of transverse reinforcing bars. 

𝑃 is the axial load on the column. 

p(t) is the force vector. 

𝑄𝑖 is the imposed action for each occupancy class on level i.  

q is the response modification factors (according to EC8). 

r is the mass-radius of gyration. 

R is the response modification factors (according to ASCE7 and ATC19). 

𝑅𝑠 is the overstrength factor. 

𝑅𝜇 is the ductility factor. 

𝑅𝑅 is the redundancy factor. 

𝑅𝑆𝐴(𝑇j) is the spectral acceleration at the jth mode of vibration. 

𝑅𝑆𝐷(𝑇j) is the spectral displacement at the jth mode of vibration. 

S is the spacing of the transverse reinforcement. 

𝑆𝑎 is the spectral acceleration at the effective fundamental period of the building. 

SF is the scale factor. 

SP is the structural performance factor. 

𝑡 is the thickness of wall. 

T1 is the period of the 1st mode of vibration. 

T2 is the period of the 2nd mode of vibration. 

T3 is the period of the 3rd mode of vibration. 

𝑇𝑐𝑜𝑢𝑝𝑙𝑒𝑑𝑗is the jth torsional-translational coupled mode period. 

𝑇𝑒𝑓𝑓 is the effective natural period. 
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𝑇𝑖 is the elastic fundamental period. 

𝑇𝑡 is the translational period. 

u(t) is the displacement vector. 

V is the base shear. 

𝑉0 is the undegraded shear capacity of the section. 

𝑉𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,1is the modal contributions to the storey shear forces for the first translational mode. 

𝑉𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,2
is the modal contributions to the storey shear forces for the second translational mode. 

𝑉𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,3is the modal contributions to the storey shear forces for the third translational mode. 

𝑉𝑑 is the design base shear. 

𝑉𝑒 is the maximum elastic force in the corresponding elastic structure. 

𝑉𝑒𝑖 is the shear forces induced in element i due to the earthquake loads. 

𝑉𝑔𝑖
 is the shear forces induced in element i due to the gravity loads. 

𝑉𝑖
∗is the total shear force at level i incorporating higher modes for torsionally unbalanced building. 

𝑉𝑖is the storey shear force at level i. 

𝑉𝑖,2 is the second mode contributions to the storey shear force at level i. 

𝑉𝑖,3 is the third mode contributions to the storey shear force at level i. 

𝑉𝑖,ℎ𝑖𝑔𝑒ℎ𝑟 𝑚𝑜𝑑𝑒𝑠
∗  is the storey shear force at level i incorporating higher modes. 

𝑉𝑝 is the amount of corresponding shear demand at the onset of flexural yielding of plastic hinges  

𝑉𝑠𝑖 is the strength of the ith storey prior to the formation of a failure mechanism. 

𝑉𝑢𝑖 is the shear force at the ith storey. 

𝑉𝑦 is the yield base shear in the idealised bilinear capacity curve. 

𝑤𝑡 is the seismic weight. 

𝑥𝐶𝑀(𝑡) is the displacement time history at the centre of mass. 
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𝑥𝐶𝑅(𝑡)is the displacement time history at the centre of rigidity. 

𝑥𝐸𝑑𝑔𝑒(𝑡) is the displacement time history at the edges of the plans. 

𝑥Ω𝑗(𝑡) is the displacement time history of the jth coupled mode. 

Z is the hazard factor. 

𝛼 is the non-dimensional parameter which is governing the response behaviour. 

𝛽 is the logarithmic standard deviation, 

𝛽 =
𝑛

𝑛𝑏
, where  𝑛  is the axial load ratio and 𝑛𝑏  is the axial load ratio at the balance point on the 

interaction diagram (according to Wibowo et al.). 

𝛽𝑑is the total dispersion associated with uncertainties in the demand imposed on the buildings arising 

from record-to-record variability. 

𝛽𝑚 is the modelling dispersion associated with uncertainties in the definition of the structural 

characteristics of the building, mathematical modelling and uncertainties arising from building-to-

building variability. 

Γ𝑐𝑜𝑢𝑝𝑙𝑒𝑑𝑗is modal participation factor for the coupled mode j. 

Γj  is the participation factor of mode j. 

𝛿𝑎𝑓 is the drift ratio at the onset of axial load failure (according to Wibowo et al.). 

𝛿𝑒𝑓𝑓 is the effective displacement. 

𝛿𝑖
∗ is the revised effective displacement. 

𝛿𝑖,2is the second mode contributions to the floor displacement at level i. 

𝛿𝑖,3is the third mode contributions to the floor displacement at level i. 

𝛿𝑖 is the inter-storey drift at the ith floor. 

∆𝑖 is the lateral displacement of floor i. 

∆𝑖 is the drift at the ith storey. 

∆𝑛 is the roof displacement as obtained from the linear analysis based on applying arbitrary forces. 
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𝛿𝑠𝑜𝑓𝑡 𝑒𝑑𝑔𝑒 is the effective displacement at the soft edge of torsionally unbalanced buildings. 

𝛿𝑠𝑡𝑖𝑓𝑓 𝑒𝑑𝑔𝑒 is the effective displacement at the stiff edge of torsionally unbalanced buildings. 

𝛿𝑡 is the target displacement. 

∆𝑈 is the ultimate roof displacement value. 

∆𝑎

𝐿
 is the of drift ratio at the onset of axial failure (according to Elwood et al.). 

∆𝑠

𝐿
 is the of drift ratio at the onset of shear failure (according to Elwood et al.). 

휀𝑠is the strain in reinforcing bar. 

휀𝑦 is the yielding strain of the reinforcing bar. 

εu is the strain corresponds to the point at which the outermost concrete fibre reaches the ultimate strain 

of concrete. 

𝜃 is the critical crack angle, assumed to be 65°. 

θ𝑦 the drift ratio at yield. 

θ𝑝𝑙 is the plastic rotation. 

𝜃𝑠𝑓 is the rotation (or deflection) at the onset of triggering shear failure. 

θ𝑢,𝑓𝑙𝑒𝑥 is the drift corresponding to the ultimate flexural strength. 

𝜃𝑦 is the rotation (or deflection) at the onset of the initiation of yielding.  

𝜃𝑖
∗ is the revised effective inter-storey height. 

𝜆𝑗 is 
Ω𝑗

𝜔𝑗
 ratio. 

μ is the structural ductility factor (response modification factor). 

𝜇 is the median capacity (fragility function). 

𝜇𝑒𝑙𝑒𝑚𝑒𝑛𝑡𝑖 is the ductility factor showing the ratio of the rotation (or deflection) at the onset of failure to 

the yield rotation (or deflection) in the element level. 

𝜐 is the nominal shear stress (MPa). 
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𝜌 is the uniform mass per unit of length.  

𝜌ℎ is the longitudinal reinforcement ratio (according to Wibowo et al.). 

𝜌𝑡is the transverse reinforcement ratio (according to Elwood et al.). 

𝜌𝑣is the transverse reinforcement ratio (according to Wibowo et al.). 

𝜌𝑤𝑣.𝑚𝑖𝑛 is the amount of minimum longitudinal reinforcement. 

Φ is the standard normal probability integral. 

𝜙𝑖,𝑗 is the mode shape value at the ith level of the building in the jth mode of excitation. 

𝜙𝑦 is the yield curvature. 

𝜙𝑢 is the ultimate curvature. 

Ψ𝑖is the earthquake imposed action combination factor, 

Ω𝑗 is the natural angular velocities of the coupled modes of vibration. 

𝜔𝑥 is the natural angular velocities of the translational modes of vibration. 
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1.1 BACKGROUND 

Architectural and functional requirements such as open space ground floors, change in the level 

of occupancy of adjacent storeys, and building facilities including plant-rooms, cause vertical 

discontinuities on the load-bearing system of buildings. These buildings commonly use transfer 

structures in the form of transfer plates and transfer beams to provide an alternative load path to transfer 

and distribute vertical loads from the upper closely spaced structural elements to the lower widely 

spaced supports.  

  

(a) An example of building with Transfer Beams 

Brunswick Building, Chicago Illinois, USA[1] 

(b) An example of building with Transfer Plates 

Hong Kong [2] 

Figure 1-1 Example of transfer structures or irregular buildings with discontinuity in the load path. 

It is well accepted that “Australia has large earthquakes, but they occur infrequently”[3]. In 

1989, a 5.6 magnitude earthquake caused $4 billion of damage in Newcastle, Australia. 13 people died, 

and 160 were injured. Approximately 75% of multi-storey buildings and 50% of single storey buildings 

were damaged severely [4]. In spite of being vulnerable in seismic excitations, transfer structures exist 

in low to moderate seismicity regions such as Australia. Most of buildings stock in Australia have a few 

numbers of transfer beam irregularity in their gravity load carrying frames. 

Previous studies and past earthquake experiences on buildings having transfer features have 

highlighted that these buildings may suffer from severe damage in low to moderate seismic zones. The 

Hotel Grand Chancellor is an example of transfer beam structure which was severely damaged after the 

2011 Christchurch earthquake strike. 
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Figure 1-2 The Hotel Grand Chancellor after Christchurch earthquake[5] 

The structural system of the building below transfer beam level was shear wall system and 

above the transfer beam level was moment-resisting frame system. Following the strike of an 

earthquake, the shear wall in support of the transfer beam collapsed, and the transfer beams experienced 

severe damage. A 1300 mm horizontal displacement at the roof level was observed as the residual 

displacement. 

 

Figure 1-3 Framing plan and the state of the building during construction and after earthquake strike. [5] 
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Moreover, experimental and numerical simulation of buildings possessing transfer plates 

illustrates that these buildings are vulnerable, and they may suffer from severe damage. 

1.2 PROBLEM STATEMENT 

Mainstream preliminary studies on vertical irregularity have been focused on classifying types 

of vertical irregularities and identifying their distinct effects on the response behaviour of irregular 

buildings. Studies on vertical irregularity indicated that there are three types of vertical irregularities, 

namely mass irregularity, stiffness irregularity and strength irregularity. These findings suggest that 

strength irregularity has the most significant effect on the seismic response behaviour of structures 

followed by stiffness irregularity. Mass irregularity has the least impact on the seismic response 

behaviour. Furthermore, a combination of several irregularity types may exacerbate the structural 

response behaviour of the building in comparison to any individual irregularity types [6-9]. 

The current body of literature criticises the criteria in codes of practice for identifying these 

irregularity types based on the magnitude with respect to prescribed thresholds. It has been shown that 

the codified criteria to determine whether a soft storey exists in a structure, do not accurately represent 

the behaviour of transfer plate structures [2, 10-13]. Furthermore, it is argued that these criteria do not 

take into account the location of the irregularity which is a drawback for such classification criteria. 

A critical limitation identified in the literature with respect to studies on irregular structures is 

that in numerical simulations as well as experimental tests, the shear or flexural-shear failure is not 

considered; or shear failure is prohibited by providing sufficient confinement in the specimens tested. 

Hence, the results of such studies are not applicable for low to moderate seismic regions like Australia, 

given that structures typically have non-ductile detailing. Much of the literature on this topic used basic 

frame models to investigate the global seismic response behaviour of irregular buildings. Only a limited 

number of studies reported in the literature which was concerned with the vulnerability assessment of 

irregular buildings (with realistic elements and sections) actually dealt with local discontinuities and 

their effects on the global response behaviour of buildings. The number of studies on vertically irregular 

buildings with discontinuity or off-set in the load path is still limited and not addressed adequately both 

in terms of classification types (whether it is a strength irregularity or stiffness irregularity or a 

combination) and on the potential collapse behaviour in a very rare event. 

Buildings featuring irregularities in the gravity load carrying frames can be vulnerable to 

earthquake excitations, and they are common in Australia. Furthermore, the seismic parameters required 

for the design of these structural systems have been addressed in neither Australian seismic codes nor 

other seismic standards. In addition, these structures typically have limited ductility as strict regulations 

do not exist with respect to earthquake resistant design of buildings, and therefore further increase their 
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vulnerability to earthquake excitations. Currently, adequate information is not known about the seismic 

performance and behaviour of limited ductile transfer beams buildings under low to moderate ground 

shakings.  

One of the issues that emerge from research is that dynamic analysis method is not necessarily 

justified for these buildings given that similar results could be obtained via conducting more 

straightforward static analyses. However, static procedures are not permitted by many major codes of 

practice when applied to irregular buildings. 

Some of the studies reviewed in CHAPTER 2 have the drawbacks that the suite of ground 

motion records used for seismic evaluation of transfer structures have the characteristic of high seismic 

regions only. Therefore, results reported in most studies would only be applicable to high seismic 

regions. Appropriate ground motion records should be selected to be consistent with the seismological 

characteristics of low to moderate seismicity zones. Seismological characteristics of these zones will be 

described in the literature review in CHAPTER 2. These affecting characteristics should be 

implemented in the seismic assessment of buildings. Furthermore, time history analyses conducted in 

many numerical studies have been based on linear time history analyses. It should be recognised that 

linear analysis has a number of limitations including the fact that the results are not representative of 

the nonlinear behaviour of structures. 
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1.3 AIMS AND OBJECTIVES AND RESEARCH SIGNIFICANCE 

Recent studies on buildings possessing transfer features have highlighted that these buildings 

may suffer from severe damages in moderate seismic zones. The aim of this research has therefore been 

to provide a broad and comprehensive understanding of the seismic performance of buildings featuring 

irregularities in the gravity load carrying frames located in low to moderate seismic regions. Although 

gravity load carrying frames are primarily needed for carrying vertical loads, the effects of their lateral 

stiffness and strength should be taken into considerations in seismic analysis. 

This research seeks to address these central objectives: 

I. Guidelines and recommendation for the design of a new building featuring irregularity 

in the gravity frames including: 

1) Design procedure,  

2) Designation of applicable analysis methods, and  

3) Response modification factors. 

II. Seismic vulnerability assessment of existing buildings featuring irregularity in the 

gravity load carrying frame systems in terms of: 

4) Modelling techniques and analysis procedures,  

5) Performance-based vulnerability and collapse assessment investigations, and 

6) Recommendations in the form of rapid assessment tools and guidelines. 

Performance of this buildings type will be investigated in the elastic and post-elastic range of 

response behaviour. These results will be used to check the applicability of the current analysis methods 

and to propose an innovative, straightforward analysis method which can be applied for this type of 

buildings. Besides, the response modification factor will be calculated for this type of structures to 

recommend and provide a comprehensive design guideline for these buildings. 

This thesis sets out to conduct performance-based vulnerability and collapse assessment 

investigations for this building type. Owing to the importance of vulnerability assessment of these 

buildings; the damage mechanism, failure pattern, and damage state of these buildings will be identified. 

Furthermore, the overall seismic capacity will be evaluated, and the potential weak regions in the 

structure will be determined. This research will provide tools and information for the risk assessment 

studies, by providing a holistic comprehension of the extent of damage that may be endured by buildings 

featuring irregularities in the gravity load carrying frames in low to moderate seismic regions.  

Based on the findings, guidance and recommendations will be provided; including simple 

procedures to assess the vulnerability and design of this class of irregular buildings. Ultimately, results 

obtained from this study may be utilised as a tool in the risk assessment studies for metropolitans, such 
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as Melbourne to assist global decision makers. This study will specifically investigate the seismic 

performance of buildings featuring transfer beams in low to moderate seismic regions against target 

performance objectives and representative demands imposed on the building. This will be achieved via 

conducting extensive numerical and parametric analyses. 

The significance of this research is that it will provide the basis for conducting risk assessment 

studies and will also evaluate the extent of damage that may be experienced by an irregular building in 

the event of an earthquake in a low to moderate seismic zone. It will provide recommendations which 

can be implemented by codes and standards to assist engineers in the design of buildings.  

1.4 RESEARCH FRAMEWORK AND METHODOLOGY 

This section explains the framework and methodology which have been utilised to determine 

the seismic performance of this class of buildings (irregular buildings featuring the use of transfer 

beam). This can be achieved by conducting performance-based vulnerability assessment by means of 

involving three key interrelated tasks as shown in Figure 1-4.  

   

Figure 1-4 Research methodology components 

The assessment will be achieved via conducting extensive nonlinear analyses which incorporate 

the use of representative numerical models for analysing the behaviour of these buildings (Assessment). 

The research has been built on knowledge gained from previous analytical and experimental studies on 

the non-ductile components for calibrating and verifying the numerical models (Capacity). Appropriate 

seismic demand models which are representative of low to moderate seismic zones will be employed 

(Demand). 

Evaluation studies have been carried out using Target Performance Levels which were 

designated based on the seismic performance objectives proposed in FEMA 356 and ASCE 41-06 [14, 

Demand Capacity Assessment
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15], refer to Figure 1-5. Performance level objectives in compliance with seismic design provisions are 

dependent on the occupancy and importance level of the building. 

Basic Safety Objective (BSO) in these standards require that performance objective levels “k” 

and “p” of the performance matrix of Figure 1-5 to be satisfied. These performance levels are 

corresponding to “Life-Safety” performance thresholds for earthquakes with a mean return period of 

475-year (a rare event) and “Prevents Collapse” performance thresholds with a mean return period of 

2475-year (a very rare event). 

  
Target building performance 
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Figure 1-5 Performance Level objectives [14, 15] 

Research framework of this thesis is illustrated in Figure 1-6. 

 

 



Chapter 1- Introduction 

 

10 

 

 

Figure 1-6 Research Framework 
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1.5 THESIS OUTLINE 

This thesis comprises eight chapters: 

CHAPTER 1 (the current chapter) gives a brief overview of the background on the buildings 

featuring discontinuity or off-set in their load path system. This chapter sets out the aims and objectives 

of the research. The research methodology and framework is presented in this chapter. 

CHAPTER 2 reviews the current state of knowledge on irregular buildings and with particular 

reference to discontinuity and off-set in the gravity load path. In the second section of this chapter, 

analysis methods as the essential tools of design and assessment procedures have been reviewed, and 

the shortcomings and advantages of each method have been identified. The last section deals with 

seismic hazard modelling and seismic activity and the characteristics of seismic events in Australia. 

CHAPTER 3 begins with a brief review of the design of transfer beams in irregular buildings. 

This chapter presents the results of parametric studies to quantify the effect of this class of irregularity 

on the seismic response behaviour of the building and compares them with the elastic response 

behaviour of regular buildings. This chapter evaluates seismic design provisions in current design codes 

of practice in relation to the recommended method of analysis for the seismic design of vertical irregular 

buildings. 

CHAPTER 4 introduces a simple and robust method of analysis. This method has been 

demonstrated to produce results that match well with results from dynamic modal (response spectrum) 

analysis method. Buildings that can be analysed using this method are not subject to any height 

restrictions and may possess vertical irregularities. The method has been extended to cover the analysis 

of buildings featuring stiffness eccentricity. 

FEMA 369 [16] recommends that to have reliable estimations of response values, the following 

criteria shall be accounted for. 

1) Choice and assessment of a suitable hysteretic behaviour for each element type, 

2) Evaluation of the interaction effects of the nonlinear elements and their limitation, 

3) Number and aptness of the input ground motion records, and 

4) Investigation of suitable nonlinear solution algorithms.  

CHAPTER 5 shows that how the first criterion has been incorporated to have reliable models. 

The first part of this chapter presents an accurate and robust modelling technique while keeping it simple 

to numerically model limited ductile RC beam/column components. This modelling technique 

constitutes a step forward in the use of nonlinear analysis methods which are frequently used in research. 

In the second part of this chapter, existing modelling techniques for the modelling of limited ductile 
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walls/cores has been reviewed. These modelling techniques have been employed for developing reliable 

models of limited ductile regular and irregular buildings for the seismic performance assessment studies 

presented in the rest of the thesis. 

Once the components modelling techniques have been verified against experimental results 

benchmarks, parametric studies were carried out by various case study building models. CHAPTER 6 

addresses the rest of the criteria recommended by FEMA 369 to conduct performance-based 

vulnerability and collapse assessment investigations. This includes the identification of the failure 

mechanism modes of buildings featuring transfer beams and the expected extent of damage at different 

limit states (including damaged and collapse limit states). Response modification factors have been 

estimated using nonlinear static and incremental dynamic analysis methods, and seismic fragility 

assessment has been carried out. 

One of the objectives of this research is to evaluate the provisions in current design codes of 

practice in relation to the seismic design of irregular buildings in low to moderate seismicity like 

Australia (that most of which feature some forms of irregularities). Vertical irregular features associated 

with the use of transfer beams forming discontinuities in the gravity load travel path for architectural 

reasons is the common form of irregularity feature that this thesis is focused upon. The aim is to make 

recommendations for improvements to the design codes in the areas of (i) linear elastic analysis and (ii) 

provisions to allow for post-elastic behaviour. A practical design guideline has been suggested for the 

seismic designing of these building in CHAPTER 7. It includes designation of applicable analysis 

methods for analysing these buildings and recommendations on local improvements of critical 

components to circumvent around premature failure. This chapter summarises findings on the response 

modification factors which are in frequent use in force-based design calculations. 

Furthermore, a framework for the rapid assessment of limited ductile buildings has been 

introduced and developed in this chapter. The method is capable of predicting the nonlinear response 

behaviour of this class of buildings using a modified elastic model. Moreover, rapid fragility 

assessments can be developed using the suggested framework provided in this chapter. 

CHAPTER 8 summarises all the salient points of the thesis and reports on the conclusions 

drawn from each chapter. 
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2.1 INTRODUCTION 

This chapter provides a review on the body of knowledge on vertical irregular structures. 

Current tools for the design, assessment and collapse simulation of vulnerable structures will be 

reviewed in the second section. Seismic demand modelling of buildings in Australia and the response 

spectral properties of seismic activities in this country as a representative of low to moderate seismicity 

region will be addressed in the third section.  

2.2 VERTICAL IRREGULARITY 

Architectural and aesthetical reasons and building facility requirements can cause structural 

irregularities throughout the height of the structure. The first part of this section describes provisions 

for irregularity in seismic design standards. The second part summarises the body of knowledge on 

vertical irregularity and the third part, focuses on particularly irregular buildings which have 

discontinuity and off-set in the load path. The fourth part deals with structures which are prone to have 

a weak storey at the ground level. 

 VERTICAL IRREGULARITY IN THE STANDARDS 

Different definitions for vertical irregularities are used in seismic design provisions for 

classifying vertical irregularities. The criteria provided by a number of such provisions are summarised 

in Table 2-1 (vertical geometric irregularity is excluded from this Table). Current Australian Standards 

for Earthquake Actions, AS1170.4:2007 [17], does not have any classification on various types of 

irregularities. 

In Table 2-1 following parameters have been used: 

𝑘𝑖 is the storey lateral stiffness at the ith storey, 

𝐹𝑖 is the storey lateral capacity at the ith storey, 

∆𝑖 is the drift at the ith storey, 

𝑎𝑗  is the horizontal offset at column j, 

𝑏𝑗 is the vertical distance between the base of the upper column and the top of the lower column j, 

𝑁𝑐 is the total number of columns at the level under consideration. 
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Table 2-1 Vertical irregularities in the seismic provisions 

No.  Irregularity UBC 97 [18] ASCE 7-10 [19] Eurocode 8 [20] NZS 1170.5 [21] IS 1893:2002 [22] 
Korean standard  

[23] 

Chinese standard 

 [24] 

1 
Stiffness Irregularity  

(Soft Storey) 

𝑘𝑖

𝑘𝑖+1
< 0.7,  

𝑘𝑖

𝑘𝑖+1
< 0.7,   The lateral stiffness of the 

individual storeys shall 

remain constant or reduce 

gradually, without abrupt 

changes, from the base to the 

top of a particular building. 

𝑘𝑖

𝑘𝑖+1
< 0.7,  

Weak Storey: 

𝑘𝑖
𝑘𝑖+1

< 0.7,  

𝐹𝑖
𝐹𝑖+1

< 0.7 

 

 

Soft Storey: 

𝑘𝑖
𝑘𝑖+1

< 0.8,  

𝐹𝑖
𝐹𝑖+1

< 0.8 

𝑘𝑖

𝑘𝑖+1
< 0.7,  

𝑘𝑖

𝑘𝑖+1
< 0.7,   

k𝑖
(k𝑖+1+k𝑖+2+k𝑖+3)

3

<

0.8  

k𝑖
(k𝑖+1+k𝑖+2+k𝑖+3)

3

<

0.8   

k𝑖
(k𝑖+1+k𝑖+2+k𝑖+3)

3

<

0.8  

∆𝑖

∆𝑖+1
> 1.3  

k𝑖
(k𝑖+1+k𝑖+2+k𝑖+3)

3

<

0.8   

2 

Extreme Stiffness 

Irregularity  

(Extreme Soft Storey) 

 -  

𝑘𝑖

𝑘𝑖+1
< 0.6,    

-  -   -    - 
k𝑖

(k𝑖+1+k𝑖+2+k𝑖+3)

3

<

0.7   

3 
 Strength Discontinuity 

(Weak Storey) 

𝐹𝑖

𝐹𝑖+1
< 0.8  

𝐹𝑖

𝐹𝑖+1
< 0.8  

 In framed buildings the ratio 

of the actual storey resistance 

to the resistance required by 

the analysis should not vary 

disproportionately between 

adjacent storeys. 

 
𝐹𝑖

𝐹𝑖+1
< 0.9   

𝐹𝑖

𝐹𝑖+1
< 0.8   

𝐹𝑖

𝐹𝑖+1
< 0.8  

4 

Extreme Strength 

Discontinuity 

(Extreme Weak Storey) 

-  
𝐹𝑖

𝐹𝑖+1
< 0.65   -  -   - -  

5 Mass Irregularity  
𝑚𝑖

𝑚𝑖+1
> 1.5  

𝑚𝑖

𝑚𝑖+1
> 1.5 

 The mass of the individual 

storeys shall remain constant 

or reduce gradually, without 

abrupt changes, from the base 

to the top of a particular 

building. 

𝑚𝑖

𝑚𝑖+1
> 1.5  

 

Or 

 
𝑚𝑖+1

𝑚𝑖
> 1.5  

𝑚𝑖

𝑚𝑖+1
> 2.0   -  - 
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No.  Irregularity UBC 97 [18] ASCE 7-10 [19] Eurocode 8 [20] NZS 1170.5 [21] IS 1893:2002 [22] 
Korean standard  

[23] 

Chinese standard 

 [24] 

6 

In-Plane Discontinuity in 

Vertical Lateral Force-

Resisting Element 

Irregularity 

-  

An in-plane offset of a 

vertical seismic force-

resisting element 

resulting in 

overturning demands 

on a supporting beam, 

column, truss, or slab. 

 

 

 
 

 All lateral load resisting 

systems, such as cores, 

structural walls, or frames, 

shall run without interruption 

from their foundations to the 

top of the building. 

  

The average of the 

absolute values of 

the tangent of the 

offset angle: 

∑
𝑎𝑗

𝑏𝑗

𝑁𝑐

𝑁𝑐
> 0.1  

  

Or 

For any single 

column or wall, the 

tangent of the offset 

angle: 

𝑎𝑗

𝑏𝑗
> 0.4 

-   - -  

7 
Out-of-Plane Offset 

Irregularity  
 - 

A discontinuity in a 

lateral force-resistance 

path, such as an out-of-

plane offset of at least 

one of the vertical 

elements.  

 

 
 

 - -   - 
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“Magnitude and distribution of inelastic demands are indicated by demand-capacity ratios 

(DCRs)” in FEMA 356 [14]. According to FEMA 356, “a severe weak story irregularity shall be 

considered to exist in any direction of the building if the ratio of the average shear DCR of any story to 

that of an adjacent story in the same direction exceeds 125%” [14].  

Although contemporary seismic design and assessment guidelines use static analysis methods 

for the analysis of buildings, codes stipulations on the applicability and limitations of the static analysis 

methods are very inconsistent. Most seismic design guidelines require dynamic analysis methods to be 

performed on irregular buildings.  

ASCE 7-10 [19] allows the use of Equivalent Lateral Force Analysis for buildings which do 

not exceed 50.0 m in height and possess only one of the following irregularity types: i) strength 

irregularity; ii) in-plane discontinuity in vertical lateral force-resisting elements; and iii) out-of-plane 

offset irregularity of lateral force-resisting elements. Special seismic load combinations for members 

below the level of discontinuity should be used. i.e. Columns, beams, trusses, or slabs supporting 

discontinuous walls or frames of structures having irregularity types of number 6 or 7 in the table. These 

members shall be designed to resist seismic load effects incorporating the use of the overstrength factor. 

Moreover, special considerations shall be taken for the design of diaphragms, chords, and collectors for 

irregularity types 6 and 7. 

Application of Lateral Force Method in Eurocode 8 [20] is restricted to regular buildings with 

a fundamental period less than the smaller of 2.0 s or four times the upper limit of the constant spectral 

acceleration branch. As alternatives to Lateral Force Method, Response Spectrum Analysis Method (or 

more sophisticated methods of analysis) shall be used. For irregular buildings, the reference values of 

behaviour factor shall be multiplied by 0.8. 

The use of Equivalent Static Analysis in NZS1170.5:2005 [21] is restricted to (i) regular 

buildings with a translational period less than 2.5 s or (ii) irregular buildings with the height less than 

10.0 m or (iii) with the largest translational period of less than 0.4 s. NZS1170.5:2005 standard requires 

Response Spectrum Analysis or Time History Analysis for the irregular buildings. For irregular 

structures over 15.0 m in height, a 3D model shall be provided for the analysis. In accordance with 

NZS1170.5:2005, for structures which are not classified as irregular, “where the base shear is less than 

80% of the base shear corresponding to the equivalent static analysis, the base shear found from the 

modal response spectrum method should be scaled up to 0.8 of the base shear found from the equivalent 

static method”. Concerning irregular buildings, “where the base shear is less than corresponding to the 

equivalent static analysis, the base shear found from the modal response spectrum method should be 

scaled up to base shear found from the equivalent static method”. 
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The Chinese standard [24] necessitates nonlinear analysis methods for irregular buildings 

possessing transfer features. According to the Chinese Standard for vertical irregular and plan regular 

structure, three-dimensional computer model shall be adopted. Seismic shear forces of weak storeys 

shall be increased by a factor of 1.15, and the nonlinear analysis shall be carried out. For the vertical 

lateral load resisting members, the internal forces shall be increased by a factor of 1.25-1.5. This enables 

horizontal members to transfer the loads. 

 PARAMETRIC STUDIES ON THE VERTICAL IRREGULARITY 

To date, a number of studies have been attempted to evaluate the impact of vertical irregularities 

on the dynamic response characteristic of structures. Soni et al., Stefano et al. and varadharajan et al. in 

three review papers discussed and summarised the literature on vertical irregularities [6-8]. Together, 

current literature outlines that generally vertical irregularity is constituted by mass, stiffness and 

strength irregularity types. The difference between these types of irregularities and the effect of various 

types of irregularities in a building has been investigated in the literature. It is shown that sensitivity of 

the structural response behaviour of the building in an earthquake is mostly influenced by strength 

irregularity. Stiffness irregularity followed by mass irregularity is the next vertical irregularities 

impacting on the seismic response behaviour of the building. Moreover, combinations of these 

irregularities have the worst effect on seismic performance behaviour [6-9]. A primary concern in the 

current literature is the modelling approach of the structural elements. Shear beam element in the 

majority of the cases for simplicity has been employed. In few studies, plastic hinge models are utilised 

which is closer to real behaviour. Thus far, a number of studies have attempted to evaluate Modal 

Pushover Analysis for vertical irregularities. They have reported that Modal Pushover Analysis in some 

cases did not have precise results in comparison with Nonlinear Time History Analysis. 

Valmundsson and Nau investigated a set of buildings with different heights and three types of 

mass, stiffness and strength irregularities [25]. These buildings are classified as vertically irregular in 

accordance with Uniform Building Code (UBC). Buildings which were considered as “shear structures” 

(i.e. stiffness of the beams is considered to be much greater than the stiffness of the columns in models). 

It was concluded that weak storey criterion in the standard did not appropriately reflect strength 

irregularity. Since estimation of strength for each storey, normally has a significant value of uncertainty 

(10-20%); Hence, it is expected that a structure that may be considered as regular structure (according 

to the code), may exhibit behaviour similar to that of an irregular structure. It has been suggested that 

this criterion should be changed to 1.0 for identifying discontinuity in the context of capacity modelling.  

Simplification in the design and detailing process for the sake of convenience, can result in 

strength irregularity which is introduced by Magliulo et al. [26, 27]. Reinforcements are often being 

kept constant for some of the beams and columns; which are usually designed based on the required 
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value for the most critical member. The same values have been used for other members of the same 

properties. Seismic performance of two sets of buildings with low and high ductility class in accordance 

with EC8 is assessed in terms of drifts and hinge rotations. In each class of ductility, three types of 

buildings exist. For every type, overstrength is just introduced to the beams or columns, or both the 

beam and column members. The plastic hinge modelling approach is used to analyse these buildings. 

In this study, irregular response behaviour in the low ductility class buildings has been evident for cases 

where there are overstrength in the beams. Regarding high ductility class models, the response 

behaviour of buildings that have been designed with overstrength or without the overstrength factor 

have been found to be similar. Hence, seismic design criteria of provisions for identifying strength 

irregularity fail to identify these buildings as irregular buildings.  

An irregularity index is introduced by Varadharajan et al. to identify mass and stiffness 

irregularities. This index accounts for irregularity location as well as its magnitude [28]. Seismic design 

provisions merely recognise the magnitude of the irregularity and neglect the irregularity location. 

Equations have been recommended to estimate the fundamental natural period, maximum roof drift and 

maximum drift for a structure in terms of the introduced irregularity index. The criteria for determining 

the fundamental natural period in codes of practice are based on the assumption that the deflected profile 

shape of the structure is linear, and this assumption may not apply to vertically irregular buildings. 

Parametric studies have been undertaken on seventy-eight buildings featuring different 

stiffness, strength and mass irregularities in the height of structure by Das et al. [29]. The lateral 

structural system of these buildings was Special Moment-Resisting Frames (SMRF). These buildings 

were designed in accordance with UBC and ACI 318-99, using the Equivalent Static Analysis code 

procedure. Use of this procedure in design is not authorised for these buildings. Structural elements 

were well detailed for high ductility, and capacity design principals were satisfied. Plastic hinges were 

allowed to be formed in the ends of beams. Even though in some cases buildings experienced a 

weak/soft storey, the study yielded results which reveal that some of these irregular buildings behaved 

well under seismic conditions. The authors made the recommendations to insert special provisions in 

Equivalent Static Analysis of the code procedure for the safer design of moment-resisting frames 

possessing vertical irregularities (or having partial infills). Moreover, damage indices were computed 

for these buildings. The estimated values were less than 0.4; which shows a repairable damage level for 

all case study buildings. However, it is essential to bear in mind that the swaying mechanism is 

developed in the first storey of the buildings by hinging in both ends of the column. Besides, the findings 

suggest that damage indices were insensitive to the extent of mass irregularity and its location. 

Chintanapakdee and Chopra assessed forty-eight 12-storey structures featuring individual 

stiffness and strength irregularities or their combinations in varying locations up the height of the 
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building [30]. The buildings were detailed and designed for ductile response behaviour incorporating 

capacity design principles. Modal Pushover Analyses were shown to provide accurate results when the 

irregularity was located in the middle or upper storeys. Modal Pushover Analysis has been found to be 

less accurate for structures with a soft or/and weak storey in the lower storeys as well as structures with 

strong or stiff storeys or their aggregation in the lower storeys. It has been argued that, although Modal 

Pushover Analysis is less accurate in some cases in the current study, it is still precise in informing the 

exact location when maximum drift can occur. 

Four 9-storey buildings with a dual configuration of shear wall and frame systems featuring 

various shear wall heights have been assessed experimentally by shaking table tests [31]. Structural 

components were well detailed and tuned to have flexural hinges in the beams. For structures with 

similar stiffness at the discontinuity point but distinct locations for the discontinuity, various seismic 

behaviour types have been observed. Therefore, the author is critical of the code criteria for using the 

ratio of strength or stiffness of adjacent storeys to identify a weak/soft storey. In this study, the static 

analysis method was found to be capable of showing the storey shear distribution between the shear 

walls and frames. In a follow-up study, a similar experimental test was carried out and compared with 

analytical results [32]. Seismic response behaviour of buildings has been simulated by linear and 

nonlinear static and dynamic analyses. Slipping of the reinforcement from beam-column joints and wall 

foundations were modelled by nonlinear simulations. Two types of buildings have been studied. The 

first type has a frame and a continuous shear wall system, and the second type has frames with a 

terminated shear wall which does not continue to the top of the building. Seismic performances of the 

buildings have been compared in terms of their beam ductility demand, drift, distribution of base shear 

up the height of the building and distribution of storey shear forces among the frame and wall systems. 

The most intriguing finding was that nonlinear methods had a better estimation of the non-uniform 

response quantities of the buildings in the storey above the terminated shear wall. The rotational 

ductility demand was higher in the discontinuity level. Both the linear methods of analysis 

underestimated the ductility demand value. The linear dynamic analysis did not have a distinct privilege 

to linear static analysis; whereas, the nonlinear static and nonlinear time history analysis methods were 

found to be appropriate for detecting the effects of structural discontinuities in a building. Dynamic 

procedures had a somewhat better height-wise distribution of the base shear. However, this 

improvement is not meaningful. Another parameter which was measured and compared with results of 

experiments was the inter-storey drift ratio. Dynamic procedures did not exhibit any improvement in 

the calculation of inter-storey drifts compared to the static analysis methods. Concerning the storey 

shear distribution between the frame and walls, while the linear dynamic analysis had been 

underestimated the wall shear forces for most of the cases, on the contrary, the linear static analysis had 

overestimated this value. But, nonlinear static and nonlinear dynamic analysis methods had a similar 
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estimation and it was close to experimental results for the wall shear forces. Overall, the dynamic 

analysis method has not been shown to have any significant improvements compared to the static 

analysis method. 

As mentioned earlier, Static Analysis procedure is restricted to the design of buildings which 

have no vertical irregularities. However, some studies have challenged the validity of these limitations 

to some extent; arguing that these constraints for setback structures are conservative. For setback 

structures which have extreme irregularities in the geometry, controversial opinions about applying 

Static Analysis procedure exist [6-8]. Wood performed an experimental study on setback structures 

[33]. It was concluded that fundamental mode controlled the response quantities of structure in terms 

of displacement and shear forces. Moreover, the magnitude of the displacement of different storeys was 

not affected by the frame shape and proportions of the components. Generally, in structures possessing 

weak columns and strong beams, higher mode effects were more significant, and more substantial storey 

drifts were observed in the upper portion of the structure. It is also highlighted that the drift profiles in 

the buildings were similar to the first elastic mode shape. Concerning analytical and experimental tests 

have been carried out in this area, some studies have reported that ductility demands and drifts in the 

top sections of setback structures are higher than the lower parts and no abrupt change can be identified 

up to the height of the building. Furthermore, the amount of drifts is usually less than the regular 

equivalent frames; however, some papers argued that the damage could be localised in the proximity of 

the setback level. Besides, results of Equivalent Static Analysis method are not precise in this zone. 

Controversial opinions exist on the comparisons of the distribution of lateral seismic loads using Static 

Analysis and Response Spectrum Analysis methods. Some researchers went one step further and 

suggested that the results of the design using all the linear procedures cannot preclude the development 

of unfavourable failure mechanisms in buildings [33-41]. 

 DISCONTINUITY AND OFF-SET IN THE LOAD PATH 

Discontinuity and off-set in the load path in the form of transfer beam and transfer plate, due to 

the functional and aesthetical requirements for the adjacent storeys, is a prevalent feature of irregularity. 

Seismic studies on this class of buildings have been performed both by experimental testing and 

numerical simulations as reported in the literature. 

2.2.3.1 Collapse assessment studies on the irregular buildings featuring discontinuity or off-

set in the load path 

Shaking table and pseudo-dynamic tests have been carried out for the experimental seismic 

performance assessment of transfer plate structures. Several studies have also reported results of 

analyses conducted on transfer plate structures. 
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Li et al. published results of a shaking table test performed on 1:20 scale micro-concrete model 

with 34 storeys above the transfer plate and a 3-level podium [10]. Codes use the ratio of the lateral 

stiffness or strength of adjacent stories to identify the presence of the soft/weak storey. While seismic 

regulations suggest a weak storey at the transfer plate level, results of shaking table test demonstrate 

that the majority of damage is above the level of the transfer plate. Authors criticised the use of the 

lateral stiffness ratio for identifying the existence of a soft storey in a tall building. 

Pseudo-dynamic tests with substructure techniques have been carried out by Li et al. on a 1:4 

scaled specimen, including the first two storeys of an 18-storey structure featuring a transfer plate in 

various seismic conditions [11]. Pseudo-dynamic test with substructure technique is a procedure for the 

assessment of buildings. It is much of a combination of numerical simulations on a part of a structure 

(substructure) coupled with experimental testing on the other part. In this study, transfer plate level with 

its upper storeys were selected for the lower substructure experiment, and the 3rd up to the 18th floors 

were simulated numerically. It has been concluded that the bottom of the transfer plate will be severely 

damaged in an earthquake. Results of experimental testing demonstrate that seismic design regulations 

for identifying the presence of a soft storey are not suitable for this type of high-rise structures. An 

alternative approach, such as the ratios of deflection and inter-storey drifts, were introduced in this study 

to identify the presence of a soft storey up the height of buildings [12]. 

A 1:25 scale shaking table test on a transfer plate structure was conducted by Wang [42].                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                  

The study investigated an asymmetrical plan to study the impact of asymmetry and torsional effects. 

Results indicated that most of the cracks are at the diagonal corners of the tested specimen due to the 

diagonal rocking of the substructure above the level of the transfer plate. 

In a review article by Su et al., mechanism of the shear concentration formation at the exterior 

walls and the load path in the lateral load resisting system was discussed. It was suggested that the 

detrimental excessive shear concentration in the exterior shear walls was mainly due to the flexibility 

of the transfer plate and its local deformation [13]. The sudden increase in shear force may result in 

brittle shear failure of the exterior wall above the transfer plate level. This can result in the formation 

of a weak floor at the storey just above the transfer plate level. 

More recently shear stress concentration in the exterior wall has been numerically studied. A 

new criterion namely “shear concentration factor” for the measurement of the intensity of shear stress 

concentration of the exterior wall has been proposed. Effects of transfer beams, exterior walls, central 

walls and columns, the height of storey above the transfer plate, elevation of the transfer structure and 

the stiffness degradation of the central wall below the transfer level on the introduced factor have been 

investigated [2]. Analytical studies demonstrated that even with a rigid transfer plate, shear force 

concentration could still exist in the exterior walls above the transfer plate level. Hence, it is suggested 
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that shear concentration in the exterior wall is due to the interaction of the coupled core wall with the 

other shear walls. 

Another analytical study of transfer plate in high rise buildings evaluates the applicability of 

various analysis methods for the seismic assessment of structures with transfer plate irregularity [43]. 

It was concluded that the modal response spectrum analysis has the most accurate results compared to 

the pushover analysis and equivalent static analysis methods. The possibility of the formation of a 

soft/weak storey below the transfer plate level which is owing to mega columns has been studied. 

Demands in terms of displacement and force were compared for wind and seismic forces in different 

areas of the building. Forces induced by the seismic demands are found to be greater than forces induced 

by the wind demands in areas below the transfer plate level and higher than the 18th floor. It was 

demonstrated that failures of mega columns might occur in some cases due to lack of ductility. It was 

argued that improving confinement and reducing stirrups spacing of the mega columns below the 

transfer plate level would not necessarily improve the overall ductility of the structure. Comparing the 

displacement demand of a structure with its capacity reveals that collapse would not occur in the seismic 

environment of Hong Kong. 

Wu et al. conducted a series of experimental and analytical analyses on tall buildings with high-

level transfer storeys [44]. Shaking table tests have also been conducted on the scaled simulated 

prototypes of transfer plate structures with transfer storeys at the 5th, 7th and 9th storeys with plexiglass 

material. The most interesting finding was that changing the vertical location of the transfer floor, might 

not result in any significant change to the natural periods nor mode shapes. Comparing the values of 

the drifts of the storeys just above and below the transfer floor level indicates that the value of the 

maximum drift in the transfer floor is slightly less than its adjacent storeys. The second critical finding 

was that shear force distribution up the height of the building increases gradually without any abrupt 

change at the level of the transfer floor. It is suggested from the linear time history analysis that the 

flexibility of the transfer plate might result in an increase in the internal forces of the columns below it. 

Nonlinear time history analyses indicate that by changing the vertical position of the transfer floor; 

inter-storey drift ratios may increase or decrease. 

Seismic response behaviour of a 53-storey structure with two distinct strengthened locations 

(including a high-level transfer storey) was evaluated by Lu et al. [45]. The 1:30 scaled model of the 

building was assessed through shaking table testings. 
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Figure 2-1 Experimental set up of shaking table test[45] 

Most of the damages were found to be concentrated on the mega columns (cracking, spalling 

and crushing) and trusses (bucking) of the transfer storey. Findings from these studies suggest that the 

tested structure met the requirement of no damage state for the frequent earthquake (allowable drift of 

1/50) and no collapse for the rare earthquake (allowable drift of 1/100). Authors have challenged the 

validity of the shaking table testing to a certain extent. It has been explained that there can be questions 

that need to be asked; whether, the size effect, dynamic simulation law, and some other aspects of 

conducting the experiment on the scaled prototype of the building appropriately might have affected 

the real behaviour. 

The collapse of 30-storey structures having column discontinuity in the frame members of the 

first storey was studied by Kim and Hong [46]. Buildings were geometrically regular, tilted and twisted. 

It was observed that the collapse potential of a tilted structure was more than the twisted structure. 

Overall, the collapse potential of these irregular buildings was found to be not significantly higher than 

regular buildings. This is because the tilted, or twisted, structures were designed with larger cross-

sections. 
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Figure 2-2 Collapse assessment of a tall regular and tall twisted and tilted irregular buildings by Kim and Hong. [46] 

Thuat studied the effect of irregularities due to the lack of one or more columns in the lower 

storeys [47]. The research was an attempt to ensure the development of a favourable failure mechanism 

for these irregular buildings. The favourable mechanism is a mechanism which prevents the creation of 

plastic hinges on the transfer beams.  It is expected that transfer beams, and their supporting columns 

respond elastically in a favourable mechanism. Favourable and unfavourable failure mechanism (as 

shown in Figure 2-3) for these irregular buildings were discussed and a factor namely “storey strength 

factor” was introduced to identify the favourable failure mechanism. Storey strength factor (𝑓𝑖) reflects 

the amount of overstrength and the backup strength of a storey against the lateral loads. The storey 

strength factor is defined as follows: 

𝑓𝑖 =
𝑉𝑠𝑖 − 𝑉𝑢𝑖
𝑉𝑢𝑖

 
2.1 

Where, 𝑉𝑠𝑖 is the strength of the ith storey prior to the formation of a failure mechanism, and 𝑉𝑢𝑖 

is the shear force at the ith storey. 

 

Figure 2-3 Desirable total failure mechanisms (a,b) and undesirable storey failure mechanisms at one or two 

irregular storeys (c,d) for vertical irregular buildings [47] 
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In the design process of an irregular building, the governing load combination for the design of 

transfer beams was found to be the gravity load combination. In this paper, the flexural plastic hinge 

modelling approach has been used. The storey strength factor contrary to the code criteria which 

compares the adjacent storeys properties is pertinent to the demands. According to results obtained, 

when this factor is about 0.2, the development of a desirable failure mechanism can be ensured. It has 

been argued that with irregular structures featuring discontinuous columns, a linear analysis procedure 

might not be representative of the actual seismic demand behaviour. 

A numerical investigation involving use of equivalent static analysis, response spectrum 

analysis and pushover analysis methods, was conducted by Li et al. on a 7-storey structure which has 

transfer beam irregularity. The capacity of the first-floor columns from these analyses was compared 

with results from manual calculations. Results obtained highlighted that the governing design load 

combination for a low-rise transfer structure is the combination of the dead and live loads, as opposed 

to the load case combination involving wind loads. In addition, it has been argued that pushover analysis 

procedure was accurate enough to evaluate the displacement capacity of a low-rise structure with 

transfer beam irregularity [48]. 

2.2.3.2 Shear wall-transfer beam/plate interactions 

To date, a number of studies have attempted to evaluate the impact of shear walls on supporting 

transfer beams/plates. In a study conducted by Kuang et al., it was shown that the span to depth ratio of 

the transfer beam, the span of the shear wall and stiffness of the supporting columns have a significant 

influence on the structural behaviour of shear wall-transfer beam structure [49]. 

 

Figure 2-4 Shear wall-transfer beam structure [49] 

Case study studies were performed on shear wall-transfer beam structures under vertical gravity 

loading. The distribution of the horizontal, vertical and shear stresses along the length of the shear wall, 

and transfer beam is depicted in Figure 2-5 to Figure 2-7. 
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Figure 2-5 Distribution of the vertical stress [49] 

It has been demonstrated that the load transfer path develops in the form of a primary and 

secondary arch shape. This arching effect explained the interaction between the shear wall and transfer 

beams. The profile for the vertical stress distribution can become uniform for elevations higher than a 

length equal to the transfer beam span from the face of the transfer beam.  

 

Figure 2-6 Distribution of the horizontal stress[49] 

One interesting finding is that shear wall will be in compression in any horizontal section for 

elevations less than a length equal to the transfer beam span from the face of the transfer beam except 

for the triangular area just above the mid-span. 

 

Figure 2-7 Distribution of the shear stress[49] 
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Results of analyses revealed that shear stresses would be induced in the interaction zone under 

vertical loads. Furthermore, they have shown that for the transfer beams with a span/depth ratio greater 

than 7.0, loads were transferred from the supports. Also, for the transfer beams with a span/depth ratio 

greater than 5.0, axial stress distribution profile up the height of the shear wall was linear. In addition, 

increasing stiffness of the supporting columns has been found to reduce the intensity of the arching 

actions. 

In further research, the interaction between the coupled shear wall with the transfer beam has 

been investigated by Kuang et al. [50]. A procedure has been proposed for the analysis of the coupled 

shear walls. First, the coupled shear wall is analysed assuming rigid supports. Then, by employing the 

suggested charts, interaction effects considering the flexibility of the supports will be modified.  

In relevant research with more focus on the design aspect of shear wall-transfer beams 

intersection, a set of design tables for providing a simple procedure for determining the interaction of 

the shear walls with the transfer beams are suggested [51]. The affecting parameters in the tables include 

column stiffness, span to depth ratio of the transfer beams and the ratio of beam-shear wall widths. 

The same authors undertook a comprehensive investigation of the transfer plate-shear wall 

interaction [52]. The parameters which affect the results were found to be similar to that of the transfer 

beam-shear wall structure. The paper has argued that the interactive height is the height above the 

transfer plate which equals the span of the transfer plate. Similar patterns of vertical, horizontal and 

shear stress profiles were observed for the transfer plate-shear wall structure compared to those 

observed for the transfer beam-shear wall structure. The idea of modelling of the interaction zone was 

evaluated. It was concluded that modelling the upper parts of the interaction zone will not influence the 

results in this zone. 

 WEAK FIRST STOREY 

Seismic performance of buildings possessing a weak/soft storey in the low to moderate seismic 

countries such as Australia was studied by Rodsin [53]. It has been found that most of the buildings 

were constructed in the 1960’s have not been designed for seismic actions. One interesting finding was 

that detailing of those buildings was consistent with provisions in AS 3600:2009 [54] for ordinary 

moment-resisting frames. These limited ductile buildings may indicate threats concerning the Life-

Safety performance level objectives. 
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Figure 2-8 A reinforced concrete building featuring weak storey [55] 

Shaking table tests on three 1:12 scale models of 17-storey buildings with weak/soft storeys in 

the lower parts and high torsional eccentricity has been carried out by Ko and Lee [56-59]. The buildings 

were detailed and designed in accordance with the Korean codes [23]. Three prototypes had different 

properties in terms of structural systems in the lower part of the structure and beneath the transfer floor. 

The first model was a moment-resisting frame. The second model was a dual system of moment 

resisting frames with the shear wall in the middle frame. The third model was similar to the second 

model; except that the shear wall was located in the exterior frames. A ductility displacement demand 

of 6.0 has been observed in the lower moment-resisting frames in the structure.  

One important outcome of the experiments was that adding a shear wall system to the lower 

part of the building can reduce shear deformations, but the difference in the base shear and overturning 

deformation was negligible. By comparing fundamental periods and empirical values from the codes, 

it has been revealed that the values were similar. It has been observed that the upper part of the structure 

behaved rigidly. The roof drift of the case study consists of shear deformation of the lower part (63%) 

and overturning deformation of the transfer floor (37%). Shear diagonal cracks in the shear walls and 

beam-column joints were also observed. Furthermore, some horizontal cracks appeared in the columns. 

Large cracks in the slabs around the columns have also been observed. The seismic response 

coefficients obtained from the tests were about three times of code predicted values. The collapse failure 

mode of the structure was sway mechanism. Comparison between the linear elastic dynamic analysis 

and experimental results revealed significant differences. 
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Figure 2-9 Comparing the results of different analysis procedures with the experimental data for some columns[56] 

Because of the limited capacity of the shaking table relative to the weight of the specimen, the 

total mass of the model was half the required weight for the scaled prototype. Therefore, the peak ground 

accelerations of the records were doubled. Perhaps the limitation of the capacity of the shaker table is 

the most significant drawback of the shaking table tests. One of the shortcomings of the experiment was 

that wires had been used to represent reinforcements of the prototype. However, this material may not 

adequately reflect real behaviour of the reinforcements used in practice. 

Extensive evaluation study on the retrofitting of transfer floor buildings was presented by Shin 

et al. [55]. A benchmark damaged RC building featuring weak storey in the ground level was tested 

following application of successive earthquakes and aftershocks. Results were compared with that 

obtained from a building that was retrofitted with buckling-restrained braces (BRB) at the first storey 

level. Fragility curves were constructed for the building. It has been shown that the retrofitting effect of 

the added BRBs was significantly effective for the Life-Safety performance level as opposed to the 

Immediate Occupancy and Collapse Prevention performance levels. 

2.3 ANALYSIS PROCEDURES 

 LINEAR STATIC ANALYSIS 

Linear static analysis method comprises two principal components: (I) Seismic weight, and (II) 

A coefficient correlating the base shear force with the seismic weight. 

I. Seismic weight is the amount of gravity loads which is expected that at the occurrence 

of an earthquake event participates in the horizontal direction. Seismic weight is 

constituted by the dead loads (or permanent actions) and the portion of the live loads 

(or imposed actions) which is expected to present at the duration of an earthquake 
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event. Each seismic provision prescribes a specific value for the percentage of these 

loads based on the different functions for a structure. 

According to AS1170.4:2007 [17], seismic weight is: 

𝑤𝑡 =∑𝐺𝑖 +∑Ψ𝑖𝑄𝑖 
2.2 

Where,Ψ𝑖is the earthquake-imposed action combination factor, 𝐺𝑖 is the permanent 

action, and 𝑄𝑖 is the imposed action for each occupancy class on level i. Suggested 

values of Ψ𝑖 factor can be found from standard. 

II. The other component (coefficient) is the amount of maximum acceleration which the 

structure is expected to be exposed due to earthquake motions. 

In accordance with AS1170.4:2007 [17], base shear can be estimated by Equation (2.3). 

V = 𝐶𝑑(𝑇1).𝑊𝑡 2.3 

Where, V is the base shear, 𝐶𝑑(𝑇1) is the horizontal design action coefficient, and 𝑊𝑡 is the 

seismic weight. The horizontal design action coefficient, 𝐶𝑑(𝑇1), is the spectral acceleration at the 

fundamental period.  

The horizontal design action coefficient, 𝐶𝑑(𝑇1), shall be calculated by Equation (2.4). 

𝐶𝑑(𝑇1) = 𝑘𝑝𝑍𝐶ℎ(𝑇1)
𝜇

𝑆𝑝
 2.4 

Where, 𝑘𝑝 is the probability factor for the annual probability of exceedance, Z is the hazard 

factor. This factor is the peak ground acceleration (in the unit of g’s) which is expected to occur on 

bedrock for a rate of exceedance probability of 10% in a design life of 50 years. 𝜇 is the structural 

ductility factor and 𝑆𝑝  is the structural performance factor.  𝐶ℎ(𝑇1)  is the spectral shape at the 

fundamental period. 

The recommended value of 𝑘𝑝 factor for each hazard level and Z for each location can be 

obtained from AS1170.4:2007. Section 2.4.1 provides more details for these two factors. 

For the design purposes, the effect of nonlinearity of the building can be obtained indirectly by 

assuming a ductility factor and an overstrength factor with respect to the design requirements.  𝜇 and 

𝑆𝑝 are factors which are relating the response behaviour of an elastic system to its inelastic response 

behaviour. These factors can be obtained for each structural system type from AS1170.4:2007. 

CHAPTER 6 has a comprehensive review of the details of the existing methods for calculating these 
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factors; and finally, it assesses the suggested values of AS1170.4:2007 by conducting nonlinear 

analyses. 

The spectral shape factor (𝐶ℎ) depends on the soil class. This value illustrates the intensity of 

amplification of ground motion from the source of rupture (bedrock) at each frequency. The 

recommendations of this factor can be found accordingly from the seismic design standards. 

The last component of this procedure is the value of the period of the equivalent SDOF system, 

where the system is responding to an excitation. Since at the start of design this value is unknown before 

proportioning of the sections and elements, AS1170.4:2007 approximates the fundamental value by a 

simple equation which is based on the height and structural system of a building. In the next chapters, 

it will be illustrated that how this assumption may result in inaccuracies in the prediction of the response 

values. 

It can be observed that the Equivalent Static Analysis procedure is assuming that the structure 

is responding entirely in the first mode of vibration by assigning the whole seismic mass to the first 

mode. This is the other source of inaccuracies in this method. 

The next step in the Equivalent Static Analysis method is the distribution of base shear at each 

floor level. Similar to the value of fundamental mode which is unknown at the beginning of a design 

process, the first mode shape is unidentified. Hence, each seismic provision has a sort of 

recommendations which assists the designer to have an estimation of the mode shape at the start of 

design. These recommendations are based on the assumption of gradual reduction of mass and stiffness 

on the height of a building. These assumptions are the last shortcomings of this method. 

The lateral force (F𝑖) at each floor level according to AS1170.4:2007, is calculated by Equation 

(2.5). 

F𝑖 =
𝑤𝑖ℎ𝑖

𝑘

∑ 𝑤𝑗ℎ𝑗
𝑘𝑛

𝑗=1

𝑉 
2.5 

Where, 𝑤𝑖 is the weight of floor i, and ℎ𝑖 is the elevation of floor i. k is the seismic distribution 

factor. The method for the calculation of this factor is presented in the standard. 

 LINEAR DYNAMIC ANALYSIS (RESPONSE SPECTRUM ANALYSIS) 

Linear dynamic analysis or so-called response spectrum analysis (or modal analysis) is based 

on the assumption that “response is the superposition of the responses of individual natural modes of 

vibration, each mode responding with its own particular pattern of deformation (the mode shape), with 

its own frequency (the modal frequency), and with its own modal damping” [16]. 



Chapter 2- Literature Review 

 

34 

 

An Eigen-value analysis is carried out by having the seismic mass of each floor and the stiffness 

matrix. Values of modal periods can be obtained from Eigen-values in an Eigen-value analysis, and 

subsequently modal shapes are the Eigen-vectors in this analysis.  

In this method, displacement at the floor i and mode j (𝛿𝑖,j) and the corresponding lateral load 

(𝐹𝑖,j), can be obtained by: 

𝛿𝑖,j = Γj. 𝜙𝑖,j. 𝑅𝑆𝐷(𝑇j) 2.6 

𝐹𝑖,j = 𝑚𝑖Γj. 𝜙𝑖,j. 𝑅𝑆𝐴(𝑇j) 2.7 

Where, Γj  is the participation factor of mode j, and 𝜙𝑖,𝑗 is the mode shape value at the ith level 

of the building in the jth mode of excitation. 𝑅𝑆𝐴(𝑇j) and 𝑅𝑆𝐷(𝑇j) are spectral acceleration and spectral 

displacement at the jth mode of vibration. RSA values can be compared with the 𝐶𝑑(𝑇1) factor in the 

Equivalent Static Analysis method. Hence, in terms of converting the linear response to the nonlinear 

response behaviour, both methods employ the same approach. 

For conducting response spectrum analysis, if the smoothed spectrum of the code has been 

used; in practice, 𝐶𝑑(𝑇1) and  𝑅𝑆𝐴(𝑇1) factors will be equal. In place of using the code spectrum, 

employing at least seven spectra from various scenarios can enhance the capability of response spectrum 

analysis method in comparison to the static analysis method which is merely based on the smoothed 

spectrum of the code. This can make this method more favourable since it can consider the accentuation 

of higher modes due to local spikes in the response spectrum of the time history records at certain 

periods. 

Each quantity in this method will be obtained by superposition of individual response values of 

each mode. According to most of the seismic provisions, at least the first three modes of vibration (when 

required, some further numbers of modes to ensure that more than 90% of the total mass is participating 

in the oscillation for the direction under consideration) shall be used. As a consequence of the 

superposition of modal response quantities, equilibrium is not satisfied, and calculated quantities do not 

have signs.   

Currently, two combination rules are commonly well established for this method. In the first 

method, square-root-of-the-sum-of-the-square (SRSS) combination of the response values of each 

quantity of the modes, estimates the quantity at the earthquake event. The other method (so-called CQC 

Method) can also be used in cases where the modal periods are closely spaced. 
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 NONLINEAR STATIC ANALYSIS (PUSHOVER ANALYSIS) 

The nonlinear Static Analysis procedure is a tool for evaluating the seismic response behaviour 

of a system by converting the multi-degree of freedom system properties to an equivalent single-degree 

of freedom system. This procedure is capable of illustrating “the nonlinear response of a structure 

ranging from initial elastic response through development of a failure mechanism and initiation of 

collapse” [16]. Lateral resistance is being measured against lateral displacement of a reference point 

which is usually the roof displacement. 

As lateral displacements are progressing, by conducting this method of analysis, lateral strength 

starts to deteriorate until critical elements fail and eventually a mechanism forms. At this state, induced 

forces due to the P-Delta effects, exceed that of residual strength of immensely laterally displaced 

elements, and consequently, these elements lose their stability [16]. 

A study conducted by Elnashai indicated that pushover analysis is a powerful and simple 

technique that could be used as a primary tool for the seismic analysis as an alternative to nonlinear 

time history analysis [60]. One can describe the Nonlinear Static Analysis procedure components as 

follows: 

1) Prescription of a loading pattern which is increasing monotonically. 

2) Monitoring the reference point displacement (usually the roof). 

3) Calculating the corresponding force in the incremental solution. 

4) Imposing the forces to the other stories in accordance with the loading pattern. 

FEMA 369 commentary debates that although this method is capable of displaying the yielding 

sequence, it is only right when the load pattern induces displacements which resemble what the ground 

motions produce [16]. 

Implementation of Modal Pushover Analysis (MPA) for the frame-shear wall structures is 

assessed and compared with the conventional methods of Pushover Analysis for different intensities of 

earthquake levels and different heights of structures, and the evaluation of results by comparing to 

precise results of nonlinear time history analysis [61]. Conventional constant load patterns used for the 

evaluation of structures may not consider the proper behaviour of the structure in which their higher 

mode effects are not negligible.  

FEMA 356 [14] requires that one loading pattern be selected from each of the loading pattern 

groups. 

 



Chapter 2- Literature Review 

 

36 

 

Table 2-2 Pushover load pattern based on the FEMA 356 [14] 

Group 1 comments Group 2 comments 

1) Proportional to the 

Equation 
𝑤𝑖ℎ𝑖

𝑘

∑ 𝑤𝑗ℎ𝑗
𝑘𝑛

𝑗=1

. 

At least this mode 

should have 75% of the 

mass participation. 

1) Proportional to the 

total mass at each 

level. 

- 

2) Proportional to the shape of the 

fundamental mode in the 

direction under consideration. 

At least this mode 

should have 75% of the 

mass participation. 

 

2)  Adaptive load 

distribution based on the 

deformed shape of the 

structure. 

 

The load pattern 

considers the 

properties of the 

yielded structure. 

3) Proportional to the storey shear 

distribution calculated by 

combining modal responses 

from a response spectrum 

analysis of the building. 

Applicable when 

fundamental mode 

exceeds 1.0 second. 

- - 

 

Miao et al. concluded that pushover procedure with SRSS load pattern procedure is accurate 

enough to predict the seismic demands of mid-rise frame-shear wall structures due to the low effects of 

the higher order modes [61]. However, for high-rise frame-shear wall structures, Modal Pushover 

Analysis method is more accurate than other pushover analysis methods. 

Nakamura et al. investigated different pushover methods for buildings with flexible diaphragms 

[62]. The N2 method, modal pushover analysis and adaptive capacity spectrum method have been 

utilised and compared with accurate results of time history analyses. It is concluded that the Modal 

Pushover Analysis method has the most accurate results for unreinforced masonry buildings with 

flexible diaphragms. 

The N2 analysis method uses an invariant loading pattern. The displacement demand is found 

by response spectrum analysis of an equivalent single degree of freedom (SDOF) bilinear model. The 

conversion of the multi-degree of freedom (MDOF) system to a SDOF system is performed by utilising 

the fundamental mode shape. Hence, it is expected that higher mode effects to be neglected using this 

method. The N2 method assumes a rigid diaphragm for the floors. 

Chopra and Goel introduced a new pushover procedure for estimating the seismic demands 

[63]. The procedure is applicable to asymmetric floor plans with a high amount of torsion. The effects 

of the higher modes have also been considered. A step by step summary of the Modal Pushover Analysis 

(MPA) method is explained in this paper. Modal pushover method assumes that following the yielding 
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of a structure, the vibrational modes are decoupled. Besides, this method uses the modal combination 

rules which are suggested initially for linear elastic systems. 

However, according to ASCE 41-06, “recent research has shown that multiple load patterns do 

little to improve the accuracy of nonlinear static procedures and that a single pattern based on the first 

mode shape is recommended” [15]. Furthermore, FEMA 369 commentary criticises the use of 

deformation-dependent load patterns. Concerning the fact that using variant load patterns requiring 

heavy labour and massive time for conducting a nonlinear static analysis, it is violating the initial 

intention for the use of this procedure which is applying a simplified approach [16]. It is argued further 

that complicated load patterns can enhance the precision only to some extent. 

 TIME HISTORY ANALYSIS 

Nonlinear time history analysis is a deformation-based procedure of analysis which estimates 

the response behaviour of a building through numerical integration of the equations of motions for a 

specific ground motion record. In this method, forces and displacements can be estimated at each node 

and element in a finite element model [16]. 

The nonlinear time history Analysis method can be applied to evaluate the seismic performance 

of a building in terms of maximum drift, residual drift, damage mechanism and failure pattern and 

overall seismic performance level. The most significant advantage of the use of the time history analysis 

method is that the response behaviour of the structure is evaluated at each time step and consequently 

provide a more accurate simulation at different stages of the seismic response values.  

Nonlinear time history analyses require a more detailed and sophisticated mathematical 

modelling formulated to capture the hysteretic properties (loading, reloading, unloading, strength 

degradation and pinching). In this method, stiffness and strength of elements would need to be modified 

based on the state of the building at each time step throughout the duration of the record. 

A major inherent drawback with the use of this method of analysis is that minor mathematical 

modelling differences can result in totally different response values. It is rarely the case that currently 

available tools and elements are capable of accurately representing the response behaviour of every 

element type within the building. Verification of modelling techniques and the use of each element type 

and even interpretation of the outputs shall be carried out by competent experts. 

Moreover, slight variations in the ground motion records can bring about significant differences 

in the predicted response behaviour. This conveys more attention to the choice and number of records 

by the expert engineers. For design purposes, seismic provisions necessitate that a set of minimum seven 

ground motion records be used for estimating the design actions. It is permitted to use the mean values 

of the response values to design and proportion the members as a minimum requirement. However, if a 
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set of less than 7 ground motion records utilised, maximum values of design actions shall be selected 

in accordance with the seismic standards [16]. 

Hence, for checking the adequacy of the design it is rare to develop nonlinear models and 

perform numerous time history analysis by proficient engineers. In addition to the requirement for the 

high capability and qualification for the judgements, time history analyses are cumbersome and time-

consuming and sometimes not practical for commercial use. 

2.3.4.1 Ground Motions Selection 

Two different approaches attempt to provide ground motions for the analysis.  The first method 

uses historical ground motions. A considerable amount of literature has been published on the selection 

of ground motions. (e.g. [16, 19, 64]) These studies suggest that records shall be selected in accordance 

with the geo-seismological characteristics of the building site such as source magnitude, source type, 

site conditions and source-to-site distance. In addition, records with PGA greater than 0.2 g and PGV 

greater than 15 cm/sec can be selected (these criteria generally represent the threshold of structural 

damage) [16]. However, these criteria seemed to be compatible with the regions of high seismicity. 

Ground motions available in the PEER strong motion database are a good resource for this purpose  

[65]. An alternative method for providing ground motions is generating artificial records. Some 

available software can generate stochastic records for a specific geo-seismological zone and intended 

intensity [66, 67]. 

2.3.4.2 Scaling Ground Motions 

Different criteria for scaling ground motions and response-spectrum matching is discussed and 

explained in the PEER report [65]. A procedure is outlined to modify historical records such that it 

matches the target spectrum corresponding to the site of interest. ASCE 7-10 requires that “for each pair 

of horizontal ground motion components, a square root of the sum of the squares (SRSS) spectrum shall 

be constructed by taking the SRSS of the 5-percent damped response spectra for the scaled components. 

Each pair of motions shall be scaled such that for a period between 0.2T and 1.5T, the average of the 

SRSS spectra from all horizontal component pairs does not fall below the corresponding ordinate of the 

response spectrum used for design” [19]. 

Geometric-mean scaling method can also be used for scaling of the records. In this method, it 

is attempted to preserve record-to-record dispersion of spectral ordinates and spectral shapes of the seed 

of ground motions [68]. 
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2.4 SEISMICITY IN AUSTRALIA 

Australia is considered to be a low to moderate seismic zone which has intraplate seismic 

activities. Earthquake events in Australia take place in shallow depths (≤40 km depth) within Indo-

Australian plate [69]. Almost all Australian earthquakes have mechanisms with horizontal compression 

producing reverse or thrust faults [3]. East Australia region has younger and softer rocks. Hence, they 

are able to attenuate the seismic waves in comparison to the central and western Australia which has 

colder and harder rocks. Inherent nature of intraplate Australian seismic activities causes that 

earthquakes in Australia show large peak ground accelerations and velocities which are similar to a 

near-field event properties [69]. Due to the intrinsic characteristic of intraplate seismic activity in 

Australia, earthquakes have unpredictable location and time in this region, which increases the necessity 

to assess the vulnerable Australian building stock against seismic loading [70]. It is well accepted that 

“Australia has large earthquakes, but they occur infrequently” [3]. In 1989, a 5.6 magnitude earthquake 

caused $4 billion of damage in Newcastle, Australia. 13 people died and 160 were injured. 

Approximately 75% of multi-storey buildings and 50% of single storey buildings were damaged 

severely [4].  

 SEISMIC HAZARD MODELLING OF BUILDINGS 

Minimum loading requirements in Australia is specified in AS1170.4:2007 standard [17]. 

Section 2.3 illustrates the details of seismic design methods in accordance with AS1170.4:2007. It has 

been discussed that Equivalent Static Analysis and Response Spectrum Analysis methods are commonly 

in the design practice where spectral values (ordinates) are determined prior to analysis. 

 Spectral values in AS1170.4:2007 are based on the uniform hazard spectra considering the soil 

class, site hazard factor and a probability factor accounting for the probability of exceedance of a certain 

level in the 50 years design life of a structure.  

In the code suggested spectrum, 𝑘𝑝  is the probability factor for the annual probability of 

exceedance, Z is the hazard factor. Hazard factor is the peak ground acceleration (in the unit of g’s) 

evaluated on the bedrock, for a rate of exceedance probability of 10% in a design life of 50 years. 

Expected return period for some case-scenarios are presented in Table 2-3. 
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Table 2-3 Earthquake Hazard Levels 

Earthquake Having Probability of Exceedance Expected Return Period (years) 

50%/50 year 72 

20%/50 year 225 

10%/50 year 474 

2%/50 year 2475 

 

The Probability factor (𝑘𝑝) in accordance with AS1170.4:2007 [17] for the various annual 

probability of exceedance is reported in the standard. In the seismic standard, the design of most of the 

buildings including residential buildings is based on the level of events that have 10% probability of 

exceedance in a design life of 50 years. This is the basic level for a design, and consequently, the 𝑘𝑝 

value equals to 1.0 for this level. 

 RESPONSE SPECTRAL BEHAVIOUR OF REGIONS OF LOW TO 

MODERATE SEISMICITY 

Displacement-controlled behaviour is a feature that can be utilised to analyse structures with a 

high natural period in low to moderate seismic zones. The displacement demand remains constant for 

structures which have a natural period equal to or greater than the second corner period of the 

displacement response spectra [71]. The component attenuation model developed by Lam et al. enables 

the consideration of both source and crustal modelling for predicting the maximum displacement and 

velocity for intra-plate regions [72]. A bi-linear displacement response spectrum is developed for these 

regions by Lumantarna et al. [73] (Figure 2-10). 

 

Figure 2-10 Bi-linear displacement response spectrum [73] 

Displacement-controlled behaviour means that the peak displacement demand of a structure 

with a high natural period is a function of strong motion magnitude and source distance instead of their 
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geometry and structural properties. The principle of displacement-controlled behaviour has been 

applied to assess the seismic performance of strength-degraded structures [74, 75] and risk of 

overturning of rigid objects [76]. The overturning and rocking behaviour of rigid objects has been 

studied by Kafle et al. [76], both analytically and experimentally. It is revealed from analyses that the 

overturning of an object is controlled by the displacement demand applied to the object rather than the 

peak acceleration, and the risk of overturning is not sensitive to the aspect ratio and the height of the 

objects when the thicknesses of the objects in the direction of excitation remained constant. Also, the 

risk of overturning is reduced by increasing the width of the objects when the aspect ratio is constant. 

Displacement-controlled behaviour has been used to produce drift estimates of asymmetrical 

buildings [52]. It has been demonstrated that different types of irregularities in the plan have a negligible 

influence on the displacement demand in the buildings with displacement-controlled behaviour [71]. 

The peak displacement demand values of the structural members of structures with asymmetry are 

shown to be less than 1.6 times of the maximum response value of the displacement spectrum [77]. A 

generalised procedure to estimate drift demands of multi-storey buildings have also been proposed 

based on displacement-controlled behaviour. 

2.5 SUMMARY 

Several studies have attempted to investigate the seismic performance of vertical irregular 

buildings. The focus of the preliminary investigations in this field was on the classification of 

irregularity types and their distinct/combined effects on the response behaviour of the irregular 

structures. Some studies outlined that criteria in the codes of practice for identifying the vertical 

irregularity are not representing the actual behaviour of these structures.  

Most of the studies in the literature used basic frame models with less realistic element types, 

section sizes and dimensions. Besides, few studies addressed the seismic performance of vertical 

irregular buildings featuring discontinuity or off-set in the load path. These studies have highlighted 

that vertical irregular buildings featuring transfer plates can suffer from severe damage in low to 

moderate seismic zones. The number of researches dealt with the vulnerability assessment of buildings 

featuring transfer beam irregularity type possessing limited ductile components (representing 

Australian building stock) is believed to be more critical. 
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3.1 INTRODUCTION 

Architectural and functional requirements such as the need for having column-free space and 

the change in the level of occupancy of adjacent storeys can cause vertical discontinuities on the load 

bearing systems of buildings. The discontinuous columns are positioned on top of the beams at the 

irregular floor. This type of beams (Transfer Beams) are normally deeper than a conventional beam 

which has a column beneath. The procedures for the design of deep beams has been reviewed in Section 

3.2. 

Elastic structural response behaviour of buildings which are supported by reinforced concrete 

shear walls/cores and moment resisting frames with discontinuous columns within the building heights 

is investigated in Section 3.3. This type of buildings makes up the majority of building stock in 

Australia. There is a need to improve our current understanding of the seismic response behaviour of 

this class of buildings. The objective of this chapter is to examine the dynamic modal behaviour for a 

range of building models featuring buildings that possess vertical irregularities in their gravity load 

carrying frames and to identify the common pattern of their behaviour.  

3.2 FLEXURAL AND SHEAR BEAMS 

Two basic components contributed to beam deflection behaviour in bending. The primary 

component of deflection is flexure. A pure flexural deflection can happen when the plane sections of 

the beam, remain plane sections after the bending. If the plane sections of a beam deflect, the beam will 

have a further deflection due to the shear [78]. In accordance with AS3600:2009 [78], beams can be 

considered as deep beams (with significant shear deflections) when their span to depth ratio is less than 

1.5 for cantilever beams, 3.0 for simply supported beams and 4.0 for continuous beams. 

3.3 DESIGN OF DEEP BEAMS 

 CEB-FIP METHOD FOR THE DESIGN OF THE BUILDINGS 

A methodology by CEB-FIP Model Code [79] for the design of deep beams has been 

recommended. According to this method, beams are being classified as deep beams which have span-

to-depth ratios of less than 2.0 for the simple beams, 2.5 for the continuous beams with two-spans and 

3.0 for the three or more span continuous beams [80]. The design process in this method is based on the 

required area of tensile reinforcement at sections with the maximum moment. In the next step, the code 

provides recommendations for assigning and distributing the amount of computed steel reinforcement 

at distinct locations of the beam depth with respect to the beam support conditions. The details of the 

procedure of the method are presented in Appendix A1.  
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 STRUT AND TIE METHODOLOGY FOR THE DESIGN OF DEEP BEAMS 

In the case of non-flexural members or in the non-flexural regions of members, Euler-Bernoulli 

hypothesis is not valid, and plane sections do not remain plane. This might be the result of a point load 

or discontinuity applied to a non-flexural member. St. Venant’s principle suggests that the effect of 

local point load disappears at a distance equal to the depth of the section.  

Strut and Tie Methodology assumes that concrete in the vicinity of a discontinuity or a point 

load, cracks and deforms in such a way that a load path similar to a truss system to transfer the loads by 

means of tensile and compression members, develops in this area. 

Struts are the portion of concrete which are transferring loads to other members of the analogous 

truss system by acting as compression members. Ties are the part that can behave as tensile elements 

of a truss system. The part of concrete where the struts and ties have intersection is the nodal zone. 

A designer should identify a reliable load path which is capable of satisfying equilibrium 

conditions while the amount of load which is transferring in each individual strut and tie members and 

nodal zone faces, do not exceed the capacity of that member. Hence, suggesting an equivalent truss 

system, nodal geometries, widths of the strut and tie members are key parameters for designing non-

flexural members. AS3600:2009 [78] has a series of requirements in terms of the maximum allowable 

inclined angle of the strut and ties, load and strength factors and reinforcing details for the strut and tie 

members for this purpose. Designers should ensure that the suggested analogous truss system is in 

equilibrium and the truss elements with the assigned sizes can embed in the non-flexural member.  

For the design of transfer beams in this study, when the ratio exceeds the limits of flexural 

members, Strut and Tie Methodology in accordance with AS3600:2009 is adopted to design these beams 

as non-flexural members. For the initial positioning and preliminary proportioning of the strut, tie and 

nodal members, CAST software (Computer Aided Strut-and-Tie Design Tool) [81] has been used in this 

research. Results of the initial design have been revised and completed by hand calculations. An 

example of the use of the strut and tie method in CAST is illustrated in Figure 3-1. 

 

Figure 3-1 Strut and Tie Methodology for the design of non-flexural beams according to AS 3600:2009 
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3.4 ELASTIC RESPONSE BEHAVIOUR OF BUILDINGS FEATURING 

TRANSFER BEAM IRREGULARITY 

The seismic response behaviour of irregular buildings has been studied extensively for decades. 

Many of the studies were aimed at investigating the effects of vertical irregularities (of strength, 

stiffness and mass) on the seismic response behaviour of the building [6-8, 25-28]. Our knowledge on 

the potential post-elastic behaviour of various forms of construction, including buildings featuring 

irregularities, in extreme conditions is continuously enriched, but analysis methodologies in design 

practices remain largely unchanged. In the force-based (FB) analysis methods, the behaviour factor (q) 

forming part of the code Lateral Force Method (in Eurocode 8 [82]) or the structural response factor 

Sp) forming part of the Equivalent Static Analysis Method (which is provided for in the Australian 

standard [17]) is to take into account the behaviour of the structure in post-yield conditions. A 

substantial amount of studies that had been reported in the literature was about evaluating the potential 

performance of structures that had been designed by elastic analyses as per FB codified rules for 

vertically irregular buildings including those featuring setbacks. However, findings reported in these 

studies have been contradictory [33-41]. Contemporary FB design methods based on linear elastic 

behaviour can either be in the form of static analysis methods (based on treating seismic actions as 

equivalent lateral forces that are applied to the side of the building) or elastic dynamic analysis (based 

on principles of modal superposition and use of a design response spectrum). Most codes of practice 

also require the building to be free of irregularities in order to be subject to static analyses. There are 

limitations associated with the use of dynamic analyses especially in regions of low to moderate 

seismicity. The shortcomings of dynamic analysis are to do with difficulties in evaluating results 

reported by the computer against any established benchmarks. The dynamic analysis of a structure is 

often treated as black box since few engineers have the skills to evaluate results that are reported by the 

computer. On the other hand, the equivalent static analysis method generally assumes that stiffness and 

mass quantities are gradually decreasing up the height of the building. Thus, the applicability of this 

method on irregular buildings can be restricted. There is a need to improve our current understanding 

of the seismic response behaviour of this class of buildings. 

3.5 DESCRIPTION OF CASE STUDY MODELS 

Seventy-five case study buildings featuring shear walls and moment-resisting frames with 

vertical irregularities have been analysed. The Floor Plan Type 1 models are inspired by Redmond 

Barry Building which is located on the University of Melbourne campus. The original building has 12 

storeys. The architectural layouts are presented in Appendix A3. Structural elements were modelled 

with real dimensions taken from site inspections and architectural drawings for the 12-storey buildings 

(of Floor Plan Type 1). The rest of structural floor plans of the example buildings which have been 
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included in this study were not copied from any as constructed drawings of specific existing buildings 

(because of the need to observe copyright rules). However, typical floor plans of a few real buildings 

constructed in Melbourne were used as the reference in the design of the example building models to 

ensure that the example buildings were representative of real buildings. These buildings are all laterally 

braced by a combination of structural core walls and moment-resisting frames. 

Individual buildings differ from each other in an infinite number of ways. Thus, generalising 

the dynamic modal behaviour of buildings into one model might seem impossible. To overcome this 

challenge, the modelling strategy was to first identify the key parameters controlling the dynamic 

(modal) properties of the building. It was revealed by Chopra & Cruz [83] that the dynamic behaviour 

of a building as a whole in the elastic range is essentially dependent on two parameters: the natural 

period of vibration of the building and the proportion of contributions by the moment-resisting frames 

to the total lateral resistance of the building. The strategy adopted in this study was accordingly to 

design building models that possess a range of values of these two parameters that are within the 

respective limits found in the current building stock. 

Building models that have been included into the study are grouped into five floor plan types 

of varying contributions by moment-resisting frames. These models are of varying heights (of 6, 9, 12 

and 15-storeys) to cover for a range of natural period of vibration. In the current study, contributions of 

moment-resisting frames to the lateral resistance of the buildings, are higher in Floor Plan Types 2, 3 

and 4 than that of Type 1 (Figure 3-2 to Figure 3-5). Floor plan type 5 had cantilever transfer beams 

overhanging at the 1st floor level to result in an offset of the vertical load path (Figure 3-6 to Figure 

3-8). Individual building models of the same floor plan type differ from each other in the location and 

extent of vertical irregular features such as discontinuity (and offset) of the columns. A total of 75 

example building models have been generated for parametric studies. Details of the inter-storey height 

and the location of column discontinuities within the building are summarised in Table A2.1 (of the 

Appendix A2). 

 

Figure 3-2 Floor Plan Type 1 - locations of discontinued columns (circled) 

3

2

1

A B C D E F G H I J K L M

4.6 4.6 4.6 4.6 4.6 4.6 4.6 4.6 4.6 4.6 4.6 4.6

5
.6

5
.6



Chapter 3- Buildings Featuring Irregularity in the Gravity Load Carrying Frames 

 

49 

 

 

Figure 3-3 Floor Plan Type 2 - locations of discontinued columns (circled) 

 

Figure 3-4   Floor Plan Type 3 - locations of discontinued columns (circled) 

 

Figure 3-5   Floor Plan Type 4 - locations of discontinued columns (circled) 
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Figure 3-6  Floor Plan Type 5 – floor plan of the 1st storey 

 

Figure 3-7  Floor Plan Type 5 – typical floor plan of the upper storeys 

 

Figure 3-8  Floor Plan Type 5 - elevation view 
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Figure 3-9 An archetypical 3-D view of a 15-storey 

building, Floor Plan Type 1 

Figure 3-10  An archetypical 3-D view of a 12-storey 

building, Floor Plan Type 2 

 
 

Figure 3-11  An archetypical 3-D view of a 9-storey 

building, Floor Plan Type 3 

Figure 3-12  An archetypical 3-D view of a 9-Storey 

building, Floor Plan Type 4 

 

Figure 3-13 An archetypical 3-D view of a 9-storey building, Floor Plan Type 5 

An archetypical 3-D views of the models are portrayed in Figure 3-9 to Figure 3-13. 
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 CODE COMPLIANT DESIGN 

The example buildings included in the investigations have been designed for permanent loads 

(self-weight of the structural elements plus superimposed dead load of 0.8 kPa) and live loads of 3.0 

kPa. In the design for wind actions in compliance with Australian Standard AS/NZS 1170.2:2011[84] 

Terrain Category 3 in region A5 has been assumed. In the design for seismic actions in compliance with 

AS1170.4:2007 [17] a Hazard factor (Z) of 0.08g, stiff soil site classification (C) and probability (kp) 

factor of 1.8 (for Floor Plan Type 1) or 1.0 (for other Floor Plan Types) have been adopted. The 

structural design of the reinforced concrete elements is in compliance with Australian Standard 

AS3600:2009 [78]. Beams and slabs in support of the building floor are taken to be constructed of Grade 

32 concrete whereas lateral resisting elements (columns and walls) are taken to be constructed of Grade 

40 concrete. Reinforcements were D500N bars. Dimensions of the designed members for each building 

are summarised in Tables A4.1-A4.9 (of the Appendix A4). 

 STOREY STIFFNESS PROPERTIES 

The ratio of the storey stiffness provides an indication of whether a soft storey failure 

mechanism can occur in extreme seismic conditions. Seismic design code provisions (e.g., ASCE 7-10 

[19]) defined a “soft storey” in accordance with the ratio of storey stiffness of the adjacent storeys. A 

soft storey is deemed to exist when the ratio of storey stiffness of the adjacent storeys is lower than the 

limits defined by Equation (3.1): 

𝑘𝑖
𝑘𝑖+1

< 0.7,
k𝑖

(k𝑖+1 + k𝑖+2 + k𝑖+3)
3

< 0.8 
3.1 

Where, ki and ki+1 are the storey stiffness at floor i and floor i+1.  

The ratio of storey stiffness of the adjacent storeys in a 12-storey building is presented in Figure 

3-14 and Figure 3-15. The values of the ratio of storey stiffness have been found to be greater than 1.0 

for all the models that have been investigated thereby precluding any potential occurrence of a soft 

storey failure mechanism. Furthermore, the irregularities have not caused changes in the stiffness 

distribution within the building. Although results presented in Figure 3-14 and Figure 3-15 are for 12-

storey buildings only, similar trends have been observed for buildings in other height ranges. 
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Figure 3-14 Stiffness ratio of adjacent storeys, 12-Storey Buildings 

 

Figure 3-15 Stiffness ratio of each storey to the average stiffness of three storeys above, 12-Storey Buildings 

 PARAMETRIC STUDIES 

Elastic dynamic modal analyses of the 75 example buildings have been undertaken using 

program ETABS [85] to reveal the natural period properties of the first three significant modes of 

vibration, their respective mode shapes, participation factors and modal participation masses (which is 

also known as the effective mass). Values of inter-storey drift ratios and storey shear forces that were 

derived from the dynamic modal analysis are also shown for comparison with the results from code 

specified equivalent static method of analysis. Results are presented in the rest of this section under 

separate sub-headings. 

3.5.3.1 Natural period properties 

The natural period values of the example building models for the first three significant modes 

of vibration are presented in Figure 3-16. Clearly, the taller the building, the higher the fundamental 

natural period of vibration is; but buildings of the same height (number of storeys) can have significantly 

different natural period properties. Thus, it is not viable to generalise the estimate of the natural period 
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values based solely on the building height. The shortcomings of the use of code specified expressions 

for estimating the fundamental natural period value of buildings as the function of height is highlighted.  

 

Figure 3-16 Natural periods of the first 3 modes of vibration in the studied directions of buildings 

Vertical irregularities in a building have been found to have no significant effects on the natural 

period of the building.  

3.5.3.2 Mode Shapes, Participation Factors and Modal Participation Masses 

Equation of motion for a multi-degree-of-freedom (MDOF) response can be stated by Equation 

(3.2). 

M�̈�(𝑡) + 𝐶�̇�(𝑡) + 𝐾𝑢(𝑡) = 𝑝(𝑡) 3.2 

Where, M, C and K denote the mass, damping and stiffness matrices, respectively. u(t) and p(t) 

are the displacement and force vectors. 

Assuming 𝑢(𝑡) = 𝑦𝑛𝜙𝑛, where 𝜙𝑛is the deflected shape of the nth mode of vibration and 𝑦𝑛 is 

the time dependent factor describing the displacement of the nth mode at the reference node. Substituting 
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𝑢(𝑡) into Equation (3.2), converts the equation of motion to an equivalent single-degree-of-freedom 

(SDOF) equation. Then, the modal participation factor (Γ𝑗) for mode j, can be found using Equation 

(3.3). 

Γ𝑗 =
𝜙𝑗
𝑇𝑀𝑟

𝜙𝑗
𝑇𝑀𝜙𝑗

=
∑𝑚𝑗𝜙𝑗

∑𝑚𝑗𝜙𝑗
2 3.3 

The product of the participation factor and mode shape () up the height of the building 

represents the modal contribution to the total deflection of the building. The  profiles of the three 

significant modes of vibration of the 75 example building models are shown in Figure 3-17 to Figure 

3-19. Similar to the trends observed in the natural periods of buildings, the mode shapes of the irregular 

buildings are shown to be indistinguishable to those of the regular buildings. The variation in 

irregularities within each building type has not been found to cause any visible changes in the modal 

response of the structure. Hence, all the results can be represented by one curve for each building type, 

herein. It is shown that the dynamic response behaviour of buildings is not sensitive to irregularities 

caused by discontinuities of columns within the building.  

 

Figure 3-17 Fundamental mode shapes  



Chapter 3- Buildings Featuring Irregularity in the Gravity Load Carrying Frames 

 

56 

 

 

Figure 3-18 Second mode shapes 

 

Figure 3-19 Third mode shapes 
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The modal participation masses of the three significant modes of vibration (expressed as 

fraction of the total mass of the building) are also shown to be very well constrained which is also 

expected given the dependence of the modal participation mass on the mode shape of the building; refer 

Figure 3-20.  

The mass ratio is shown to be in the range: 0.68 - 0.80 for the fundamental (1st) mode of 

vibration; 0.15 - 0.20 for the 2nd mode of vibration; and 0.05 approximately for the 3rd mode of vibration. 

These mass ratios match reasonably well with results obtained by numerical simulations of the 

Timoshenko beam models (as introduced in Ref. [86]) which present a mass ratio of around 0.65 - 0.80 

for the 1st vibration mode; 0.1 - 0.2 for the 2nd vibration mode; and 0.05 or lower for the 3rd vibration 

mode. The mass ratios of the fundamental mode of vibration for the lower rise (e.g. 6-storey) buildings 

are on the whole, slightly higher than taller buildings. The trend is reversed (but only to a minor extent) 

for the higher modes of vibration. 

 

Figure 3-20 Modal participating mass ratios of the first three significant modes of vibration 
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3.5.3.3 Inter-Storey Drift Ratios and Storey Shear Forces 

The database of building models considered in this study has been subject to both response 

spectrum (dynamic modal) analysis and equivalent static analysis as stipulated in Australian Standard 

AS1170.4:2007 based on the same seismic actions as defined in Section 3.5.1.  

Results of inter-storey drift ratios and storey shear forces as derived from both types of analyses 

for the 12-storey building models are shown in Figure 3-21 and Figure 3-22, respectively. For each type 

of analysis methods (equivalent static analysis and response spectrum analysis) shown in each figure 

two lines are shown with the same legend to represent the behaviour of an irregular building and the 

corresponding regular building. The same legend was used for lines representing the two buildings as 

their deflection profiles from the same method of analysis are almost identical. 

Results derived from the response spectrum analysis are shown to be consistently and 

significantly lower than results derived from the equivalent static analysis method even though 

buildings of only 12-storeys in height are well within the scope of both types of analysis methods. 

Whilst only results obtained from the analysis of 12-storey buildings are presented, herein. Similar 

trends have been found from analysis across all the building models that have been included in the 

investigation. (Results of investigation for all building models are presented in Appendices A5 and A6.) 

The conservatism displayed in the equivalent static analysis method (as revealed in Figure 3-21 

and Figure 3-22) is attributed to errors in the code prescribed natural period of vibration of the building 

and the use of the total mass of the building in the calculation of the equivalent static forces as per code 

rules. The degree of conservatism is however not uniform up the height of the building because of 

higher mode contributions. Interestingly, vertical irregularities have been found to result in negligible 

changes up to the inter-storey drift ratios and storey shear forces.  
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Figure 3-21 Inter-storey drift ratios from analyses of 12-storey example buildings 

 

Figure 3-22 Storey shear from analyses of 12-storey example buildings 

 DISCUSSION 

A range of load path discontinuities involving the use of transfer beams of varying locations 

and form has been investigated. None of the irregular features investigated would result in soft storey 
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behaviour (noting that the stiffness ratio as defined by Equation (3.1) was greater than unity for all 

cases). Comparison of results from seismic response analyses shows that the displacement behaviour 

of the building, inter-storey drift ratios, distribution of the seismic inertia forces, natural period of 

vibration, mode shapes and the modal mass participation factor were little affected by vertical irregular 

features that were present in the building systems. Thus, stringent regularity requirements for use of the 

code equivalent static analysis method of the building in place of dynamic analysis are not justified. 

3.6 SUMMARY 

Architectural and functional requirements can cause vertical discontinuities on the load-bearing 

system of the building. Structural response behaviour of buildings which are supported by reinforced 

concrete shear walls/cores and moment-resisting frames with discontinuities in the columns of the frame 

within the building heights has been investigated. This type of buildings makes up the majority of the 

building stock in Australia. There are currently no consistent guidelines on the seismic design of this 

class of buildings. Seismic guidelines require dynamic analyses to be performed on such buildings. 

However, there are limitations associated with the use of dynamic analysis methods especially in 

regions of low to moderate seismicity. On the other hand, the equivalent static analyses generally 

assume that stiffness and mass quantities are gradually decreasing up the height of the building. Thus, 

the applicability of this method on irregular buildings can be restricted. There is a need to improve our 

current understanding of the seismic response behaviour of this class of buildings. 

• Seismic response behaviour of 75 buildings with various locations and extent of transfer beam 

irregularities in elevation has been evaluated. The case study buildings have been designed for 

gravity, earthquake and wind loads in accordance with the Australian Standards. The buildings 

are laterally supported by a combination of ordinary moment-resisting frames and limited ductile 

shear walls. 

• Comparison between the seismic response behaviour of vertical regular and vertical irregular 

buildings have shown that discontinuities in the columns of frames within a building would not 

result in anomalies in the storey stiffness profiles, i.e. the formation of a soft storey in the 

discontinuity level (when the stiffness of a storey is significantly less than the adjacent storeys. 

The definition of this irregularity type is reported in Table 2-1). Seismic response behaviour of 

the vertical irregular buildings featuring discontinuity in the columns in terms of displacements, 

storey shear forces and the structural dynamic properties is similar to that of the vertical regular 

buildings. Thus, stringent regularity requirements for the use of code equivalent static analysis 

method of the building in place of dynamic analysis are not justified for the irregular buildings 

featuring discontinuity in the gravity load carrying system.   
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• Results of the code based equivalent static and the response spectrum analyses revealed to have 

some discrepancies. The discrepancies are mostly attributed to the application of the code 

formulae for the estimation of the fundamental period of vibration and the use of total seismic 

weight in the equivalent static analysis procedures.  
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4.1 INTRODUCTION 

An enhanced version of the static analysis method (known as the Generalised Force Method) 

for the force-based seismic design of buildings is introduced in this chapter. This method has been 

demonstrated to produce results that match well with results from dynamic modal (response spectrum) 

analysis. Buildings that can be analysed using this method are not subject to any height restrictions and 

may possess vertical irregularities and stiffness eccentricity. The first part of this chapter is devoted to 

torsionally balanced buildings. For these buildings, the centre of mass coincides with the centre of 

stiffness, and the structure purely displaces translationally. But, if these centres are not coinciding, the 

structure exhibits coupled torsional-translational response behaviour. Results from parametric studies 

involving the dynamic analysis of building models in a database of 75 torsionally balanced multi-storey 

buildings (CHAPTER 3) have been incorporated into the development of the analysis procedure for the 

torsionally balanced buildings. In the second part of this chapter, the suggested method has been 

extended to consider the effects of coupled torsional-translational response behaviour. 

4.2 TORSIONALLY BALANCED STRUCTURES 

Guidelines for selection and synthesis of accelerograms for use in nonlinear time history 

analyses can be found in Federal Emergency Management Agency (FEMA) and National Institute of 

Standards and Technology (NIST) documents [87, 88]. However, adopting analysis of this rigour in 

structural design practices is rare. Elastic analysis methods forming part of Force-Based (FB) approach 

to design are still favoured by most designers as the complexity of nonlinear dynamic analyses requiring 

the selection of accelerograms and choice of hysteresis model can be circumvented. In spite of the force-

based approach (based on linear elastic analyses) having been around for so long, it is still the norm to 

adopt this approach in contemporary engineering practices, and more so in regions of low to moderate 

seismicity like Australia.  

Contemporary FB analysis methods based on linear elastic behaviour can either be in the form 

of equivalent static analyses (based on treating seismic actions as equivalent lateral forces that are 

applied to the side of the building) or elastic dynamic analysis (based on principles of modal 

superposition and use of a design response spectrum). The drawbacks of static analysis method are in 

its failure to account for higher mode effects which can be significant in medium to high-rise buildings. 

Most codes of practice also require the structure to be free of irregularities in order to be subject to static 

analyses.  

It is believed that more research efforts should be devoted to making improvements to existing 

methods of analysis that are adopted widely in practice. A method based on the principles of statics has 

the advantage of engaging the designer in the analytical procedure itself and enabling its results to be 
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checked independently. Both shortcomings can be overcome by enhancing a static analysis method 

through incorporating additional steps in the procedure to allow for the effects of the higher modes. The 

analysis will also need to be sufficiently robust to allow for the effects of vertical irregularities. The 

objective of this chapter is to modify the existing static method of analysis and to enhance it by 

incorporating additional steps in order that results from the analysis can match well with that of dynamic 

modal analysis. 

 BACKGROUND 

The use of inelastic static analysis for modelling the potential performance of low-rise buildings 

is well supported by results from comparative analyses for a nine-storey building reported in Moehle 

and Alarcon [32], which shows no clear advantage of nonlinear time history analyses over inelastic 

static analyses in terms of the analysis outcomes. This finding has important implications in design 

practices given that nonlinear static pushover analyses (also known as “inelastic static analyses”) can 

be used to determine the value of the structural response modification factor overriding code 

recommendations in the design of a low-rise building (height < 30 m) [89]. 

Usage and the comparison of Static Analysis Methods in some of the preceding seismic 

provisions are explained and discussed by Chopra and Cruz [83]. Seismic response behaviour of a single 

bay moment-resisting frame by changing the stiffness of beams and columns is evaluated in this paper. 

They found that two parameters are mainly influencing the response behaviour of buildings; 

fundamental period of structure and the stiffness ratio (ρ). The latter is “the sum of the stiffness of all 

the beams at the mid-height storey of the frame to the summation of the stiffnesses of all the columns 

at the same storey”. Stiffness ratio indicates the degree of frame action in the response behaviour. Two 

extreme values of ρ, 0 and ∞, are representative of flexural deflection of cantilever building and shear 

deflection of shear buildings, respectively. Figure 4-1 illustrates the pure flexural, pure shear and 

combined deformation types. 

 

(a) Cantilever flexural 

deflection 
(b) Shear deflection 

(c) Combined flexural-shear 

deflection 

Figure 4-1 Flexural and shear deflection types in the buildings 
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Authors pointed out that all code provisions are based on the estimation of the fundamental 

mode of the structures. Another remarkable finding is that for the structures with the fundamental 

periods within the acceleration-controlled region of the spectrum, contributions of higher modes are 

negligible, and estimations of the seismic provisions are accurate. Where the fundamental period is 

inside the velocity-controlled region or displacement-controlled region of the spectrum, effects of 

higher modes are increasing with the rise in the fundamental period and the decrease in the beam to 

column stiffness ratio (less frame action). Consequently, the base shear value and the code-based 

distribution of forces, up the height of the building can be inaccurate. In the long period range, none of 

the seismic code formulas for the estimation of the seismic base shear were sensitive to the amount of 

the fundamental period and beam to column stiffness ratio. A simplified procedure for the preliminary 

design of buildings based on an estimation of structure mode shapes has been suggested [90]. Based on 

a general description of the building such as the overall height and structural systems and an assumed 

beam-to-column stiffness ratio, the first two significant mode periods and mode shapes can be 

computed. Using an existing database in the paper, required parameters for computing the response 

quantities based on the square-root-of-the-sum-of-the-square (SRSS) combination of the response 

values of each quantity of the first two modes will be estimated. Relationships and correlations between 

the values of the first mode shape, exponential factor for the distribution, the second mode period and 

the second mode shape in this paper, are established based on some limited numbers of parametric 

studies. One restriction for the use of this technique is that the value of the stiffness ratio (ρ) is unknown 

before the design. Additionally, more structures with several different structural properties should be 

studied to enrich the database. Accordingly, the recommended method did not become practically 

prevalent. In the same vein, a simplified response spectrum analysis is suggested by the same authors 

[91]. A method for the calculation of the second mode shape (using the findings of previous paper) and 

the fundamental period of a structure is introduced. Results of the recommended method have been 

compared to that of the accurate response spectrum analysis. Restrictions on the application of the 

proposed simplified response spectrum analysis are discussed and based on that a hierarchy for different 

analysis types is introduced. 

In addition to the studies by Chopra and Cruz in this area, other researchers tried to quantify 

the combined flexural-shear deflection types of buildings. Su et al. [86] used the analogy of a 

Timoshenko beam tube to represent the dynamic response behaviour of real buildings. They introduced 

a factor which is a function of shear stiffness and flexural stiffness of the analogous tube. Using 

correlation analyses, they found a relationship for the introduced factor with the ratio of the second 

mode frequency to the first mode of investigated real buildings. In another series of studies, some 

researchers attempted to explain real building response behaviour using an equivalent coupled 

continuous flexural beam and shear beam system, e.g. [92-94]. “The flexural and shear cantilever beams 
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are assumed to be connected by axially rigid members that transmit horizontal forces; thus, the flexural 

and shear cantilevers in the combined system deflect laterally by the same amount”[94], refer Figure 

4-2. 

Miranda and Akkar [94] have quantified the response behaviour of an undamped shear-flexural 

continuous system which has uniform stiffness and mass distribution and is subjected to base 

acceleration, �̈�𝑔 (t). 

𝜌

𝐸𝐼

∂2𝑢(𝑥, 𝑡)

𝜕𝑡2
+
1

𝐻4
∂4𝑢(𝑥, 𝑡)

𝜕𝑥4
−
𝛼2

𝐻4
∂2𝑢(𝑥, 𝑡)

𝜕𝑥2
=
𝜌

𝐸𝐼

∂2𝑢𝑔(𝑡)

𝜕𝑡2
 4.1 

Where, 𝜌 is the uniform mass per unit of length. H is the total height of the building and 𝑢(𝑥, 𝑡) 

is the displacement at non-dimensional height 𝑥 =
𝑧

𝐻
. EI is the flexural rigidity of the flexural beam. 𝛼 

is the non-dimensional parameter which is governing the response behaviour of the building. 

𝛼 = 𝐻√
𝐺𝐴

𝐸𝐼
 4.2 

Where, GA is the shear rigidity of the shear beam. 

The dimensionless parameter 𝛼 “controls the degree of participation of overall flexural and 

overall shear deformations in the simplified model of multistory buildings and thus it controls the lateral 

deflected shape in the building” [93]. 

 

Figure 4-2 Continuum model analogy quantifying a building response behaviour [94] 

Equations (4.1) and (4.2) illustrate that ratio of flexural stiffness and shear stiffness of the 

structural system and the height of the building are controlling the response behaviour. 

Investigations on the seismic response behaviour of vertical regular and vertical irregular 

buildings (CHAPTER 3) have shown that discontinuities in the columns of frames within a building 
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might not necessarily result in stiffness irregularity. The seismic response behaviour of irregular 

buildings can be similar to that of regular buildings in terms of their displacement and storey shear force 

profiles and their structural dynamic properties. Stringent regularity requirements for the use of the code 

static analysis method (in place of dynamic analysis) do not seem to be justified. Furthermore, results 

of the code based equivalent static and the response spectrum analyses in CHAPTER 3, revealed to 

have some discrepancies. The discrepancies were mostly attributed to the application of the code 

formulae for the estimation of the fundamental period of vibration and the use of total seismic weight 

in the equivalent static analysis procedures. These shortcomings of neglecting higher mode effects can 

be significant in medium to high-rise buildings.  

 NATURAL PERIOD PROPERTIES 

The natural period values of the example building models for the first three significant modes 

of vibration is presented in Figure 3-16. As commented in the previous chapter, vertical irregularities 

in a building can have no significant effects on its natural period of vibration. The natural period ratios 

between the 2nd and 1st mode of vibration (T2 / T1) are well constrained within the range: 0.225-0.31 (or 

1/3.2 -1/4.5) and averaged at a value close to 0.25 (or 1/4); refer Figure 4-3a. The range limits of T2 /T1 

as observed from this study is consistent with the range: 0.2 - 0.33 (or 1/3 - 1/5) based on results from 

field measurements of some 21 buildings of heights exceeding 40.0 m (forming a subset of a larger 

database of 75 buildings) in a previous study [86]. Values of the natural period ratio T3 / T1 are also very 

well constrained within the range 0.1 - 0.16 (or 1/10 - 1/6) and averaged at a value close to 0.125 (or 

1/8); refer Figure 4-3b. The range limits of T3 / T1 are also consistent with the range: 0.1 - 0.2 (1/10 - 

1/5) reported in the same reference. 
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Figure 4-3  Ratios of T2/T1 and T3/T1 from seventy-five case study buildings 

 GENERALISED MODE SHAPES 

In spite of the variability of the fundamental natural period values, the shape of deflection of 

the first three significant modes of vibration are shown to be very similar. Consequently, values of their 

respective participation factors are also very well constrained (which is expected given that the 

participation factor is a function of the respective mode shape). The product of the participation factor 

and mode shape (), up the height of the building, represents the modal contribution to the total 

deflection of the building (normalised with respect to the deflection of the respective equivalent single-

degree-of-freedom system). The  profiles of the three significant modes of vibration of the 75 

example building models are shown to be well clustered into distinctive generic profiles as shown in 

Figure 4-4.  
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(a) Fundamental mode (b) Second mode 

 

(c) Third mode 

Figure 4-4 Mode shapes for all seventy-five case study buildings 

The generic profiles for the modal contributions to the deflection of the building () by the 

2nd and 3rd modes of vibration which are presented in Figure 4-5 a and Figure 4-5 b, respectively; These 

values are based on the mean values of results obtained from parametric studies presented in CHAPTER 

3. 
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(a) Second mode (b) Third mode 

Figure 4-5 Generalised mode shape for the higher modes of vibration 

Equations ( 4.3) and ( 4.4) were determined by curve fitting to the mean of the modal 

displacements for the second and third modes of vibration: 

a) Mode 2: 

Γ. 𝜙 = 𝑎1 sin( 𝑏1. ℎ + 𝑐1) + 𝑎2 sin( 𝑏2. ℎ + 𝑐2) 4.3 

Where, 

𝑎1 = 0.5793, 𝑏1 = 4.283, 𝑐1 = 2.53, 𝑎2 = 0.357, 𝑏2 = 2.462, 𝑐2 = −1.142           

(Goodness of fit:  R2: 0.9988) 

b) And mode 3:  

Γ. 𝜙 = 𝑎1 sin( 𝑏1. ℎ + 𝑐1) + 𝑎2 sin( 𝑏2. ℎ + 𝑐2) + +𝑎3 sin( 𝑏3. ℎ + 𝑐3) 4.4 

Where, 

𝑎1 = 0.3549 , 𝑏1 = 6.748, 𝑐1 = 0.07549, 𝑎2 = 0.2757 , 𝑏2 = 0.5729, 𝑐2 =

−0.1618 , 𝑎3 =  0.02189 , 𝑏3 =  11.61, 𝑐3 = 3.059        

(Goodness of fit:  R2: 0.998) 

The digitised results for the second and third modes are listed in Table 4-1.  
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Table 4-1 Modal values for higher modes of vibration 

h 
Γ. 𝜙 

Second mode Third mode 

1.0 0.639 0.312 

0.9 0.373 0.066 

0.8 0.077 -0.181 

0.7 -0.201 -0.310 

0.6 -0.419 -0.258 

0.5 -0.547 -0.062 

0.4 -0.573 0.168 

0.3 -0.501 0.315 

0.2 -0.356 0.321 

0.1 -0.173 0.194 

0.0 0.000 0.000 

 

 GENERALISED FORCE METHOD (GFM) OF ANALYSIS FOR 

TORSIONALLY BALLANCED BUILDINGS 

As stated in the introduction section a key objective of this chapter is to introduce an enhanced 

version of the static method of analysis in order that results in the deflection, inter-storey drift ratios 

and storey shear profiles match well with results from dynamic modal analysis. The method to be 

introduced herein is given the name: Generalised Force Method (GFM); which is essentially a force-

based method of analysis, assuming linear elastic analysis behaviour. The structural response 

modification factor is used to account for contributions by ductility and overstrength to the post-elastic 

response behaviour of the building structure. The GFM procedure is introduced in this section in two 

parts: (1) Part One is a shortened version which may only be used for buildings up to about 30m in 

height in order that the effects of higher modes of vibration can be neglected and (2) Part Two is the 

full version which takes into account effects of the higher modes and hence is not subject to any height 

restrictions.  

Part One is not original as it has been introduced in previously published articles (e.g. Ref. [95]) 

whereas part two is original. It is necessary to present the outline of the procedure in both parts because 

of the way the two parts are integrated. 
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4.2.4.1 GFM Part One 

Part One of GFM is based on the fundamental mode of vibration. Analysis of the building 

involves developing a demand curve in the form of acceleration-displacement response spectrum and a 

capacity curve based on the linear elastic response behaviour assumption of the building. An outline of 

the method which was first introduced in Ref. [95] is presented in below.  

First, an Equivalent Static Analysis is performed in accordance with standard seismic design 

procedures (e.g., AS1170.4:2007 [17], Eurocode 8 [20]). The deflection profile can be obtained from 

Equivalent Static Analysis method as shown in the schematic diagram of Figure 4-6. 

 

Figure 4-6 Displacement profiles from equivalent static analysis 

The multi-storey response behaviour of the building can be idealised into a single-degree-of-

freedom (SDOF) system. The effective displacement (𝛿𝑒𝑓𝑓) can be calculated using Equation (4.5). 

   𝛿𝑒𝑓𝑓 =
∑𝑚𝑖𝛿𝑖

2

∑𝑚𝑖𝛿𝑖
 4.5 

The effective mass of the building (𝑚𝑒𝑓𝑓) can be calculated using Equation (4.6). 

   𝑚𝑒𝑓𝑓 =
(∑𝑚𝑖𝛿𝑖)

2

∑𝑚𝑖𝛿𝑖
2  4.6 

Where, mi and i are the mass and displacement of floor i, respectively.  

The effective stiffness (keff) and the effective natural period (Teff) can be calculated using 

Equations (4.7) and (4.8), respectively. 
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𝑘𝑒𝑓𝑓 =
𝑉

𝛿𝑒𝑓𝑓
 4.7 

Where, V is the horizontal equivalent static shear force. 

𝑇𝑒𝑓𝑓 = 2𝜋√
𝑚𝑒𝑓𝑓

𝑘𝑒𝑓𝑓
 4.8 

The capacity diagram is then presented in the acceleration versus displacement format (Figure 

4-7), where effective acceleration (aeff) is defined by Equation (4.9). 

a𝑒𝑓𝑓 =
𝑉

𝑚𝑒𝑓𝑓
  4.9 

 

Figure 4-7 Capacity diagram in the acceleration vs displacement format 

The capacity diagram is then superposed onto the demand diagram in the acceleration-

displacement response spectrum format (the ADRS diagram) as shown in the schematic diagram of 

Figure 4-8 to identify the performance point representing the displacement of the building (*
eff) in the 

projected earthquake scenarios. The construction of the ADRS diagram has been introduced in 

Wilson et al. [89]. The displacement profiles and seismic inertia force at each floor level can then be 

revised based on the value of *
eff   and the use of Equation (4.10 a) and (4.10 b). 

𝛿𝑖
∗ =

𝛿𝑒𝑓𝑓
∗

𝛿𝑒𝑓𝑓
𝛿𝑖  4.10 a 

𝐹𝑖
∗ =

𝛿𝑒𝑓𝑓
∗

𝛿𝑒𝑓𝑓
𝐹𝑖  

4.10 b 

Where, i and Fi are the displacement and inertia force values at floor level i from equivalent 

static analysis; eff is the effective displacement from equivalent static analysis; and 𝛿𝑖
∗and 𝐹𝑖

∗are the 

revised displacement and inertia force value at floor level i. 

RSD

RSA eff

m
eff

a
eff

eff
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Figure 4-8 Superposition of capacity and demand diagrams 

 

Figure 4-9 Displacement demand behaviour of building in projected seismic conditions 

Inter-storey drift ratios (𝜃𝑖
∗) can also be determined using Equation (4.10 c). 

𝜃𝑖
∗ =

𝛿𝑖
∗−𝛿𝑖−1

∗

ℎ𝑖
  4.10 c 

Where, hi is the height of storey i.  

The storey shear (Vi) can also be found using Equation (4.10 d). 

𝑉𝑖 =∑𝐹𝑗
∗

𝑛

𝑗=𝑖

 4.10 d 

Where, n is the number of floor levels in a building. 

Individual steps of the Generalised Force Method (GFM) are summarised in Table 4-2. 
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Table 4-2 Summary of GFM procedure (without higher mode effects) 

Step Descriptions Equations/Figures 

1 

Use the code equation to estimate natural period of the building (as 

function of height of the building).  

Code Equation 

2 

Use the code equation to determine the amount of seismically 

induced base shear on the building. 

Code Equation 

3 

Distribute the base shear up the height of the building as design 

seismic inertia forces. 

Figure 4-6 

4 

Determine the deflection of the building when subject to the design 

seismic inertia forces obtained from step 3. 

Figure 4-6 

5 

Determine the value of the effective displacement, based on the 

calculated deflection profile of the building from step 4. 

Equation (4.5) 

6 

Determine the value of the modal participation mass which is also 

known as the effective mass (meff). 

Equation (4.6) 

7 Determine the value of the effective stiffness (keff). Equation (4.7) 

8 

Determine the value of the effective natural period of the building 

(Teff). 

Equation (4.8) 

9 Determine the value of the effective acceleration (aeff). Equation (4.9) 

10 

Determine the seismic demand based on intercepting the demand 

diagram with the capacity curve at the “performance point” (aeff*,   

eff*). 

Figure 4-7 and Figure 

4-8 

11 

Revise the displacement profiles and seismic inertia forces of the 

individual floors (obtained initially in steps 3 and 4) based on the 

performance point identified in step 9. 

Equation (4.10), 

Figure 4-9 
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Results of the storey shear force profile obtained by GFM part one and response spectrum 

analysis has been compared in Figure 4-10. This confirms that for the buildings which are higher than 

30.0 m in height, effects of higher modes are not negligible. 

 

Figure 4-10 Storey shear forces of buildings based on Response Spectrum Analysis Method and GFM Part One 

4.2.4.2 GFM Part Two 

Higher mode effects become more significant with increasing height of the building. It is 

recommended that buildings exceeding 30.0 m in height be subject to Part Two of the GFM as 

introduced herein.  

Given the modal displacement profiles provided by Figure 4-5 (and Table 4-1 as well as 

Equations (4.3) and (4.4)), contributions from the 2nd and 3rd modes of vibration to the overall 

displacement demand of the building at any level i (𝛿𝑖,2
∗  𝑎𝑛𝑑 𝛿𝑖,3

∗  ) in the projected seismic conditions 
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can be calculated. The recommended value of 0.25 for the T2/T1 ratio, and 0.1 for the T3/T1 ratio, is then 

used to determine the value of the natural period of the 2nd, and 3rd modes of vibration which is in turn 

used for identifying the respective response spectral displacement values, namely RSD (T2) and RSD 

(T3), or RSD (0.25T1) and RSD (0.1T1). The respective modal contributions to displacement (abbreviated 

herein as “modal displacement”) is then calculated using Equations (4.11 a and b).  

𝛿𝑖,2 = Γ2. 𝜙𝑖,2. 𝑅𝑆𝐷(0.25𝑇1)  4.11 a 

𝛿𝑖,3 = Γ3. 𝜙𝑖,3. 𝑅𝑆𝐷(0.1𝑇1) 4.11 b 

Where, Γ2. 𝜙𝑖,2  and Γ3. 𝜙𝑖,3 are the modal displacement values at the ith level of the building 

for the 2nd and 3rd modes, respectively. 𝑅𝑆𝐷(0.25𝑇1) and 𝑅𝑆𝐷(0.1𝑇1) are the spectral displacements at 

the 2nd and 3rd modal periods of the building. T1 is the fundamental period of vibration of the building 

which can be found using Equation (4.8). In a similar manner modal contributions to the inter-storey 

angle of drift (i,j) at level i up the height of the building, of mode j, can be calculated using Equations 

(4.11 c and d). 

𝜃𝑖,2 =
(Γ2.(𝜙𝑖,2−𝜙𝑖−1,2).𝑅𝑆𝐷(0.25𝑇1))

ℎ𝑖
  4.11 c 

𝜃𝑖,3 =
(Γ3. (𝜙𝑖,3−𝜙𝑖−1,3). 𝑅𝑆𝐷(0.1𝑇1))

ℎ𝑖
 

4.11 d 

Where, hi is height at the level i of the building.  

Contributions by the individual vibration modes can be combined by the use of the square-

root-of-the-sum-of-the-square (SRSS) combination rule as shown by Equation (4.12 a and b) in below: 

𝛿𝑖,ℎ𝑖𝑔𝑒ℎ𝑟 𝑚𝑜𝑑𝑒𝑠
∗ = √𝛿𝑖

∗2 + (Γ2. 𝜙𝑖,2. 𝑅𝑆𝐷(0.25𝑇1))
2
+ (Γ3. 𝜙𝑖,3. 𝑅𝑆𝐷(0.1𝑇1))

2
  4.12 a 

𝜃𝑖,ℎ𝑖𝑔𝑒ℎ𝑟 𝑚𝑜𝑑𝑒𝑠
∗

= √𝜃𝑖
∗2 + (

(Γ2. (𝜙𝑖,2−𝜙𝑖−1,2). 𝑅𝑆𝐷(0.25𝑇1))

ℎ𝑖
)

2

+ (
(Γ3. (𝜙𝑖,3−𝜙𝑖−1,3). 𝑅𝑆𝐷(0.1𝑇1))

ℎ𝑖
)

2

 

4.12 b 

Where, 𝛿𝑖
∗ and 𝜃𝑖

∗  are the displacement and inter-storey drift ratios based on the method 

introduced in Section 4.2.4.1.  

In a similar manner, modal contributions to the floor inertia force (Fi,2) at level i up the height 

of the building, of mode j, can be calculated using Equation (4.13 a and b). 
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𝐹𝑖,2 = 𝑚𝑖Γ2. 𝜙𝑖,2. 𝑅𝑆𝐴(0.25𝑇1)   4.13 a 

𝐹𝑖,3 = 𝑚𝑖Γ3. 𝜙𝑖,3. 𝑅𝑆𝐴(0.1𝑇1) 4.13 b 

Whereas, modal contributions to the storey shear forces can be calculated using Equation (4.13 

c and d). 

𝑉𝑖,2 =∑𝐹𝑗,2

𝑛

𝑗=𝑖

 4.13 c 

𝑉𝑖,3 =∑𝐹𝑗,3

𝑛

𝑗=𝑖

 4.13 d 

Where, mi is the mass of floor at level i and 𝑅𝑆𝐴(0.25𝑇1), and 𝑅𝑆𝐴(0.1𝑇1), are the response 

spectral accelerations of the 2nd and 3rd modes of vibration, respectively. 

Contributions by the individual vibration modes can be combined by the use of the SRSS 

combination rule using Equation (4.14) (as done previously for the calculation of the total deflection 

and inter-storey drift ratio). 

   𝑉𝑖,ℎ𝑖𝑔𝑒ℎ𝑟 𝑚𝑜𝑑𝑒𝑠
∗ =

√𝑉𝑖
∗2 + (∑ (𝑚𝑖Γ2. 𝜙𝑖,2. 𝑅𝑆𝐴(0.25𝑇1))

𝑛
𝑖 )

2
+ (∑ (𝑚𝑖Γ3. 𝜙𝑖,3. 𝑅𝑆𝐴(0.1𝑇1))

𝑛
𝑖 )

2
 

4.14 

Where, 𝑉𝑖
∗ is the storey shear force attributed to the fundamental mode of vibration as obtained 

from GFM Part One. 

4.2.4.3 Scope of Validity of the Method 

GFM Part Two as outlined in the above can also be applied to a shear wall dominant building 

structures except where the building features a potential soft storey mechanism or where there is a major 

distinct change of the structural systems (such as the use of a transfer plate at the podium level of the 

building).  

As mentioned the dimensionless parameter 𝛼 controls the overall deformation of a coupled 

shear-flexural system. A value equal to zero represents a pure flexural beam. Whereas, a value of ∞ 

represents a pure shear beam. This parameter has different range for various structural systems. For a 

building which is dominated by structural walls:0 < 𝛼 < 2; For a building with dual structural systems 

consisting of a combination of moment-resisting frames and shear walls or a combination of moment-

resisting frames and braced frames:1.5 < 𝛼 < 6; and for moment-resisting frame buildings:5 < 𝛼 <

20 [93]. 
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Miranda and Taghavi [96] computed the modal properties of the continuum model by setting 

the base acceleration, �̈�𝑔 (t) in Equation (4.1) as zero. For reasons of brevity, the closed form solution 

is not reproduced here. Solving the suggested equation and selecting 𝛼 equal to 1.5 and 6.0, the mode 

shapes can be computed. The computed modal shapes from Miranda and Taghavi is compared with the 

bounds of the mode shapes of this study as presented in Figure 4-11. The small discrepancy in the modal 

shapes can be attributed to the assumption for the uniform mass and stiffness distribution up the height 

of the building as well as the use of a continuum system to model the structural response behaviour of 

the buildings.  

 

Figure 4-11 Mode shape bounds for the dual systems 

In case of doubts for the applicability of the method for a given building,  it is recommended to 

overlay the modal deflection profile of the fundamental mode of vibration of the building (obtainable 

by the procedure outlined in GFM Part One) onto a template as shown in Figure 4-12 (graphs shown in 

the figure have been digitised into values as listed in Table 4-3), to check whether the calculated 

deflection profile of the building can be fitted in between the bounds shown on the template. Extra steps 

for Part Two of the GFM are listed in Table 4-4. 
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Figure 4-12 Template showing the deflection profile bounds 

Table 4-3 Modal values for the fundamental period of vibration bounds 

h 
lower bound  

 Γ. 𝜙 

upper bound 

 Γ. 𝜙 

0.0 0.00 0.00 

0.1 0.06 0.12 

0.2 0.16 0.25 

0.3 0.29 0.40 

0.4 0.44 0.55 

0.5 0.60 0.71 

0.6 0.77 0.86 

0.7 0.94 1.02 

0.8 1.10 1.17 

0.9 1.25 1.33 

1.0 1.37 1.48 
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Table 4-4 Summary of GFM procedure taking into account higher mode effects 

Step Descriptions Equations/Figures 

1 

Apply steps 1-11 listed in Table 4-1 for finding the displacement 

profile, inter-storey drifts, seismic inertia forces and storey shears 

𝛿𝑖
∗

, 𝜃𝑖
∗

, 𝐹𝑖
∗  and 𝑉𝑖

∗ , the effective displacement 𝛿𝑒𝑓𝑓
∗ , and the 

fundamental natural period of vibration (T1) of the building. 

 

Check if the displacement profile is within the bounds by 

overlaying it onto a template.  

Figure 4-12 

2 
Modify the displacement profile from 𝛿𝑖

∗
 to  𝛿𝑖,ℎ𝑖𝑔ℎ𝑒𝑟 𝑚𝑜𝑑𝑒𝑠

∗  to 

incorporate the higher mode effects 

Equations (4.11 a and 

b) and (4.12 a) 

3 
Modify the inter-storey drift ratios from 𝜃𝑖

∗
 to  𝜃𝑖,ℎ𝑖𝑔ℎ𝑒𝑟 𝑚𝑜𝑑𝑒𝑠

∗  to 

incorporate the higher mode effects  

Equations (4.11 c and 

d) and (4.12 a) 

4 

Determine the higher mode contribution to the seismic inertia 

force of the individual floors from 𝐹𝑖,2 and 𝐹𝑖,3 and determine the 

storey shear 𝑉𝑖,ℎ𝑖𝑔ℎ𝑒𝑟 𝑚𝑜𝑑𝑒𝑠
∗  incorporating the higher mode effects. 

Equations (4.13) and 

(4.14) 

 

4.2.4.4 Illustration of use of GFM by examples 

Two example buildings: (i) 46.8 m tall 13-storey building and (ii) 64.8 m tall 18-storey building 

were used for illustration of the proposed methodology. The plan view of the buildings is presented in 

Figure 4-13. The characteristic compressive strength of concrete was taken as 40 MPa for the beam and 

column elements and 60 MPa for the structural walls. The nominal yield strength and elastic modulus 

of the reinforcing bars was assumed to be 415 MPa and 200,000 MPa, respectively. The live load was 

taken as 3 kPa and permanent loads due to the weight of the partitions was taken as 1kPa. The buildings 

have been designed in accordance with the Australian Standards for gravity loads 

(AS/NZS1170.0:2002), wind loads (AS/NZS1170.2:2011) and earthquake loads (AS1170.4:2007). The 

building was assumed to be constructed on a class C site in Melbourne (Z = 0.08) and designed for 

1/500 annual probability of exceedance.  Finite element models of the buildings developed and executed 

by program ETABS [85]. Equivalent static and dynamic modal analyses were then conducted in 

accordance with Australian Standards for seismic actions [17]. 
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Figure 4-13 Framing plan of the 13 and 18-storey structures used for the verification 

GFM Part One (as introduced in Section 4.2.4.1 and summarised in Table 4-2) was applied to 

obtain the displacement profile, inter-storey drifts, seismic inertia forces and storey shears. The capacity 

curve that has been superposed onto the demand curve in the form of an ADRS diagram is presented in 

Figure 4-14. The fundamental periods of vibration (T1) of the building are 0.84 sec and 1.42 sec, for the 

13-storey and 18-storey buildings, respectively. These values obtained from the proposed method, are 

similar to those obtained from results of modal analyses of the building models using program ETABS 

[85], which were 0.85 sec and 1.42 sec, respectively. The displacement profile, storey drifts and storey 

shears for the building are shown in Figure 4-15, representing the dynamic behaviour of the building 

ignoring higher mode effects. 

 

Figure 4-14 Superimposing the capacity curve onto the ADRS diagram- 13-storey building 
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(a) displacement 

 

(b) shear force 

Figure 4-15 Results from GFM Part One 

 

Figure 4-16 Displacement profile obtained from GFM Part One superimposed on the bounds of the generalised 

mode shape for the first mode of vibration 
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The displacement profile obtained from GFM Part One was overlaid onto the template 

(showing the lower and upper bounds) to check if it could be fitted within the bounds; refer Figure 4-16.  

GFM Part Two (as outlined in Section 4.2.4.2 and summarised in Table 4-4) was then applied to 

incorporate higher mode effects in the building. The displacement profile shown in Figure 4-15a was 

then revised by applying Equation (4.12a) to incorporate higher mode effects. Modal values attributed 

to the higher modes of vibration could be read off from values listed in Table 4-1. Meanwhile, the 

response spectral displacement value could be inferred from the code stipulated response spectrum 

model based on the design site class and hazard factor. The storey shear profile presented in Figure 

4-15b was revised by applying Equations (4.13) to incorporate the higher mode effects. The revised 

displacement profiles and storey shear are presented in Figure 4-17 for comparison with results from 

dynamic analyses. The effects of higher modes are shown to be significant for these buildings. It is 

noted that the effects of higher modes are not significant on the displacement profile but can be much 

more noticeable in the storey shear profile. The proposed method has been demonstrated to be able to 

provide reasonable estimates of displacements and storey shear forces for these buildings.  
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(a) displacement 

 

(b) storeys shear force 

Figure 4-17 Results of GFM with higher mode effects (Part Two) 
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4.3 TORSIONALLY UNBALANCED STRUCTURES  

(TORSIONAL-TRANSLATIONAL RESPONSE BEHAVIOUR OF 

ECCENTRIC BUILDINGS) 

 BACKGROUND 

When the centre of stiffness in the elastic range and/or the centre of strength in the inelastic 

range does not coincide with the centre of mass, torsional response behaviour can be observed. This 

can increase the demands on the edge elements significantly and have detrimental effects on the 

performance of the building. Several studies attempted to quantify the structural behaviour of buildings 

with asymmetric plans. More recent state-of-the-art review papers have summarised and discussed these 

studies [6, 8].  

Review papers on this topic, have classified the works on horizontal irregularity into two main 

subcategories: (i) One storey irregular plans and (ii) Multi-storey irregular in plan buildings. For both 

building categories, early studies in this area have tried to investigate the elastic and inelastic seismic 

demands on the critical edge elements for each eccentricity types. (e.g. [97-99]) 

To diminish the amount of detrimental effects of torsion in asymmetric plans, effects of 

different relative locations of the centres of mass, stiffness and strength has been investigated by many 

researchers. They argued that eccentricity is not just based on the dimension of the lateral force resisting 

elements (stiffness), but also it is function of the strength of these elements. Because yielding in the 

buildings for different lateral force resisting elements are not coinciding, on one side of a building, these 

elements can attain the yielding state and on the other side, the elements may remain elastic. In this 

case, a large torsional moment can trigger on plan [100-102]. The centre of strength can be defined at a 

location, where the resultant of the elements yield force can be applied. Paulay studied the performance 

of different types of eccentricities (mass, stiffness and strength) and their relative locations on the 

seismic response behaviour of the building [100]. He concluded that the proximity of the centre of 

strength and centre of mass could result in an appropriate performance of a building. De Stefano et al. 

suggested that the best location for the centre of strength is in the middle of the distance between the 

centre of stiffness and centre of mass [102]. Tso and Myslimaj have investigated the effects of strength 

distribution in asymmetric one storey plans [101]. It has been concluded that the stiffness of the building 

system is not just a function of the dimensions of the lateral force resisting elements, but also the 

strengths of these elements. The authors argued that the most effective approach to reduce the adverse 

effects of torsion is to adjust the centre of stiffness and centre of strength on opposite sides of the centre 

of mass. It is demonstrated that the distance between the centres of strength and rigidity is approximately 

equal to the yield displacement eccentricity. Hence, by reducing the yield displacement eccentricity, the 

amount of torsional moment on the plan can be minimised. They argued that just by having a small 



Chapter 4- Generalised Force Method (GFM) of Analysis  

 

89 

 

stiffness eccentricity or small strength eccentricity, high torsional moments can still be generated in an 

earthquake. Authors suggest a procedure for the strength distribution to have the desired relative 

locations of centres of stiffness, strength and mass. Their recommended method assumes that strength 

distribution has a pattern which resembles the yield displacement distribution. Mittal and Jain proposed 

a formulation for distributing strength in the asymmetric structures [103]. Chandler and Duan have 

investigated the influence of stiffness eccentricity, design force reduction factor and translational period 

on the response behaviour of torsionally unbalanced buildings; and they have suggested a method for 

locating the eccentricity in the designing process [104]. Results of seismic performance of buildings 

designed in accordance with the proposed method were comparable with the buildings designed by the 

design codes of practice.  

Aziminejad and Moghadam concluded that for asymmetric buildings, favourable 

configurations of centres of mass, stiffness and strength depends on the ground motion characteristics 

and the extent of nonlinearity in the buildings [105]. At a low damage level, like Immediate Occupancy 

performance level, effects of relative configuration of strength centre are not significant. However, for 

moderate or high damage levels (e.g. Life-Safety and Collapse Prevention performance levels) a 

configuration in which the centre of mass is located in between the centres of strength and stiffness can 

minimise the adverse effects of torsional response behaviour for diaphragm rotation, inter-storey drift 

values and hinge rotations. For displacement ductility demand, the favourable configuration is one in 

which the centre of strength is located in between the centre of mass and centre of stiffness. For low 

torsional stiffness buildings, the effect of strength distribution is affecting the response values slightly. 

For the linear range of response behaviour, the favourable configuration occurs when the stiffness 

eccentricity is minimised, but for the nonlinear range of response behaviour, intensity and performance 

level and the damage indicator parameter are the factors determining the response behaviour. 

In a study by Pekau and Guimond, adequacy of taking a distance equal to 5% of the dimension 

at each principal axis of building as accidental eccentricity in the designing process has been 

investigated and concluded that this value is not enough [106]. In the current practice of seismic design, 

to account for the effects of simultaneous actions of multiple components of earthquakes, a structure 

can be analysed in each principal direction separately and then a percentage of the orthogonal direction 

actions is being added to the direction under investigation. This procedure is known as “β-percentage 

combination” rule. It is shown that this rule may result in either underestimation or overestimation of 

the dynamic forces. Interestingly no striking difference between 10%, 30% and 40% combination rules 

has been discerned. It is outlined that the response values were mainly dependent on soil class condition, 

motions intensity and the dynamic properties of structures such as torsional stiffness and the values of 

periods [107]. 
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 GENERALISED FORCE METHOD (GFM) OF ANALYSIS FOR 

TORSIONALLY UNBALANCED BUILDINGS 

This section seeks to provide straightforward design checks to estimate the seismic 

displacement demand and shear force profile of stiffness eccentric irregular in plan buildings. The 

method is capable of predicting the first six coupled torsional-translational mode shapes and periods 

using simple static analyses of the building model. The proposed method in this section is based on a 

previous research by Lam et al. [95], which is able to estimate the displacements of the edges of a 

torsionally unbalanced plan. In this study, the method has been enhanced to incorporate the effects of 

the higher modes in a tall building. 

4.3.2.1 Coupled torsional-translational response behaviour of a storey  

Figure 4-18 illustrates a one storey building having stiffness eccentricity. 

 

Figure 4-18 Coupled torsional-translational response behaviour of a storey 

One can write the following equations of motions for the translational and rotational degrees of 

freedom [95]: 

  m�̈� + 𝑘(𝑥 + 𝑒𝜃) = 0 4.15 

  J�̈� + 𝑘(𝑥 + 𝑒𝜃)𝑒 + 𝑘𝑡𝜃 = 0 4.16 

Where, m is mass; J is the torsional moment of inertia which is equal to mr 2 ; r is the mass-

radius of gyration; k is the translational stiffness; kt is the torsional stiffness; B is the distance from the 

edge of the building to the mass centre in the direction perpendicular to the direction of excitation; e is 

the eccentricity. 

e-B
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Following parameters have been defined (Equations (4.17) to (4.20)) to simplify Equations 

(4.15) and (4.16) 

𝑏2 =
𝑘𝑡
𝑘𝑦

 
4.17 

𝑏𝑟 =
𝑏

𝑟
 

4.18 

𝑒𝑟 =
𝑒

𝑟
 4.19 

𝐵𝑟 =
𝐵

𝑟
 

4.20 

Given Equations (4.15) to (4.20), equations of motions can be simplified and rewritten in the 

form of (4.21): 

   [
1 0
0 1

] {
�̈�𝑟
�̈�
} + 𝜔𝑥

2 [
1 𝑒𝑟
𝑒𝑟 𝑒𝑟

2 + 𝑏𝑟
2] {
𝑥𝑟
𝜃
} = {

0
0
} 4.21 

Let 𝜆𝑗
2 =

Ω𝑗
2

𝜔𝑗
2

𝑦𝑖𝑒𝑙𝑑𝑠
→      

   𝜔𝑥
2 [
1 𝑒𝑟
𝑒𝑟 𝑒𝑟

2 + 𝑏𝑟
2] {
𝑥𝑟
𝜃
} − Ω𝑗

2 [
1 0
0 1

] {
�̈�𝑟
�̈�
} = {

0
0
} 4.22 

Where, Ω𝑗 is the natural angular velocities of the coupled modes of vibration. 

By finding the Eigen-value and Eigen-vectors of Equation (4.22): 

𝜆𝑗
2 =

1 + 𝑏𝑟
2 + 𝑒𝑟

2

2
± √(

1 − (𝑏𝑟
2 + 𝑒𝑟

2)

2
)

2

+ 𝑒𝑟
2 4.23 

𝜃𝑗
2 =

𝜆𝑗
2 − 1

𝑒𝑟
 4.24 

And modal participation factor (Γ𝑐𝑜𝑢𝑝𝑙𝑒𝑑𝑗) for the coupled mode j, can be obtained by: 

Γ𝑐𝑜𝑢𝑝𝑙𝑒𝑑𝑗 =
1

1 + (
𝜆𝑗
2 − 1

𝑒𝑟
)2
=

1

1 + 𝜃𝑗
2 4.25 

By employing the principals of superposition, the displacement time history at the centres of 

mass and rigidity, and the edges of the plan can be calculated using Equations (4.26) to (4.28). 
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𝑥𝐶𝑀(𝑡) =∑
1

1 + 𝜃𝑗
2 .

2

𝑗=1

𝑥Ω𝑗(𝑡) 4.26 

𝑥𝐶𝑅(𝑡) =∑
𝜆𝑗
2

1 + 𝜃𝑗
2 .

2

𝑗=1

𝑥Ω𝑗(𝑡) 4.27 

𝑥𝐸𝑑𝑔𝑒(𝑡) =∑
1+ 𝜃𝑗(±𝐵𝑟)

1 + 𝜃𝑗
2 .

2

𝑗=1

𝑥Ω𝑗(𝑡) 4.28 

Where, 𝑥𝐶𝑀(𝑡) is the displacement time history at the centre of mass, 𝑥𝐶𝑅(𝑡)is the displacement 

time history at the centre of rigidity, 𝑥𝐸𝑑𝑔𝑒(𝑡) is the displacement time history at the edges of the plan 

and 𝑥Ω𝑗(𝑡) is the displacement time history of the jth coupled mode. 

Coupled torsional-translational periods can be estimated using Equation (4.29). 

   𝜆𝑗 =
Ω𝑗

ω𝑗

𝑦𝑖𝑒𝑙𝑑𝑠
→    𝑇𝑐𝑜𝑢𝑝𝑙𝑒𝑑𝑗 =

𝑇𝑡

𝜆𝑗
 4.29 

Where, 𝑇𝑡is the translational period, and 𝑇𝑐𝑜𝑢𝑝𝑙𝑒𝑑𝑗
is the jth coupled mode period. (j=1,2) 

Displacement time history values can be replaced by response spectral displacement parameter 

to find the square-root-of-the-sum-of-the-square (SRSS) combination of the response values of each 

quantity of the modes. 

𝛿𝐶𝑀 = √∑(
1

1 + 𝜃𝑗
2 .
𝑅𝑆𝐷(𝑇𝑐𝑜𝑢𝑝𝑙𝑒𝑑𝑗)

𝑅𝑆𝐷(𝑇𝑡)
)

22

𝑗=1

 4.30 

𝛿𝐶𝑅 = √∑(
𝜆𝑗
2

1 + 𝜃𝑗
2 .
𝑅𝑆𝐷(𝑇𝑐𝑜𝑢𝑝𝑙𝑒𝑑𝑗)

𝑅𝑆𝐷(𝑇𝑡)
)

22

𝑗=1

 4.31 

𝛿𝐸𝑑𝑔𝑒 = √∑(
1 + 𝜃𝑗(±𝐵𝑟)

1 + 𝜃𝑗
2 .

𝑅𝑆𝐷(𝑇𝑐𝑜𝑢𝑝𝑙𝑒𝑑𝑗)

𝑅𝑆𝐷(𝑇𝑡)
)

22

𝑗=1

 4.32 

Where, 𝑅𝑆𝐷(𝑇𝑐𝑜𝑢𝑝𝑙𝑒𝑑𝑗) is the response spectral displacement at the jth torsional-translational 

coupled mode period and 𝑅𝑆𝐷(𝑇𝑡) is the response spectral displacement at the translational period. 
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4.3.2.2 Methodology and procedure to estimate the torsionally unbalanced buildings 

response behaviour 

This section proposes a procedure for determining the first three significant translational 

periods and mode shapes and consequently estimating the two-coupled translational-torsional periods 

and modal shapes corresponding to each translational mode in the building. 

Three sets of independent static analyses shall be carried out to find the ratio of the torsional 

stiffness to the translational stiffness (br factor), location of the centre of rigidity of the equivalent SDOF 

system, and the fundamental translational period and the fundamental mode shape. 

A planar static analysis of structure should be performed to calculate the fundamental 

translational period and mode shape using the procedure recommended in Section 4.2.4.1. The effective 

displacement and the effective period and the mode shape can be computed from this step. To do it, the 

torsional degree of freedom of the system should be deactivated in the Finite Element Software 

(assuming a torsionally balanced (TB) building). 

Additional analyses shall be carried out to estimate the values of the input parameters. The first 

analysis is static analysis in which lateral loads are placed at the centre of mass of each floor. Edge 

displacements at the soft and stiff edges of the plan are obtained. The location of the lateral load is 

shifted horizontally to another point. It is recommended to place the loads to the soft edges of storey 

plans, by making use of equations that are presented to facilitate the calculation.  

4.3.2.2.1 Estimation of edge displacements 

Figure 4-19 describes the procedure to estimate the dynamic response displacements of 

torsionally unbalanced buildings. 
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Figure 4-19 Procedure to estimate the dynamic displacements of torsionally unbalanced buildings 

• Perform the code based static analysis method on the planar model of the 
building.

• Use GFM Part One (Section 4.2.4.1) to estimate the first translational mode 
shape and period.

1) Static analysis number 1

• Apply the previous load profile at the centre of mass of each floor.

• Measure the displacement at the soft and stiff edges of each floor and find the 
effective displacements. (𝛿𝑠𝑜𝑓𝑡 𝑒𝑑𝑔𝑒, 𝛿𝑠𝑡𝑖𝑓𝑓 𝑒𝑑𝑔𝑒)

2) Static analysis number 2

• Apply the previous load profile at the soft edge of each floor.

• Measure the displacement at the soft and stiff edges of each floor and find the 
effective displacements. (𝛿′𝑠𝑜𝑓𝑡 𝑒𝑑𝑔𝑒, 𝛿′𝑠𝑡𝑖𝑓𝑓 𝑒𝑑𝑔𝑒)

3) Static analysis number 3

• Calculate the e factor. Equation (4.35)

• Calculate the 𝑏𝑟 factor. Equation (4.41)

• Calculate the 𝑟, 𝑒𝑟 and 𝐵𝑟 factors. Equations (4.18) - (4.20)

• Calculate the 𝜆𝑖 and 𝜃𝑖 factors. Equations (4.23) - (4.24)

• Use the given values of the 𝜃𝑖 and 𝜆𝑖 factors, calculate the ratio of the soft 
edge and stiff edge displacements to the translational displacements for each 
mode. Equations (4.32)

4) Calculating the input parameters

• Use GFM Part Two (Section 4.2.4.2) to estimate the second and third 
translational mode shapes and periods.

𝛿𝑖,2−𝑡𝑟𝑎𝑛𝑠𝑙𝑎𝑡𝑖𝑜𝑛𝑎𝑙 = Γ2. 𝜙𝑖,2. 𝑅𝑆𝐷 0.25𝑇1−𝑡𝑟𝑎𝑛𝑠𝑙𝑎𝑡𝑖𝑜𝑛𝑎𝑙
𝛿𝑖,3−𝑡𝑟𝑎𝑛𝑠𝑙𝑎𝑡𝑖𝑜𝑛𝑎𝑙 = Γ3. 𝜙𝑖,3. 𝑅𝑆𝐷(0.10𝑇1−𝑡𝑟𝑎𝑛𝑠𝑙𝑎𝑡𝑖𝑜𝑛𝑎𝑙)

• Find the corresponding two coupled periods of each translational modes.
(Equation (4.29)),

• Multiply the soft and stiff edges coefficients to the translational
displacements corresponding to each translational mode at different levels to
estimate the displacements at the edges.

5) Estimating the modal response values

• Having the displacements of each mode from step 5, find the square-root-of-
the-sum-of-the-square (SRSS) combination of the displacement response 
values of the modes.

6) Estimating the dynamic displacement values
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Given Figure 4-20, Equations (4.33)-(4.36) can be used to determine the location of the centre 

of rigidity and its displacement. 

 

Figure 4-20 Finding the location of centre of rigidity and its displacement 

𝜃1 =
(𝛿𝑠𝑜𝑓𝑡 𝑒𝑑𝑔𝑒 − 𝛿𝑠𝑡𝑖𝑓𝑓 𝑒𝑑𝑔𝑒)

2𝐵
 4.33 

𝜃2 =
(𝛿′𝑠𝑜𝑓𝑡 𝑒𝑑𝑔𝑒 − 𝛿′𝑠𝑡𝑖𝑓𝑓 𝑒𝑑𝑔𝑒)

2𝐵
 4.34 

𝑒

𝑒 + 𝐵
=
𝜃1
𝜃2

 
⇒ 𝑒 =

𝐵𝜃1
𝜃2 − 𝜃1

 4.35 

𝛿′𝑠𝑜𝑓𝑡 𝑒𝑑𝑔𝑒 − 𝛿𝑠𝑜𝑓𝑡 𝑒𝑑𝑔𝑒

𝛿′𝑠𝑜𝑓𝑡 𝑒𝑑𝑔𝑒 − 𝛿0
=

𝐵

𝑒 + 𝐵

 
⇒ 𝛿0 =

𝛿𝑠𝑜𝑓𝑡 𝑒𝑑𝑔𝑒 . (𝐵 + 𝑒) − 𝛿′𝑠𝑜𝑓𝑡 𝑒𝑑𝑔𝑒 . 𝑒

𝐵
 4.36 

To determine the br factor, results of the static analysis in which the load is applied at the centre 

of mass can be utilised. When the load has been applied at the centre of mass, the resisting force and 

moment will act in the counterpart directions as shown in Figure 4-21. 

 

Figure 4-21 Finding the br factor 
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Following equations express the equilibrium for the torsionally unbalanced SDOF system: 

𝐹 = 𝑘. 𝛿0 4.37 

𝑀 = 𝐹. 𝑒 = 𝑘𝑡𝜃 4.38 

Substituting Equation (4.37) into Equation (4.38), yields: 

𝑒 =
𝑘𝑡
𝑘
.
𝜃

𝛿0
= 𝑏2

𝜃

𝛿0
 

4.39 

Having the geometry of the displaced plan, one can write the following equation: 

𝛿𝐸𝑑𝑔𝑒

𝛿0
=
𝛿0(𝐵 + 𝑒)𝜃

𝛿0
 

4.40 

Substituting Equation (4.39) into Equation (4.40), yields: 

𝛿𝐸𝑑𝑔𝑒

𝛿0
= 1 +

𝐵𝑟 + 𝑒𝑟

𝑏𝑟
2 𝑒𝑟

 
⇒ 𝑏𝑟 = √

𝐵𝑟 + 𝑒𝑟
𝛿𝐸𝑑𝑔𝑒
𝛿0

− 1

𝑒𝑟 

4.41 

4.3.2.2.2 Estimation of Storey Shear Force 

For buildings which are taller than 30.0, effects of higher modes cannot be neglected. This 

section addresses the methodology which should be undertaken to account for the higher mode effects 

using the generalised mode shapes and periods of Section 4.2.4.3 to estimate the shear force profile for 

torsionally unbalanced buildings. 

Based on the results of Section 4.2.4.3, one can write Equations (4.42) and (4.43) for the modal 

contributions to the floor inertia force (Fi,2) at the level i up the height of the building of translational 

modes 2 and 3. 

𝐹𝑡𝑟𝑎𝑛𝑠𝑙𝑎𝑡𝑖𝑜𝑛𝑎𝑙𝑖,2 = 𝑚𝑖Γ2. 𝜙𝑖,2. 𝑅𝑆𝐴(𝑇2−translational = 0.25𝑇1−translational)   4.42 

𝐹𝑡𝑟𝑎𝑛𝑠𝑙𝑎𝑡𝑖𝑜𝑛𝑎𝑙𝑖,3 = 𝑚𝑖Γ3. 𝜙𝑖,3. 𝑅𝑆𝐴(𝑇3−translational = 0.10𝑇1−translational) 4.43 

For each translational mode, Section 4.3.2.1 estimates two coupled torsional-translational 

modes (j=1,2). The following equations can be used to account for the floor inertia forces which are 

induced by each individual coupled modes of vibration: 

𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,1−j = Γ𝑐𝑜𝑢𝑝𝑙𝑒𝑑𝑗. 𝐹𝑡𝑟𝑎𝑛𝑠𝑙𝑎𝑡𝑖𝑜𝑛𝑎𝑙𝑖,1

𝑅𝑆𝐴(𝑇𝑐𝑜𝑢𝑝𝑙𝑒𝑑𝑗
)

𝑅𝑆𝐴(𝑇1−translational)
   

4.44 
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𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,2−j
= Γ𝑐𝑜𝑢𝑝𝑙𝑒𝑑𝑗

. 𝐹𝑡𝑟𝑎𝑛𝑠𝑙𝑎𝑡𝑖𝑜𝑛𝑎𝑙𝑖,2

𝑅𝑆𝐴(𝑇𝑐𝑜𝑢𝑝𝑙𝑒𝑑𝑗
)

𝑅𝑆𝐴(𝑇2−translational)
   4.45 

𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,2−j = Γ𝑐𝑜𝑢𝑝𝑙𝑒𝑑𝑗 . 𝐹𝑡𝑟𝑎𝑛𝑠𝑙𝑎𝑡𝑖𝑜𝑛𝑎𝑙𝑖,2

𝑅𝑆𝐴(𝑇𝑐𝑜𝑢𝑝𝑙𝑒𝑑𝑗
)

𝑅𝑆𝐴(𝑇2−translational)
   4.46 

Given the modal displacement profiles provided, the total floor inertia forces can be obtained 

by applying the square-root-of-the-sum-of-the-square (SRSS) combination of the response values of 

each quantity of the coupled torsional-translational modes. Given that the SRSS combination rule 

inherently does not account for the direction of the floor inertia forces, the direction of these forces (as 

vectors) should be kept similar to the initial translational force vectors at each floor (floor i). Thus, the 

total inertia forces of each translational mode should be obtained by the use of Equations (4.47) -(4.49). 

𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,1
= √𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,1−1

2 + 𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,1−2
2   

4.47 

𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,2 =

{
 

 √𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,2−1
2 + 𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,2−2

2 Γ2. 𝜙𝑖,2 ≥ 0

−√𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,2−1
2 + 𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,2−2

2 Γ2. 𝜙𝑖,2 < 0

   4.48 

𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,3 =

{
 

 √𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,3−1
2 + 𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,3−2

2 Γ3. 𝜙𝑖,3 ≥ 0

−√𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,3−1
2 + 𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,3−2

2 Γ3. 𝜙𝑖,3 < 0

   4.49 

Modal contributions to the storey shear forces for each translational mode are then summed 

using Equations (4.50) to (4.52). 

𝑉𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,1 =∑𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑘,1

𝑛

𝑘=𝑖

 4.50 

𝑉𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,2 =∑𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑘,2

𝑛

𝑘=𝑖

 4.51 

𝑉𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,3 =∑𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑘,3

𝑛

𝑘=𝑖

 4.52 

Given the modal shear force profiles provided by Equations (4.50) to (4.52), square-root-of-

the-sum-of-the-square (SRSS) combination of the contributions from the 1st, 2nd and 3rd modes of 

vibration to the overall shear force demand at level i, can be calculated using Equation (4.53). 
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   𝑉𝑖
∗ = √𝑉𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,1

2 + 𝑉𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,2
2 + 𝑉𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,3

2  4.53 

Figure 4-22 illustrates the algorithm for determining the shear force profile considering the 

effects of higher modes for the eccentric tall buildings. 

 

Figure 4-22 Procedure to estimate the dynamic shear force profile of torsionally unbalanced buildings 

 

• Calculate er , br , 𝜆𝑗 , 𝜃𝑗 , and also Γ𝐶𝑜𝑢𝑝𝑒𝑙𝑑𝑗 and 𝑇𝐶𝑜𝑢𝑝𝑒𝑙𝑑𝑗for each 

translational mode using steps 1-4 of Figure 4-17.

1) Input paramteres

• Given the shear force profile of the first translational mode (using the GFM 
Part One of Section 4.2.4.1 and performing the elastic analysis on the planar 
model), inertia forces corresponding to the first translational mode can be 
obtained.

• Using Equations (4.42) and (4.43), inertia forces corresponding to the second 
and third translational modes can be estimated.

2) Translational inertia forces

• For each translational mode, Section 4.3.2.1 estimates two coupled torsional-
translational modes (j=1,2). 

• Amount of floor inertia forces corresponding to each coupled mode can be 
found by Equations (4.44) to (4.46).

• Estimate the inertia forces of each floor by Equations (4.47) to (4.49).

3) Torsional-translational inertia forces

• Compute the shear force profile for each translational mode using Equations 
(4.50) to (4.52).

• Find the total shear force profile by Equation (4.53).

4) Shear force profile
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 EXAMPLE 

To demonstrate the robustness of the proposed method, a stiffness eccentric plan layout based 

on the framing plan of the Floor Plan Type 2 (CHAPTER 3) is considered (Figure 4-23). The inter-

storey height for the first and second storeys is 4.2 m. The inter-storey height for the other storeys is 

3.2 m. Vertical irregularities were created by introducing discontinuities into twelve columns (at B-2 to 

G-2 and B-7 to G-7 in Figure 4-23) at the second storey level of the 15-storey building. 

The example buildings have been designed for permanent loads (self-weight of the structural 

elements plus superimposed dead load of 0.8 kPa) and live loads of 3.0 kPa. In the design for wind 

actions in compliance with Australian Standard AS/NZS1170.2:2011[84], Terrain Category 3 in region 

A5 was assumed. In the design for seismic actions in compliance with AS1170.4:2007 [17] a hazard 

factor (Z) of 0.08g, stiff soil class (C) and probability (kp) factor of 1.0 have been adopted. The structural 

design of the reinforced concrete elements is in compliance with Australian Standard AS3600:2009 

[78]. Beams and slabs in support of the building floor are constructed of Grade 32 concrete whereas 

lateral resisting elements (columns and walls) are constructed of Grade 40 concrete. Reinforcements 

are D500N bars. 

 

Figure 4-23 Framing plan and locations of discontinuous columns 

The procedures described in Figure 4-19 and Figure 4-22 have been employed to calculate the modal 

response values of the example building. The case study example building is highly torsionally 

unbalanced and can be classified as a tall building. 
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Table 4-5 Storey mass values and amount of displacements at the centre of mass and edges of the plan 

Storey Mass (kg) 

load at the centre of mass load at the soft edge 

δCM  

(mm) 

δsoft edge 

(mm) 

δstiff edge 

(mm) 

δ'CM  

(mm) 

δ'soft edge 

(mm) 

δ'stiff edge 

(mm) 

15 1148861 56.8 87.1 27.0 87.8 191.7 -14.0 

14 1192213 53.0 82.5 24.9 81.9 181.7 -13.2 

13 1192213 49.4 77.4 22.7 76.9 170.8 -12.5 

12 1197828 45.6 71.8 20.5 71.6 158.8 -11.7 

11 1204381 41.6 66.0 18.3 65.9 146.3 -10.8 

10 1204381 37.5 59.9 16.2 59.9 132.8 -9.8 

9 1214590 33.2 53.3 14.0 53.5 118.6 -8.9 

8 1226634 29.1 46.9 12.0 47.2 104.5 -7.8 

7 1226801 24.8 40.3 10.0 40.6 89.9 -6.7 

6 1236863 20.6 33.6 8.1 33.8 75.0 -5.7 

5 1248121 16.2 26.6 6.2 26.8 59.4 -4.5 

4 1248121 11.9 19.7 4.5 19.9 44.1 -3.3 

3 1272702 8.1 13.4 3.0 13.6 30.0 -2.3 

2 1448341 5.1 8.5 1.8 8.7 18.9 -1.3 

1 1359095 1.8 3.0 0.6 3.0 6.5 -0.3 

Base - 0.0 0.0 0.0 0.0 0.0 0.0 

δeff 39.13 61.20 18.04 61.12 135.17 -9.94 
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Table 4-6 Translational and torsional-translational coupled modal periods from GFM and Etabs 

Mode 
1st coupled mode 2nd coupled mode 3rd coupled mode 

Ttranslational,1 T1-coupled,1 T2-coupled,1 Ttranslational,2 T1-coupled,2 T2-coupled,2 Ttranslational,3 T1-coupled,3 T2-coupled,3 

Period (S)- GFM 1.66 1.27 2.19 0.41 0.32 0.55 0.17 0.13 0.22 

RSD (mm) 14.13 12.12 14.13 3.96 2.83 5.24 0.77 0.45 1.35 

RSA (g) 0.0929 0.0304 0.0118 0.0929 0.1133 0.0702 0.1133 0.1133 0.1133 

Period (S) - Etabs 1.67 1.36 2.38 0.43 0.32 0.76 0.2 0.14 0.38 
 

Table 4-7 Required modal parameters of GFM to estimate the displacements at the edges 

B 20.90 
    

θ1 0.00103 
    

θ2 0.00347 
    

e 8.85 
    

∆0 29.89 
    

r 16.02 
 1st coupled mode 

Soft edge displacement ratio 1.28 

er 0.55 
 

Stiff edge displacement ratio 0.86 

Br 1.30 
 2nd coupled mode 

Soft edge displacement ratio 1.67 

br 0.99 
 

Stiff edge displacement ratio 0.72 

𝜆1 1.31 
 3rd coupled mode 

Soft edge displacement ratio 2.20 

𝜆2 0.76 
 

Stiff edge displacement ratio 0.59 

θ1 1.29 
    

θ2 -0.78 
    

Γ𝑐𝑜𝑢𝑝𝑙𝑒𝑑1 0.38 
    

Γ𝑐𝑜𝑢𝑝𝑙𝑒𝑑2 0.62 
    



Chapter 4- Generalised Force Method (GFM) of Analysis  

 

102 

 

 

Table 4-8 Details of the calculation of the soft edge displacements at each level (Units: mm) 

Storey 𝛿𝑖,1
∗  𝛿𝑖,1−𝑠𝑜𝑓𝑡 𝑒𝑑𝑔𝑒

∗  Γ2. 𝜙𝑖,2 𝛿𝑖,2−translational 𝛿𝑖,2−𝑠𝑜𝑓𝑡 𝑒𝑑𝑔𝑒  Γ3. 𝜙𝑖,3 𝛿𝑖,3−translational 𝛿𝑖,3−𝑠𝑜𝑓𝑡 𝑒𝑑𝑔𝑒  𝛿𝑖,ℎ𝑖𝑔𝑒ℎ𝑟 𝑚𝑜𝑑𝑒𝑠−𝑠𝑜𝑓𝑡 𝑒𝑑𝑔𝑒
∗  𝛿𝑑𝑦𝑛𝑎𝑚𝑖𝑐  

15 21.13 26.94 0.64 2.53 4.23 0.31 0.24 0.53 27.28 26.9 

14 19.65 25.06 0.47 1.85 3.09 0.15 0.12 0.26 25.25 25.2 

13 18.12 23.10 0.27 1.09 1.82 -0.02 -0.02 -0.04 23.17 23.5 

12 16.53 21.08 0.08 0.30 0.51 -0.18 -0.14 -0.31 21.09 21.8 

11 14.94 19.05 -0.11 -0.45 -0.75 -0.29 -0.22 -0.49 19.08 20.2 

10 13.35 17.03 -0.28 -1.12 -1.87 -0.31 -0.24 -0.53 17.14 18.5 

9 11.71 14.94 -0.42 -1.66 -2.78 -0.26 -0.20 -0.44 15.20 16.8 

8 10.13 12.91 -0.52 -2.04 -3.42 -0.14 -0.11 -0.23 13.36 15.1 

7 8.54 10.89 -0.57 -2.25 -3.76 0.02 0.01 0.03 11.52 13.3 

6 7.01 8.93 -0.57 -2.27 -3.79 0.17 0.13 0.29 9.71 11.5 

5 5.47 6.98 -0.53 -2.12 -3.54 0.28 0.22 0.48 7.84 9.5 

4 4.00 5.10 -0.46 -1.82 -3.05 0.33 0.26 0.57 5.96 7.4 

3 2.74 3.49 -0.36 -1.41 -2.36 0.32 0.25 0.55 4.25 5.3 

2 1.64 2.09 -0.24 -0.94 -1.56 0.25 0.19 0.42 2.65 3.5 

1 0.60 0.77 -0.11 -0.44 -0.73 0.13 0.10 0.22 1.08 1.3 

Base 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.00 0.0 
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Table 4-9 Shear force profile corresponding to the first translational mode (Units: kN) 

Storey 𝑉𝑡𝑟𝑎𝑛𝑠𝑙𝑎𝑡𝑖𝑜𝑛𝑎𝑙𝑖,1 𝐹𝑡𝑟𝑎𝑛𝑠𝑙𝑎𝑡𝑖𝑜𝑛𝑎𝑙𝑖,1 𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,1−1 𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,1−2 𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,1 𝑉𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,1 

15 349 349 193 69 205 205 

14 683 333 184 66 195 400 

13 987 304 168 60 178 578 

12 1264 277 153 55 162 740 

11 1515 251 138 49 147 887 

10 1739 224 123 44 131 1018 

9 1938 199 110 39 117 1135 

8 2113 175 97 34 103 1237 

7 2263 150 83 30 88 1325 

6 2390 127 70 25 74 1400 

5 2494 103 57 20 60 1460 

4 2573 80 44 16 47 1507 

3 2632 59 32 12 35 1541 

2 2676 44 24 9 26 1567 

1 2692 16 9 3 10 1576 
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Table 4-10 Shear force profile corresponding to the higher translational modes (Units: kg, mm) 

Storey m 𝐹𝑡𝑟𝑎𝑛𝑠𝑙𝑎𝑡𝑖𝑜𝑛𝑎𝑙𝑖,2 𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,2−1 𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,2−2 𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,2 𝑉𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,2 𝐹𝑡𝑟𝑎𝑛𝑠𝑙𝑎𝑡𝑖𝑜𝑛𝑎𝑙𝑖,3 𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,3−1 𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,3−2 𝐹𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,3 𝑉𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,3 

15 1148861 668 306 315 440 440 398 149 248 290 149 

14 1192213 507 232 239 334 773 204 77 127 148 77 

13 1192213 299 137 141 196 970 -30 -11 -19 -22 -11 

12 1197828 84 38 40 55 1025 -241 -91 -151 -176 -91 

11 1204381 -124 -57 -59 -82 943 -382 -144 -239 -279 -144 

10 1204381 -309 -142 -146 -204 740 -419 -157 -261 -305 -157 

9 1214590 -463 -212 -219 -305 435 -348 -131 -217 -254 -131 

8 1226634 -576 -264 -272 -379 56 -187 -70 -117 -136 -70 

7 1226801 -634 -290 -299 -417 -361 24 9 15 17 9 

6 1236863 -645 -296 -305 -424 -786 230 87 144 168 87 

5 1248121 -608 -279 -287 -400 -1186 388 146 242 283 146 

4 1248121 -523 -240 -247 -344 -1530 462 174 289 337 174 

3 1272702 -413 -189 -195 -272 -1802 454 171 283 331 171 

2 1448341 -311 -143 -147 -205 -2006 400 150 250 291 150 

1 1359095 -137 -63 -65 -90 -2096 196 74 123 143 74 
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Table 4-11 Shear force profile incorporating higher modes (Units: kN) 

Storey 𝑉𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,1
 𝑉𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,2

 𝑉𝐶𝑜𝑢𝑝𝑙𝑒𝑑𝑖,3
 𝑉𝑖

∗ 

15 205 440 149 565 

14 400 773 77 975 

13 578 970 -11 1203 

12 740 1025 -91 1287 

11 887 943 -144 1295 

10 1018 740 -157 1304 

9 1135 435 -131 1354 

8 1237 56 -70 1439 

7 1325 -361 9 1549 

6 1400 -786 87 1696 

5 1460 -1186 146 1899 

4 1507 -1530 174 2148 

3 1541 -1802 171 2405 

2 1567 -2006 150 2639 

1 1576 -2096 74 2754 

 

Figure 4-24 compares the results of the torsionally unbalanced building in terms of the soft 

edge displacement profile and the storey shear force profile based on the use of Response Spectrum 

Analysis (RSA), Generalised Force Method (GFM) of Analysis and Equivalent Static Analysis (ESA) 

methods. 
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Figure 4-24 Soft edge displacement and storey shear force profiles- worked example 

4.4 SUMMARY 

Force-based (FB) analysis which is assuming linear elastic behaviour for a structure is the norm 

in contemporary design practices. Static analysis is the most straightforward form of FB analysis and is 

easy to evaluate by a competent designer. However, code specified static analysis procedures for 

seismic design are restricted to low rise buildings that are free from irregularities and hence not 

commonly applied in practice. Dynamic analysis is therefore most commonly used, but results reported 

by the computer are difficult to evaluate independently. 

This chapter is aimed at introducing an analysis method known as the Generalised Force 

Method (GFM) to address the shortcomings of conventional FB analysis method. The method 

introduced in section one is applicable to torsionally balanced buildings (plan symmetric building) and 

the second section attempts to quantify the modal response behaviour of asymmetric buildings with 

stiffness eccentricity. 

Each of the sections has two parts. Part One of GFM may only be used for low rise buildings 

but vertical irregularities allowed. Part two incorporates extra steps to account for the effects of the 

higher modes and hence is not subject to height range restrictions. 
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Parametric studies involving some 75 example buildings with 5 floor plan types (CHAPTER 

3) have been undertaken to produce results that have been made use of in developing the GFM. It is 

shown from results of the parametric studies that natural periods and mode shape properties of buildings 

in the database are very well constrained thereby allowing those properties to be generalised and 

assimilated into the newly developed analysis procedure. 
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CHAPTER 5  

 

NONLINEAR MODELLING OF LIMITED DUCTILE 

COMPONENTS 
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5.1 INTRODUCTION 

The proliferation of relatively cheaper and faster computers has led to the common use of the 

rigorous and complicated methods of analysis. However, even up to now, modelling of limited ductile 

components is a challenge. The first part of this chapter presents an accurate and robust modelling 

technique while keeping it simple to numerically simulate limited ductile RC beam/column 

components. This modelling technique can constitute a step forward in the use of nonlinear analysis 

methods which are frequently being used in the research. In the second part of this chapter, existing 

modelling techniques for the modelling of the limited ductile walls/cores has been reviewed. These 

modelling techniques will be used to model reliable models of limited ductile regular and irregular 

buildings in the next chapters to assess their seismic performance. 

5.2 REINFORCED CONCRETE BEAMS/COLUMNS MODLLEING 

A seminal study was conducted by Lu et al.[108] in the area of collapse simulation of reinforced 

concrete high-rise buildings. Modelling techniques for proper simulation of the RC buildings in the 

seismic assessments are proposed. The use and the capabilities of fibre beam/column elements, and the 

technique of the deactivation of elements to simulate the collapse of high-rise buildings has been 

discussed extensively in this paper. A considerable amount of literature has been published on the use 

and abilities of fibre beam/column elements. It is pointed out that fibre sections accurately simulate the 

flexural behaviour of the elements but cannot capture the failure due to the shear degradation [109-111]. 

“A principal limitation of conventional beam-column element fibre formulations is the assumption that 

plane sections remain plane, such that shear lag effects associated with flexure and warping torsion are 

not captured” [112]. Two major studies on the analytical modelling of lightly reinforced concrete 

columns have been conducted by Elwood et al. and LeBorgne et al. [113, 114]. In these studies, fibre 

sections along with the shear springs at the ends of the components were used to model the governing 

shear response behaviour based on the distributed plasticity modelling techniques using OpenSEES 

software [115]. Based on their studies, two element types have been implemented and coded in 

OpenSEES. These elements are capable of accurate simulation and detection of shear failure 

mechanism. However, numerical simulations using these elements are computationally expensive and 

are often faced with convergence issues.  

This section seeks to address the need for an accurate and robust modelling technique for the 

analytical simulations of limited ductile RC beam/column elements. 18 columns were numerically 

simulated, using the proposed modelling technique in the nonlinear finite element package OpenSEES. 

Results demonstrate an acceptable agreement with the results of experiments of limited ductile columns 

obtained from the literature.  
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 BEAM/COLUMN COMPONENTS FAILURE MODES 

Relative amounts of shear and flexural capacities dictates the nonlinear load-deformation 

relationship of a beam/column component. When the ultimate flexural capacity of an element is less 

than the shear capacity, failure can occur due to the degradation of flexural capacity (Figure 5-1). 

 In the case when the shear capacity is less than the ultimate flexural capacity, displacement 

behaviour is controlled by the shear mechanism (Figure 5-2) which is characterised by a sudden 

decrease in the load-deformation behaviour. The sudden decrease is caused by diagonal shear cracks 

resulting in the two sides of the cracks, sliding against each other. Hence, the component is not stable 

and cannot absorb extra energy. In contrast to the shear failure, reinforcements and concrete materials 

gradually reach their ultimate strain and component can sustain its stability when a flexural failure 

mechanism happens.  

Shear capacity degrades significantly as ductility demand increases. A beam/column 

component can have a load-deformation behaviour which is initially governed by flexure (as the 

nominal shear capacity exceeds the ultimate failure capacity) but ultimately fails in the shear mode of 

failure (as shown in Figure 5-3). 

 

Figure 5-1: Flexural failure mechanism 

 

Figure 5-2: Shear failure mechanism 
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Figure 5-3: Flexural-shear failure mechanism 

Different failure mode types, according to the hook type arrangements and amount of 

corresponding shear demand at the onset of flexural yielding of plastic hinges (𝑉𝑝) and the undegraded 

shear capacity of the section (i.e. at low ductility values) (𝑉0), have been classified by ASCE 41-13 

standard [15]. 

Table 5-1 Column failure mode types according to the ASCE 41-13 standard [15] 

Shear capacity ratio Seismic detailed columns with 135o hooks Closed hoops with 90 o hooks 

𝑉𝑝
𝑉0
≤ 0.6 

flexure failure flexure-shear failure 

0.6 ≤
𝑉𝑝
𝑉0
≤ 1.0 

flexure-shear failure flexure-shear failure 

𝑉𝑝
𝑉0
≥ 1.0 

shear failure shear failure 

 

Figure 5-4 illustrates the corresponding shear force at the onset of flexural yielding of plastic 

hinges. 

 

Figure 5-4 Shear force at the onset of flexural yielding of plastic hinges 
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   𝑉𝑃 =
2𝑀𝑃

ℎ
 5.1 

Where, h is the height of the column and Mp is the plastic flexural capacity of the section. 

Hence, it is expected that limited ductile beam/column components designed in accordance 

with AS3600:2009  [78] fail in the shear or flexure-shear modes of failure types. 

 PROPOSED ANALYTICAL PLASTIC HINGE MODEL 

The load-deformation relationship can be defined by estimating the strength and deformation 

capacities of the beam/column components. In this study, the monotonic load-deformation curve 

(backbone curve) have been modelled using sectional Moment-Curvature analysis to estimate the 

flexural strength capacities. Empirical formulae were employed to estimate the lateral drift ratio at the 

onset of shear and axial load failure modes. Furthermore, hysteretic behaviour of the beam/column 

components under cyclic load was calibrated to experimental results of limited ductile columns obtained 

from the literature. 

5.2.2.1 Monotonic Response Behaviour (Backbone Curve) 

In this study, a nonlinear finite element computer program OpenSEES [115] have been utilised 

to model the shear critical beam/column members. Two ZeroLength Elements were used as hinges for 

the concentrated plasticity zones at the ends of beam/column components (Figure 5-5). The elements 

were used to account for the nonlinear flexural response as well as the shear response behaviour and 

bar-slippage at the ends of beam/column components.  

To define the backbone curves (load-deformation relationship), Hysteretic Uniaxial Material, 

a built-in material in OpenSEES, was adopted. The material has the capability to model any arbitrary 

hysteretic response shape, including pinching behaviour and variable unloading stiffness. This material 

model is also consistent with the backbone curve recommended in the seismic performance assessment 

guidelines (e.g. ASCE 41-13 [15]). The material model is based on the three positive and three negative 

points to define the trilinear backbone curve in the positive and negative directions of loading (Figure 

5-6). Having diverse parameters to account for the damage and pinching behaviour has made this 

material an appropriate tool for modelling the shear-controlled components. In this study, along with 

the ZeroLength Elements, an Elastic Beam Column Element is used to model the beam/column 

components (Figure 5-5). 
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Figure 5-5: Elements used to model the 

column 

Figure 5-6: Monotonic behaviour of the uniaxial Hysteretic 

Material 

5.2.2.1.1 Empirical Equations Predicting Response Behaviour of Shear Critical Columns 

Two major studies on the estimation of drift ratio at the onset of shear and axial failure have 

been conducted in the past. Elwood and Moehle [113, 116] suggested that the drift ratio at the shear (
∆𝑠

𝐿
) 

and axial load (
∆𝑎

𝐿
) failure can be found using Equations (5.2) and (5.3): 

   
∆𝑠

𝐿
=

3

100
+ 4𝜌𝑡 −

1

40

𝜐

√𝑓𝑐
′
−
1

40

𝑃

𝐴𝑔𝑓𝑐
′ ≥

1

100
 

5.2 

Where,  

 𝜌𝑡is the transverse reinforcement ratio, 𝜐 is the nominal shear stress (MPa), 𝑓𝑐
′ is 

the concrete compressive strength (MPa), 𝑃 is the axial load on the column and 𝐴𝑔 

is the column cross-sectional area. 

 

    
∆𝑎

𝐿
=

4

100

1+(tan𝜃)2

tan𝜃+𝑃(
𝑠

𝐴𝑠𝑡𝐹𝑦𝑡𝑑𝑐 tan𝜃
)
  5.3 

Where,  

 𝑑𝑐 is the depth of the column core from centre line to centre line of the ties, S is 

the spacing of the transverse reinforcement,  𝐴𝑠𝑡  is the area of transverse 

reinforcement, 𝐹𝑦𝑡  is the yield strength of the transverse reinforcement, 𝜃 is the 

critical crack angle, assumed to be 65°. 
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In the same context, a study on lightly reinforced columns has been conducted by Wibowo et 

al. [117]. Equation (5.4) was proposed to compute the drift ratio at the onset of axial load failure (𝛿𝑎𝑓). 

This point corresponds to the strength equals to the half of the ultimate lateral strength which can be 

found from sectional Moment-Curvature analysis. 

    𝛿𝑎𝑓 = 5(1 + 𝜌𝑣)
−
1
1−𝛽 + 7𝜌ℎ +

1

5𝑛
 5.4 

Where,  

 𝜌ℎ  is the longitudinal reinforcement ratio,  𝜌𝑣 is the transverse reinforcement 

ratio, 𝛽 =
𝑛

𝑛𝑏
, where 𝑛 is the axial load ratio and 𝑛𝑏 is the axial load ratio at the 

balance point on the interaction diagram.  

The drift at the onset of shear failure can be calculated using linear interpolation between  𝛿𝑎𝑓 

and the drift ratio when the ultimate lateral strength is reached. The shear failure is defined when the 

lateral strength has degraded to 0.8 of the ultimate lateral strength of the column. 

5.2.2.1.2 Flexural Response Behaviour and Flexural Stiffness 

Using a sectional Moment-Curvature analysis, the yield curvature (𝜙𝑦)  and the ultimate 

curvature (𝜙𝑢) can be obtained. For a cantilever column, the drift ratio at yield is defined by Equation 

(5.5): 

    θ𝑦 =
𝜙𝑦𝑙

3
 5.5 

Where, 𝑙 is the height of the cantilever column. 

The effective moment of inertia ( 𝐼𝑒𝑓𝑓) can be calculated using Equation (5.6), where E is the 

modulus of elasticity. 

𝜙𝑦 =
𝑀𝑦

𝐸𝐼𝑒𝑓𝑓

𝑦𝑖𝑒𝑙𝑑𝑠
→    𝐸𝐼𝑒𝑓𝑓 =

𝑀𝑦

𝜙𝑦
 5.6 

Having the values of 𝜙𝑢and 𝜙𝑦, plastic rotation (θ𝑝𝑙) can be computed. 

θ𝑝𝑙 = (𝜙𝑢 − 𝜙𝑦)𝐿𝑝  5.7 

Where, 𝐿𝑝 is the plastic hinge length, which can be estimated by using Equation (5.8) [118].  

𝐿𝑝 = 0.05𝑙 +  0.5𝐷  5.8 
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Where, D is the column depth. 

Equation (5.9) can be used to compute the contribution of the flexural component of response 

behaviour at the drift corresponding to the ultimate flexural strength (θ𝑢,𝑓𝑙𝑒𝑥). 

θ𝑢,𝑓𝑙𝑒𝑥 = θ𝑦 + θ𝑝𝑙 5.9 

5.2.2.1.3 Shear Stiffness 

Shear stiffness at the onset of flexural yielding can be computed using the elastic shear stiffness 

of the element. 

𝑘𝑠ℎ𝑒𝑎𝑟 =
5

6
 𝐺𝐴𝑙 5.10 

Where, G is the shear modulus of the concrete material and A is the cross-sectional area of the 

element. 

5.2.2.1.4 Effect of Bar-Slippage in the Response Behaviour 

The effects of bar-slippage can be modelled by using springs located at the ends of the 

beam/column components. Two analytical equations for the estimation of rigid-body rotations due to 

the slipping of the longitudinal reinforcements for different rebars strain limits have been proposed by 

Sezen and Moehle [119]. The rotational stiffness due to the bar-slippage can be computed using 

Equations (5.11) and (5.12). 

 𝑘𝑠𝑙𝑖𝑝1 =
𝑀𝑦8√𝑓𝑐

′(𝐷−𝐶)

𝑠𝑓𝑠𝑑𝑏
  , 휀𝑠 ≤ 휀𝑦 5.11 

𝑘𝑠𝑙𝑖𝑝2 =
𝑀𝑦8√𝑓𝑐

′(𝐷−𝐶)

⌈ 𝑦𝑓𝑦+2( 𝑠+ 𝑦)(𝑓𝑠−𝑓𝑦)⌉𝑑𝑏
  , 휀𝑠 > 휀𝑦 5.12 

Where,  

 휀𝑠is the strain in reinforcing bar, 휀𝑦 is the yielding strain of the reinforcing bar, 𝐷 is 

the section depth, 𝐶 is the neutral axis depth, 𝑑𝑏 is the reinforcement diameter, 𝑓𝑠 

is the stress in longitudinal reinforcements and 𝑓𝑦 is the yield strength of the 

longitudinal reinforcements. 

5.2.2.1.5 Total Response Behaviour 

The amount of total stiffness (𝑘1) of the hinge before yielding occurrence in the element can be 

calculated using Equation (5.13). 
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    𝑘1 = (𝑘𝑠ℎ𝑒𝑎𝑟
−1 + 𝑘𝑠𝑙𝑖𝑝

−1)−1 5.13 

The amount of stiffness due to the flexural response before yielding is assigned directly to the 

elastic element (as shown in Figure 5-5). 

Equation (5.14) can be used to estimate the total stiffness (𝑘2) of the element after yielding.  

    𝑘2 = (𝑘𝑓𝑙𝑒𝑥
−1 + 𝑘𝑠ℎ𝑒𝑎𝑟

−1 + 𝑘𝑠𝑙𝑖𝑝
−1)−1 5.14 

Where, the post-yield flexural stiffness (𝑘𝑓𝑙𝑒𝑥) is: 

    𝑘𝑓𝑙𝑒𝑥 =
𝑀𝑢,𝑓𝑙𝑒𝑥 −𝑀𝑦

θ𝑝𝑙
 5.15 

𝑀𝑢,𝑓𝑙𝑒𝑥 is the ultimate flexural capacity which can be found using sectional Moment-Curvature 

analysis. 

5.2.2.2 Implementation in OpenSEES 

To define the trilinear backbone curve (shown in Figure 5-6) for the monotonic response 

behaviour, six inputs are needed to define the Hysteretic Uniaxial Material (three inputs to define the 

backbone in the positive loading direction and three inputs for the negative loading direction). The 

negative backbone curve in this study was assumed to be identical to the positive backbone curve. The 

pre-yield flexural stiffness was accounted for by assigning the flexural stiffness directly to the elastic 

element (Figure 5-5). The value of (EI) should account for the stiffness reduction due to cracking 

(𝐸𝐼𝑒𝑓𝑓). 

As mentioned in subsection 5.2.1, the load-deformation relationship depends highly on the 

shear strength values. The nominal shear capacity can be obtained by calculating the shear strength 

value (𝑉𝑛) in accordance with the standard design procedure for the concrete structures (AS 3600:2009  

[78]). The value shall then be multiplied by the height of the element to calculate the moment 

corresponding to the shear capacity (𝑀𝑛). 

The failure mechanism can be determined by comparing 𝑀𝑢,𝑓𝑙𝑒𝑥   obtained from the sectional 

Moment-Curvature analysis to the 𝑀𝑛 value (Figure 5-1 to Figure 5-3). The parameter S1P in Figure 

5-6 corresponds to the yield strength of the element (𝑀𝑦). The parameter e1P in Figure 5-6 is the initial 

rotation ( θ𝑖) due to bar-slippage and shear displacement before yielding and can be calculated using 

Equation (5.16). 
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    θ𝑖 =
𝑀𝑦

k1
 5.16 

The parameter S2P is the ultimate capacity of the element, which should be taken as the lesser 

of 𝑀𝑛 and 𝑀𝑢,𝑓𝑙𝑒𝑥. The parameter S3P is the residual strength which can be taken as 0.7 × 𝑆2𝑃. Sezen 

and Moehle [120] suggested that the shear strength can be reduced linearly from the ultimate shear 

strength (Vn) to the minimum value which equals to the 0.7 of the ultimate strength. Either Equation 

(5.2) or Equation (5.3) can be used to define e3P parameter which corresponds to the drift at the onset 

of axial load failure. 

5.2.2.3 Validation of Proposed Modelling Technique 

The validity of the proposed modelling technique has been verified using a database of 

experimental tests on shear critical columns available in the literature [121, 122].  The properties of the 

selected column specimens are summarised in Table 5-2. Except for the specimen U6 [123] which failed 

in flexure, the rest of the specimens have failed in shear failure mode. Specimen U6 has been selected 

to check the capability of the suggested technique to model the load-deformation behaviour of a ductile 

column. 

Table 5-2 Experimental database used to check the validity of the results (units are in mm, kN and MPa) 

Test Specimen 
Section 

depth 

Section 

width 
𝜌𝑙 𝐹𝑦𝑙 𝐹𝑦𝑡 𝜌𝑡 𝑓𝑐

′ 
Axial 

load 

Ikeda (1968) [124] 

IK 43 200 200 0.0199 434.4 558.5 0.0028 19.6 78 

IK 44 200 200 0.0199 434.4 558.5 0.0028 19.6 78 

IK 46 200 200 0.0266 434.4 558.5 0.0028 19.6 157 

IK 62 200 200 0.0197 344.8 475.8 0.0028 19.6 78 

IK 63 200 200 0.0197 344.8 475.8 0.0028 19.6 157 

IK 64 200 200 0.0197 344.8 475.8 0.0028 19.6 157 

Lynn (1996)[125] 

2CLH18 457.2 457.2 0.0194 331.0 399.9 0.0007 33.1 503 

2CMH18 457.2 457.2 0.0194 331.0 399.9 0.0007 25.5 1512 

3CLH18 457.2 457.2 0.0303 331.0 399.9 0.0007 26.9 503 

3CMH18 457.2 457.2 0.0303 331.0 399.9 0.0007 27.6 1512 

Nagasaka (1982)[126] HPRC19-32 200 200 0.0127 371.0 344.0 0.0119 21.0 294 

Saatcioglu and 

Ozcebe (1989) [123] 

U1 350 350 0.0321 430.0 470.0 0.0030 43.6 0 

U2 350 350 0.0321 453.0 470.0 0.0030 30.2 592 

U3 350 350 0.0321 430.0 470.0 0.0060 34.8 600 

U6 350 350 0.0321 437.0 425.0 0.0085 37.3 600 

Sezen (2000) [127] 
No. 1 457.2 457.2 0.0247 434.4 476.0 0.0017 21.1 667 

No. 4 457.2 457.2 0.0247 434.4 476.0 0.0017 21.8 667 

Yalcin (1997) [128] BR-S1 550 550 0.0198 444.9 424.9 0.0012 45.0 1800 
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The yield and ultimate points on the backbone curve were determined using Response-2000 

software [129]. The hysteretic behaviour of the Hysteretic Material is controlled by two damage 

parameters, two pinching parameters and a factor namely “beta factor”. The values of these parameters 

were determined by calibrating the hysteretic response behaviour of numerical models into the 

experimental results.  

Results of the numerical simulations for the experimental tests are plotted against the 

experimental results in the following figures. It is shown that the proposed method is able to present the 

load-deformation behaviour of the non-ductile columns. Results of the calibration process are 

summarised in Table 5-3. 

Table 5-3 Calibrated input parameters 

Test Specimen pinchX pinchY damage1 damage2 beta 

Ikeda (1968) 

IK 43 1 1 0 0.3 0.5 

IK 44 1 1 0 0.3 0.5 

IK 46 1 1 0.12 0.35 0.5 

IK 62 1 1 0.007 0.21 0.5 

IK 63 1 1 0 0.29 0.5 

IK 64 1 1 0 0.26 0.5 

Lynn (1996) 

2CLH18 1 1 0 0.01 0.6 

2CMH18 1 1 0 0.1 0.6 

3CLH18 1 1 0.12 0.08 0.6 

3CMH18 1 1 0.08 0.1 0.6 

Nagasaka (1982) HPRC19-32 1 1 0 0.5 0.2 

Saatcioglu and Ozcebe (1989) 

U1 1 1 0.003 0.08 0.5 

U2 1 1 0.01 0.17 0.5 

U3 1 1 0.005 0.17 0.5 

U6 1 1 0 0 0.45 

Sezen (2000) 
No. 1 1 1 0.057 0.19 0.55 

No. 4 1 1 0.057 0.13 0.55 

Yalcin (1997) BR-S1 1 1 0.05 0.08 0.6 

 

Test setup configurations and dimensions of the specimens for each test are presented in the 

figures. It has been shown that there is a good agreement between the hysteretic response behaviour of 

numerical simulations and experiments. 
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Figure 5-7 Test setup and dimensions of U1, U2 and U6 specimens of Saatcioglu and Ozcebe (1989) experiments 

 

 

Figure 5-8 Test setup and dimensions of U6 specimen of Saatcioglu and Ozcebe (1989) experiments 
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Figure 5-9 Results of analytical simulations of Saatcioglu and Ozcebe specimens (1989) 
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(a) Nagasaka (b) Yalcin 

Figure 5-10 Test setup and dimensions and reinforcement arrangements of Nagasaka (1982) and Yalcin (1997) 

specimens 

 

Figure 5-11 Results of analytical simulations of Nagasaka (1982) and Yalcin (1997) specimens 
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Figure 5-12 Test setup and dimensions and reinforcement arrangements of Lynn specimens 

 

 

Figure 5-13 Failure and cracking patterns of Lynn (1996) specimens 
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Figure 5-14 Results of analytical simulations of Lynn (1996) specimens 

 



Chapter 5- Nonlinear Modelling of Limited Ductile Components  

 

126 

 

 

Figure 5-15 Test setup, dimensions, reinforcement arrangements, failure and cracking patterns of Sezen (2000) 

specimens 

 

Figure 5-16 Results of analytical simulations of Sezen (2000) specimens 
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Figure 5-17 Test setup and dimensions and reinforcement arrangements of Ikeda (1968) specimens 

 

Figure 5-18 Results of analytical simulations of Ikeda (1968) specimens 
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5.2.2.4 Load-Deformation Relationship of a Worked Example 

The load-deformation relationship and the input parameters defining the backbone of a worked 

example limited ductile column designed in accordance with the AS3600:2009  standard [78] is 

presented in this part. The column represents a typical column that may exist in reinforced concrete 

buildings in Australia as a part of their gravity frames. Properties of the example column have been 

presented in Table 5-4.  

Assuming that the column in a frame will deform with a point of contra-flexure at the mid-

storey height, length of the cantilever column is 1.6 m (half of the full-length height). This length can 

be used for the definition of the backbone parameters of the plastic hinge at the end of cantilever column.  

Table 5-4 Properties of a random example column (units are in mm, kN and MPa) 

Column Section depth Section width 𝜌𝑙 𝐹𝑦𝑙 𝐹𝑦𝑡 𝜌𝑡 𝑓𝑐
′ Axial load 

 

400 350 0.0351 500 500 0.0047 40 2300 

 

The values of moment and curvature at the yield and ultimate states were estimated by 

performing the sectional Moment-Curvature analysis. By substituting the computed moments and 

curvatures into Equations (5.4)-(5.8), the effective moment of inertia ( 𝐼𝑒𝑓𝑓) and the plastic rotation 

corresponding to the ultimate flexural strength (θ𝑝𝑙), can be calculated. The nominal shear capacity of 

the column has been estimated using the AS3600:2009 standard. Equations (5.2) and (5.3) were 

employed to estimate the rotation at the onset of shear and axial load failure modes. The calculated 

values are reported in Table 5-5. 

The rotation at the onset of flexural yielding is constituted by the flexural, and the shear and 

bar-slippage response rotations. The rotations due to response behaviour define the initial stiffness 

values of the plastic hinge backbone. Equations (5.9), (5.10) and (5.12)-(5.15) were employed to 

estimate the total stiffness of the component before and after yielding (𝑘1 and 𝑘2), and these values 

were used as inputs to the hinge element shown in Figure 5-6. The elastic element (shown in Figure 

5-6) has been used to model the flexural behaviour of the component for the pre-yielding range of 

response behaviour before yielding occurs. The estimated backbone curve is shown in Figure 5-19. The 

column is expected to experience flexural-shear failure mechanism. It has been shown that columns 

N6 @ 300mm

N
28

2
0
 m

m
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with high axial load experience axial load failure immediately after shear failure [130, 131]. Hence, the 

degrading slope after shear failure is steep or almost vertical. 

Table 5-5 Calculated values of example column 

𝑠1𝑝 = 𝑀𝑦(kN.m) 𝑀𝑢,𝑓𝑙𝑒𝑥(kN.m) 𝜙
𝑦
(
𝑟𝑎𝑑

𝑘𝑚
)  𝜙

𝑢
(
𝑟𝑎𝑑

𝑘𝑚
) 

𝐸𝐼𝑒𝑓𝑓

𝐸𝐼
 

419.4 494.4 9.493 13.899 0.748 

𝑉𝑛(kN) 𝑀𝑛(kN. m) 𝑒2𝑝 =
∆𝑠
𝐿
(𝑟𝑎𝑑) 𝑒3𝑝 =

∆𝑎
𝐿
(𝑟𝑎𝑑) θ𝑝𝑙(𝑟𝑎𝑑) 

365.0 583.64 0.01313 0.01313 0.00123 

    𝑘𝑠ℎ𝑒𝑎𝑟(
kN. m

𝑟𝑎𝑑
)     𝑘𝑓𝑙𝑒𝑥(

kN. m

𝑟𝑎𝑑
)     𝑘𝑠𝑙𝑖𝑝(

kN.m

𝑟𝑎𝑑
)before yeilding     𝑘𝑠𝑙𝑖𝑝 (

kN.m

𝑟𝑎𝑑
)after yeilding    𝑒1𝑝 =  θ

𝑖
(𝑟𝑎𝑑) 

2361167.3 293335.9 334947.57 140848.56 0.00143 

 

 

Figure 5-19 Suggested backbone for the example column 

5.3 RC SHEAR WALLS AND CORES MODELLING 

Modelling of RC shear walls has been the subject of numerous research works. Some elaborate 

elements were introduced in OpenSEES to model these components accurately [132, 133]. However, 

convergence and computation expenses are still challenging for these elements. 

 RECTANGULAR SHEAR WALLS 

To model a rectangular wall, basically two simple elements can be used. In this study, due to 

the simplicity and low computation expenses for the modelling of the complex 3D models, 

Displacement Based Element is employed. Generally, Force Based Elements are well-known for 

requiring less elements to precisely model the beam/column components or walls members. 

Nonetheless, there are frequent occasions of encountering convergence issues. Alternatively, 

Displacement Based Elements are numerically easy to converge. However, further intermediate element 

numbers should be hired to gain the same level of accuracy. In two comprehensive studies by Pugh et 
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al. and Almelda et al. effects of different numbers of integration points and element types along the 

component height have been discussed adequately in the response behaviour of models [134, 135].  

Formulation of the displacement-based elements is based on the linear curvature profile 

assumption along the length of the components. Moreover, constant average axial deformation field 

throughout the length of the element is another assumption for these elements. This can lead to 

overestimation of ultimate strength and stiffness in the load-deformation curve. 

The curvature profile is not linearly distributed along the length of a wall. At some specific 

locations where the plastic hinge is forming, the curvature value is higher than the rest of the element. 

 

Figure 5-20 Curvature along the height of a wall 

The discrepancy of simulated response behaviour and experimental tests in the load-

deformation curve is more tangible in the post-peak response range. To overcome these shortcomings, 

intermediate elements should be employed. Finer meshes lead to a better estimation of curvature at the 

concentrated locations. Hence, it is recommended to have an element at the length which is expected to 

have an abrupt change in the curvature profile (i.e. plastic hinge length). 

Results of a preliminary linear analysis illustrate that the failure mode of shear wall/cores of 

the case study models of this research is flexural failure type. Shear walls were designed with no 

boundary confinements in this study. An experimental test on a rectangular shear wall without boundary 

confinements which has been failed in the flexural mode is employed to calibrate and check the 

modelling approach using the Displacement-Based Elements. Furthermore, the numbers of required 

intermediate beam/column elements were investigated to simulate the response behaviour accurately. 

To figure out the number of required intermediate beam/column elements for the 4.56 m height tested 

shear wall, different numbers were checked. It has been concluded that five intermediate elements 

required to have an acceptable agreement between the results of simulation and experiment. Figure 5-21 
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illustrates the details of the tested shear wall [136]. The properties of the tested shear wall are reported 

as follows: 𝑓𝑐
′ = 40.9 𝑀𝑃𝑎, 𝐹𝑦𝑙 = 576.0 𝑀𝑃𝑎 for the Φ12 reinforcements and 𝐹𝑦𝑙 = 583.7 𝑀𝑃𝑎 for 

the Φ8 reinforcements. 

 

 

Figure 5-21 Cross section, details and cracking pattern of the tested shear wall [136] 

Figure 5-22 is the comparison of the numerical simulation of wall with the experimental test 

which shows an acceptable estimation of the hysteretic response behaviour of the wall. 

 

Figure 5-22 Results of analytical simulations of WSH4 specimen 
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 C-SHAPED SHEAR WALLS/CORES 

Shear core walls are commonly used as the primary lateral force resisting system in Australia. 

Comprehensive studies by Bayer et al. [137, 138] and Ile et al. [139] have been summarised the 

modelling techniques to model a C-shaped wall.  

 

Figure 5-23 Inelastic wide-column analogy with the rigid links technique 

For simulating the C-shaped walls, the wide-column analogy with the rigid links can be used. 

In this method, the section is subdivided into three planar walls. The corner area can be shared between 

the web and flange parts. Half of the corner section can be assigned to the flange part and the other half 

to the web. Rigid links (rigid flexural and shear stiffness) shall be considered to connect the planar 

walls. 

The vertical spacing between the rigid links (𝐿𝑠𝑝) can be estimated from Equation (5.17). 

𝐿𝑠𝑝 = 𝑚𝑖𝑛{

1

5
. (Design shear span height) 

1

2
.max (𝐿𝑤 , 𝐿𝑓)

 5.17 

Where, 𝐿𝑤 and 𝐿𝑓 are the lengths of web and flanges, subsequently. 
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At least two vertical intermediate elements should be considered between two rigid links to 

have a satisfactory modelling results. 

𝐿𝑒𝑙 ≤ 𝐿𝑠𝑝/2 5.18 

Where, 𝐿𝑒𝑙 is the lengths of the intermediate vertical elements between two links. 

To investigate the ability to use the proposed modelling technique, results of an experimental 

test by Reynouard and Fardis [140] were employed and simulated in OpenSEES.  Figure 5-24 depicts 

the details and dimensions of the tested C-shaped wall. Properties of the tested shear wall are:: 𝑓𝑐
′ =

23.73 𝑀𝑃𝑎, 𝐹𝑦𝑙 is 557 𝑀𝑃𝑎 for the Φ8, 525 𝑀𝑃𝑎 for the Φ10 and 516 𝑀𝑃𝑎 for the 

Φ12 reinforcements. 

 

Figure 5-24 Details of tested core wall [140] 

12 intermediate beam/column elements were used in conjunction with the rigid links to model 

the core wall. Results of numerical simulation have an acceptable agreement with the results of 

experimental test (Figure 5-25).  
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Figure 5-25 Results of analytical simulations of Reynouard and Fardis specimen 

5.4 SUMMARY 

This chapter is composed of two sections. The chapter begins with the findings of a study aimed 

to investigate and model the ductility and failure response behaviour of reinforced concrete limited 

ductile beam/column elements. In particular, an analytical modelling technique for the systematic 

simulation of limited-ductile beam/column components based on the concentrated plasticity modelling 

method has been proposed. The proposed modelling technique was successfully implemented in 

OpenSEES. Results of the numerical simulations were compared with experimental results of shear 

critical columns as reported in the literature. The analytical modelling technique will be adopted to 

assess the seismic performance of irregular multi-storey buildings in the later chapters of this thesis. 

The second section reviews the existing techniques and methodologies for the modelling of planar walls 

and C-shaped walls in the literature. These techniques and elements will be used for the modelling of 

shear and core walls of the case study buildings of this research. 
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CHAPTER 6  

 

NONLINEAR RESPONSE BEHAVIOUR OF 

BUILDINGS FEATURING IRREGULARITY 
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6.1 INTRODUCTION 

Discontinuity irregularity type in the form of transfer beams for having column-free space is a 

commonplace irregularity type in Australia and other low to moderate seismic regions. It is known that 

the majority of the buildings in Australia possessing at least a few numbers of discontinuous columns.  

The linear response behaviour of irregular buildings featuring discontinuities in the gravity load 

resisting elements of multi-storey buildings has been comprehensively investigated in CHAPTER 3. It 

has been highlighted that the location and the extent of discontinuities do not affect the response 

behaviour of shear wall dominant buildings featuring transfer beams. The seismic response behaviour 

of vertical irregular buildings has been shown to be similar to the response behaviour of regular 

buildings within the elastic range and stiffness irregularity does not take place. However, the behaviour 

of the buildings in the nonlinear range is still largely unknown.  

Furthermore, the suitability of the use of response modification factors for vertical irregular 

buildings needs to be examined. The response modification factors specified in seismic design 

provisions, such as AS1170.4:2007 [17], which are used for the seismic design of buildings to reduce 

the elastic base shear demand imposed on the buildings, have been developed for regular buildings. 

These response modification factors are commonly used by design codes for conducting static and/or 

dynamic analyses. For the buildings categorised irregular in accordance with Eurocode 8, Response 

Spectrum Analysis Method or a more sophisticated method of analysis is recommended as alternatives 

to the Lateral Force Method. For irregular buildings, the response modification factors are obtained by 

multiplying the response modification values for regular buildings by 0.8. In the other current seismic 

design standards (AS1170.4:2007 [17], ASCE 7-2010 [19] and NZS1170.5:2005 [21]), there are no 

regulations on the reduction of response modification factors for the irregular buildings. Hence, the 

applicability of adopting the suggested response modification factors in the standards for the design of 

irregular buildings needs to be assessed. 

The aim of this chapter is to investigate the ductility and failure mechanism of multi-storey 

buildings featuring discontinuities in the vertical load resisting elements. The possibility of collapse due 

to sudden shear failure in the transfer beams and the formation of a weak storey (strength irregularity) 

are also evaluated. This is achieved by first developing nonlinear models of case study buildings. Then, 

nonlinear static and dynamic analyses are conducted to examine nonlinear response behaviour of the 

buildings. Furthermore, the applicability of the suggested response modification factors in the design 

codes and standards for irregular buildings is assessed. 
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6.2 BUILDING MODELLING 

This section addresses the development of nonlinear models of 6 and 12-storey regular and 

irregular buildings featuring transfer beams. To provide a reliable seismic assessment, robust modelling 

techniques should be applied. Based on the verified modelling techniques of the constituting element 

types, the buildings are modelled 3-dimensionally in OpenSEES Finite Element package.  Details of the 

modelling techniques adopted are reported in CHAPTER 5. Priestley et al. [141] recommend that for 

the lumped plasticity models, secant stiffness to the yield point to be selected as the flexural stiffness 

of elements. This method has also been used by other researchers in practice (e.g. [142]). 

 ELEMENT AND NODES TAGS IN OPENSEES 

To manage the excessive numbers of nodes in OpenSEES codes, a numbering protocol is used 

for the codes which have been prepared to run, using OpenSEES. 

6.2.1.1 Nodes Numbering protocol used in OpenSEES 

Protocol: PXXQZZY 

Where, 

XX is the grid number in the X direction 

ZZ is the floor number 

Y is the grid number in the Y direction 

P determines the horizontal location of the node (1: left, 2: right, 3: centre) 

Q determines the vertical location of the node (0: centre, 1: top, 2: bottom) 

6.2.1.2 Beams numbering protocol used in OpenSEES 

6.2.1.3 Hinges of beam elements in the X direction 

Protocol: 7PXXQZZY 

Where, XXQZZY is the name tag for the corresponding left node of zero length element. 

6.2.1.4 Beams elements in the Y-direction and the elastic segment of elements in the X-

direction 

For the beam elements in Y-direction and elastic segment of elements in the X-

direction, the corresponding left node tag is adopted for the name tag of the beam elements. 
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6.2.1.5 Column elements 

For the column elements, corresponding bottom node tag is adopted to call the column 

elements. 

 MODELS DESCRIPTION 

Eight structures have been investigated in this chapter. Two framing plans have been considered 

to develop the nonlinear models. Case study models 1 and 2 are based on the framing plan of Figure 

6-1 and case study models 3 and 4 are based on the framing plan of Figure 6-4. Case Study models 1 

and 3 are 12-storey buildings and case study models 2 and 4 have 6 storeys. Each case study model 

consists of both regular and irregular buildings making up a total of eight buildings altogether. Locations 

of local irregularities are highlighted in the figures. Permanent loads for the buildings are the self-weight 

of the structural elements plus superimposed dead load of 0.8 kPa and live loads are 3.0 kPa. Terrain 

Category 3 in region A5 was assumed for wind design in compliance with Australian Standard 

AS/NZS1170.2:2011[84]. In the design for seismic actions in compliance with AS1170.4:2007 [17] a 

Hazard factor (Z) of 0.08g, soil class D and probability factor (kp) of 1.0 had been adopted. The 

structural design of the reinforced concrete elements was in compliance with Australian Standard 

AS3600:2009 [78]. Beams and slabs in support of the building floor were constructed of Grade 32 

concrete; whereas lateral resisting elements (columns and walls) were constructed of Grade 40 concrete. 

Reinforcements were D500N bars. 

Case study models 1 and 2 are 12-storey and 6-storey vertically irregular buildings based on 

the layout presented in Figure 6-1, respectively. Vertical irregularities were created by introducing 

discontinuities in the four columns of the framing plan (at C-2, F-2, C-7 and F-7 in Figure 6-1) on the 

second storey of the building. The inter-storey height is 3.2 m for the first and second storey is 4.0 m 

and 3.2 m for all the other storeys. 

 

Figure 6-1 Plan and locations of discontinued columns (highlighted by circles)- case study models 1 and 2 
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Case study models 1 (12-storey buildings) consist of more than 2000 nodes and 4000 elements. 

The suggested modelling techniques of the previous chapter were used to generate the building models. 

A 3D view of a built model is illustrated in Figure 6-2. 

 

Figure 6-2 3D archetypal view of case study models 1 (same modelling approach adopted for case study models 2) 

long the principal X-axis of the building plan, the frames consist of nonlinear hinges (zero-

length elements) and elastic elements. For each individual hinge, nonlinear material parameters were 

calculated based on the imposed axial load (from the linear model) and moment-curvature analysis was 

conducted by employing Response-2000 software [129]. Configuration of constituting elements for 

Frame 1 is depicted in Figure 6-3. 

 

Figure 6-3 Configuration of the nonlinear hinges and elastic elements of Frame 1- case study model 1 
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Case study models 3 and 4 have an open space in the ground floor level to provide an area for 

the car parks (Figure 6-4). Locations of discontinuous columns are highlighted by circles. The height 

of the first storey is 4.0 m and height of other storeys are 3.2 m. 

 

Figure 6-4 Plan and locations of discontinued columns (highlighted by circles)-case study model 3 and 4 

Case study models 3 have 12 storeys and case study models 4 are 6-storey buildings. Each case 

study model consists of two structures. One is vertically regular, and one is irregular. A 3D view of the 

regular structure of case study models 4 as an example is illustrated in Figure 6-5. 

 

Figure 6-5 3D archetypal view of case study models 4 (same modelling approach adopted for case study models 3) 

Table 6-1 shows the summary of the main features of the case study buildings. 
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Table 6-1 Main features of the case study buildings 

Building Regular/Irregular Irregularity level Number of storeys Plan type 

Case study models 1 
Regular - 12 Figure 6-1 

Irregular Second Storey 12 Figure 6-1 

Case study models 2 
Regular - 6 Figure 6-1 

Irregular Second Storey 6 Figure 6-1 

Case study models 3 
Regular - 12 Figure 6-4 

Irregular First Storey 12 Figure 6-4 

Case study models 4 
Regular - 6 Figure 6-4 

Irregular First Storey 6 Figure 6-4 

 

6.2.2.1 Modelling of shear walls 

The studies conducted by Hoult et al. [143] and reconnaissance reports for past earthquakes 

have shown that limited ductile shear walls with light reinforcement are prone to form a localised single 

crack at the base of the wall and hence plasticity does not distribute along the height of the wall. To 

initiate secondary cracks, a minimum amount of longitudinal reinforcement should be provided for the 

section. The amount of minimum longitudinal reinforcement (𝜌𝑤𝑣.𝑚𝑖𝑛) can be obtained by the use of 

Equation (6.1) [143]. 

𝜌𝑤𝑣.𝑚𝑖𝑛 =
(𝑡 − 𝑛𝑡𝑑𝑏𝑡)𝑓𝑐𝑡.𝑓𝑙

𝑓𝑢𝑡
 6.1 

Where, 𝑡 is the thickness of wall, 𝑛𝑡is the number of grids of transverse reinforcing bars, 𝑑𝑏𝑡 is 

the diameter of reinforcing bars and 𝑓𝑢 is the ultimate tensile strength of the reinforcing steel. 𝑓𝑐𝑡.𝑓𝑙is 

the mean value of the flexure tensile strength of the concrete. 

𝑓𝑐𝑡.𝑓𝑙 can be computed using Equation (6.2): 

𝑓𝑐𝑡.𝑓𝑙 =
0.3(𝑓𝑐𝑚𝑖)

2
3

0.06𝐿𝑤
0.7

1 + 0.06𝐿𝑤
0.7

 6.2 

Where, 𝑓𝑐𝑚𝑖is the mean in situ compressive strength of concrete and 𝐿𝑤 is the width of the wall. 

The calculated values for 𝜌𝑤𝑣.𝑚𝑖𝑛 is about 0.55% in this study; which is significantly less than 

the amount of longitudinal reinforcement provided for the shear walls being assessed. Thus, the shear 

walls in this study are likely to develop plasticity along the height of the walls (i.e. forming a distribution 

of cracks within the plastic hinge region), and consequently, the application of fibre models for 

modelling the response behaviour of the shear walls is valid. 
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6.2.2.2 Rigid diaphragm 

A rigid diaphragm can be modelled through master-slave nodes as constraints or by restraining 

nodes together using beams with a high axial stiffness (rigid) and small bending stiffness. 

The findings from this study suggest that the conventional rigid diaphragm assumption which 

involves restraining the nodes using the master-slave concept has a large computational cost. For just 

conducting the gravity analysis, using 8 cores of the computer (Core(TM) i7 CPU@ 3.4 GHz 3.4 GHz), 

the amount of time required for running the analysis was more than 3 days with very small load steps 

to enhance convergence. Hence, to reduce computational cost, rigid links have been used to restrain the 

nodes of each floor instead of the conventional approach. 

 

Figure 6-6 3D elastic links with high axial stiffness were used to simulate a rigid diaphragm assumption 

6.2.2.3 Mass distribution 

To specify mass, the lumped mass methodology is adopted in this research. Mass has been 

assigned to the nodes of each floor. To assign accurate mass for each node, floor masses shall be 

distributed according to the tributary portion of each element. Masses and loads of each floor distribute 

in proportion to the tributary area of horizontal elements and finally transfer to the vertical elements. 

By means of this concept, a distributed load of 1 kN/m2 is assigned to a single storey, and the reactions 

were calculated for each column and shear wall pier. The ratio of axial load of each element to the total 

load demonstrates the portion of each node from total floor mass. 

 

Figure 6-7 Calculating mass distribution using a single storey analysis with the uniform distributed load 



Chapter 6- Nonlinear Response Behaviour of Buildings Featuring Irregularities 

 

144 

 

6.3 EIGEN-VALUE ANALYSIS 

To check the validity of the generated models, Eigen-value analyses have been carried out and 

the periods of the various modes obtained from OpenSEES models have been compared to the ETABS 

models (in the linear range). To check the periods, hinge materials defining the response behaviour of 

the zero-length springs were changed to an elastic material with a high stiffness value. Furthermore, all 

sections were modelled with the uncracked stiffness values. The comparison of the results obtained 

from the Eigen-value analyses conducted in the two-different software (within the elastic range) 

confirms that the periods of the first three modes match well between the two software. 

Table 6-2 Periods of first 3 modes of case study models 1 and 2 

Mode Number 

Case study models 1 (12-storey) Case study models 2 (6-storey) 

Irregular Regular Irregular Regular 

ETABS OpenSEES ETABS OpenSEES ETABS OpenSEES ETABS OpenSEES 

𝑇1 1.657 s 1.667 s 1.642 s 1.680 s 0.702 s 0.708 s 0.676 s 0.692 s 

𝑇2 1.012 s 1.100 s 0.997 s 1.102 s 0.378 s 0.422 s 0.375 s 0.422 s 

𝑇3 0.935 s 0.458s 0.927 s 0.507 s 0.360 s 0.178 s 0.356 s 0.185 s 

 

Table 6-3 Periods of first 3 modes of case study models 3 and 4 

Mode Number 

Case study models 3 (12-storey) Case study models 4 (6-storey) 

Irregular Regular Irregular Regular 

ETABS OpenSEES ETABS OpenSEES ETABS OpenSEES ETABS OpenSEES 

𝑇1 1.609 1.634 1.699 1.726 0.72 s 0.75 s 0.76 s 0.77 s 

𝑇2 1.034 0.921 1.050 0.896 0.37 s 0.35 s 0.37 s 0.35 s 

𝑇3  0.783 0.506 0.800 0.529 0.29 s 0.19 s 0.29 s 0.19 s 

 

6.4 NONLINEAR STATIC ANALYSIS (PUSHOVER ANALYSIS) 

To investigate the effects of transfer beams on the response behaviour of irregular buildings, 

the response behaviour of the building in the principal X-direction is investigated. Previous research 

has shown that various load patterns would not improve the accuracy of the nonlinear static analysis. 

Hence, FEMA 440 suggests a single pattern based on the first mode shape to be used for analyses [144]. 

Hence, nonlinear static analyses have been carried out based on the first mode shape of the building in 

the direction under consideration.  
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 PARALLEL PROCESSING USING OPENSEES 

OpenSEES [115] is an open source software which is using TCL programming language to run 

finite element codes using three versions of interpreters.  

I. OpenSees.exe is the regular interpreter which uses a single core of a CPU on a personal 

computer. 

II. OpenSeesSP.exe is one of the parallel interpreters for running an analysis in the multiple cores 

of a single CPU on a computer. 

III. OpenSeesMP.exe is the other parallel interpreter which uses multiple computers. 

In this study, OpenSeesSP due to its simplicity is employed. This interpreter breaks the task 

automatically into separate analyses and performs the computations of each part of the structure on an 

individual core of a single CPU. To use it, MPICH2 software shall be installed. 

 ESTIMATION OF TARGET DISPLACEMENTS 

Target displacements are determined using the ASCE 41-13 method [15]. In this method, 

displacement response value of a SDOF system is modified with various parameters to predict the 

seismic displacement demand on the building. 

 

Figure 6-8 Bilinear idealised response in accordance with ASCE 41-13 [15] 

In this method as described in the standard, the base shear-displacement curve is replaced by 

an idealised bilinear equivalent curve to obtain the displacement at a control node (usually roof) and 

base shear at the onset of yielding of the system. The base shear at the yielding point is designated as 

effective yield strength (Vy), and the initial slope of the bilinear curve describes the effective lateral 

stiffness of the building. 

An iterative procedure to estimate the effective lateral stiffness and effective yield strength of 

the equivalent bilinear curve should be employed. The bilinearised curve is determined using a trial and 

error procedure such that the area below the idealised curve approximately equals the area under the 
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actual curve. The first point at which the bilinearised curve intersects the actual curve must be taken as 

0.6 of Vy. 

Using the bilinearised curve, the effective fundamental period can be calculated. 

𝑇𝑒 = 𝑇𝑖√
𝑘𝑖
𝑘𝑒

 6.3 

Where, 𝑇𝑖 is the elastic fundamental period, 𝑘𝑖 is elastic lateral stiffness of the building and 𝑘𝑒 

is effective lateral stiffness of the building. 

Target displacement in accordance with the standard will be estimated using Equation (6.4).  

𝛿𝑡 = 𝐶0𝐶1𝐶2𝑆𝑎
𝑇𝑒
2

4𝜋2
𝑔 6.4 

Where,  

 𝐶0 is the factor relating spectral displacement of an equivalent single-degree of 

freedom (SDOF) system to the control node displacement, 𝐶1  is the factor 

estimating the expected maximum inelastic displacements to displacements 

calculated for linear elastic response, 𝐶2 represents the effect of pinched hysteresis 

shape, cyclic stiffness degradation and strength deterioration on maximum 

displacement response and 𝑆𝑎  is the spectral acceleration at the effective 

fundamental period of the building. 

Further information on the calculation of the factors can be found in the ASCE 41-13 standard 

[15]. Generally, it is recommended to continue the monotonically increasing loading of the pushover 

analysis up to at least 1.5 times of the expected nonlinear displacement.[16] 

For the calculation of the target displacements based on the use of the code spectrum in 

compliance with AS1170.4:2007 [17] a hazard factor (Z) of 0.08g and probability factor (kp) of 1.0 has 

been adopted. 

 THE BILINEARISATION OF THE PUSHOVER CURVE 

Figure 6-9 illustrates the pushover and equivalent bilinear curves as well as areas bellow each 

curve. 
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Figure 6-9 Bilinearising the pushover curve 

One may to express the following relationships using Figure 6-9: 

{𝐴𝑟𝑒𝑎2 =
𝑉𝑦. ∆𝑦

2
+
𝑉𝑦 + 𝑉𝑢

2
(∆𝑡 − ∆𝑦)

𝐴𝑟𝑒𝑎1 = 𝐴𝑟𝑒𝑎2

𝑦𝑖𝑒𝑙𝑑𝑠
⇒    6.5 

∆𝑦=
(
𝑉𝑦 + 𝑉𝑢
2 )∆𝑡 − 𝐴𝑟𝑒𝑎1

𝑉𝑢
2

 

6.6 

 

Figure 6-10 Algorithm for the prediction of target displacement 
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1) Assume initial values for the ∆𝑡and ∆𝑦 displacements.  

2) Calculate area under the pushover curve up to the target displacement (∆𝑡). 

3) Use Equation 6.6 to modify the yield displacement (∆𝑦).

4) Modify the value of effective period (𝑇𝑒). 

5) Modify the value of target displacement (∆𝑡𝑛𝑒𝑤).

6) Check the convergence ( ∆𝑡𝑛𝑒𝑤 − ∆𝑡 < tolerance)

If the difference is greater than tolerance go to step 2 and repeat the procedure until the convergance to 
be attained.
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Figure 6-10 shows the suggested algorithm based on the Equations (6.5) and (6.6). The 

algorithm may be adopted in existing programming languages. In this study, a MATLAB [145] code is 

developed to calculate the target displacement using the algorithm in Figure 6-10. 

 OBSERVED MECHANISMS OF BUILDINGS FEATURING TRANSFER 

BEAMS  

This section attempts to investigate the failure mechanism of shear wall dominant limited 

ductile buildings with and without transfer beam irregularity type in the gravity load carrying frames 

and to check the vulnerability of the structures against various levels of earthquake intensities for 

different seismic performance levels. 

6.4.4.1 Case study models 1: 12-storey buildings 

6.4.4.1.1 Target displacements and capacity curves 

Table 6-4 presents target displacements obtained from nonlinear static analyses for the case 

study models 1.  

Table 6-4 Target displacements of case study models 1 

Soil Class 

Target displacement (mm) 

Regular building Irregular building 

500-year RP Event 2500-year RP Event 500-year RP Event 2500-year RP Event 

Soil Class C 47.8 85.9 47.7 86.0 

Soil Class D 76.7 138.1 76.8 138.2 
 

Figure 6-11 depicts the capacity of regular and irregular 12-storey buildings. Overall, the results 

indicate that the response behaviour of the irregular building, in both the linear and nonlinear range, 

resembles the response behaviour of the regular building. 

 

Figure 6-11 Nonlinear static analysis of 12-storey regular and irregular buildings- case study models 1 



Chapter 6- Nonlinear Response Behaviour of Buildings Featuring Irregularities 

 

149 

 

Figure 6-12 and Figure 6-13 display the capacity curves for the case study models. The 

corresponding target displacements for different soil classes and return periods are also provided in the 

figures. It can be seen that the buildings are responding in the elastic range at the displacements 

corresponding to the target displacements (for the different return periods and soil classes). 

 

Figure 6-12 Target displacements, soil class C and D, 500 and 2500-year RP - case study models 1: 12-

storey regular building 

 

Figure 6-13 Target displacements, soil class C and D, 500 and 2500-year RP - case study models 1: 12-

storey irregular building 

6.4.4.1.2 Response behaviour of elements 

Recorders were defined to obtain the strains and stresses of outermost fibres of the concrete 

and steel materials at the base of the walls (since distributed plasticity modelling approach has been 

used for the modelling of the walls).  
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(a) The rightmost concrete fibre of the flange (b) The leftmost concrete fibre of the flange 

  

(c) The rightmost steel fibre of the flange (d) The leftmost steel fibre of the flange 

Figure 6-14 Strain-Stress response behaviour of outermost fibres of the core with the web in tension in the irregular 

building 

The response behaviour of the shear wall cores is plotted in Figure 6-15. The failure mechanism 

of the shear core wall, with the web in tension, is compression failure in the flanges. Various stages of 

concrete and steel yielding or failure behaviours are noted in the figures. The core wall does not 

experience any failure when the web is in compression. 
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Figure 6-15 Shear walls response behaviour- case study models 1: 12-storey irregular building 

It is noted that on these figures, the corresponding roof displacements at significant points are 

plotted including: fc, which corresponds to the point at which the stress in the outermost fibre reaches 

the concrete strength, Fy, corresponds to the point at which the outermost steel fibre reaches yield, εu, 

corresponds to the point at which the outermost concrete fibre reaches the ultimate strain of concrete.  

For the modelling of the beam/column components, plastic hinges along with the elastic 

elements were used to capture the flexural-shear failure of these components. In Figure 6-16 and Figure 

6-17 the response behaviour of a beam and column are provided as examples of typical response 

behaviour. The failure and yielding points as well as Life-Safety and Collapse Prevention limit states 

are highlighted on the backbone curves. The definitions of these limit states will be in Section 6.4.4.1.3. 
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Figure 6-16 An example of beam response behaviour 

 

Figure 6-17 An example of column response behaviour 

6.4.4.1.3 Response behaviour of buildings 

Figure 6-18 compares and illustrates the failure mechanisms of the regular and irregular 

buildings at the onset of collapse.  The results indicate that the failure hierarchy is the same for the 

regular and irregular structures. Failure commences with the compression failure of the wall when the 

web is in tension and continues until the collapse of the structure due to the flexure-shear failure of the 

columns. 

At larger displacement demands which cause extensive nonlinear response behaviour of the 

irregular buildings (collapse state of the buildings), the beams above the transfer beam undergo an 

inelastic response deformation. It is mainly due to the shear force induced by the hanging planted 

columns which distributes the loads to the upper beams, when the transfer beams cannot acquire extra 

forces as seismic forces are increasing. It is interesting to note that no transfer beam failure was 

remarked in the irregular case study model 1. This suggests that in the cases for which contribution of 

the moment-resisting frames in the lateral response is not significant, transfer beam failures may not 

happen. 
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(a) Irregular (b) Regular 

Figure 6-18 Failure mechanism of structures at the onset of collapse - case study models 1: 12-storey buildings 

The values illustrated with distinct colours are the ductility demand (μDemand) to the ductility 

capacity (μCapacity) ratios of the components. Figure 6-19 shows the definition of the ductility demand 

and ductility capacity for the concentrated plasticity components of the structure. 
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Figure 6-19 Definition of Ductility Demand and Ductility Capacity for the concentrated plasticity components 

As discussed in the previous chapters, concentrated plasticity is employed to model the beam 

and column components. A moment-curvature analysis is performed to obtain the ultimate strength as 

well as the yielding and ultimate curvatures of the sections. The axial load on the members, to conduct 

moment-curvature analyses, is obtained by a preliminary elastic analysis of the buildings under gravity 

loading. 

It is well-known that higher axial loads on a component makes a section stiffer and enhances 

the strength, but it has an adverse effect on the ductility of the section. 

 

 

 

Figure 6-20 Effect of axial load on the strength and ductility of an example column cross-section 

Figure 6-20 demonstrates Moment-Curvature analysis of an example column with the axial 

load obtained from the analysis of an elastic model and without any axial loads. Since the gravity 
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columns are carrying a high amount of axial loads in the buildings, they exhibit higher strength; and 

hence, it is expected that yielding in the columns will occur after the beams yield. However, the beams 

display a higher level of ductility after yielding, and hence there is a low likelihood that failure of the 

beams occurs prior to the failure of the columns. However, the beams may undergo inelastic response 

behaviour earlier than the columns at the higher laterally deformed state of structure in the upper storeys, 

since the columns and the beams are likely to have similar dimensions and hence similar moment 

capacities.  

In the lower to middle storeys, because of the high demands for carrying the gravity loads, the 

dimensions of the columns are larger than dimensions of the beams. Consequently, the strength of the 

columns is much higher in comparison to the beams. Hence, there is no likelihood for the columns to 

yield before the beams. 

In the top storeys, the results from the analysis show that the elastic stiffness of the beams is 

higher than the elastic stiffness of the columns. This depends on the dimensions of the beam and column 

spans, axial load ratios of the columns, and the cross-sectional dimensions of the members. In these 

cases, the strength of the beams will be more than that of the columns. Because the forces of adjoining 

members are taken by the members based on their relative stiffness, yielding starts initially from the 

beams, but eventually, failure happens in the more brittle members, i.e. the columns, depending on the 

proportion of the relative strengths of the beam-to-column members. 

As illustrated in Figure 6-18, at the top storeys of the irregular building, beam CD/1 at the 11th 

storey has yielded while the adjacent columns are elastic. On the other hand, column E1 at the 10th to 

12th floor level has yielded; whereas the adjoining beams are still elastic. Figure 6-21 reveals that the 

relative strength and stiffness of the columns and beams can lead to a different hierarchy in the yielding 

sequence. The condition of beam CD/1 is similar to the “Column 1” in Figure 6-21. However, the state 

of Column E1 (Figure 6-18) at the 10th to 12th storeys, resembles the state of “Column 2” in Figure 6-21, 

for which the stiffness of the column and the beam is approximately alike, but the strength of the column 

is partially smaller. 

 

Figure 6-21 Different states of adjoining beams and columns at the top storeys 
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6.4.4.2 Case study models 2: 6-storey buildings 

6.4.4.2.1 Target displacements and capacity curves 

Computed values of the target displacements for the case study models 2 are reported in Table 

6-5. Data from this table can be compared with the data in Table 6-4, which shows that the target 

displacements are approximately constant. This is mainly due to the elongation of the periods and 

softening of the stiffness at higher displacements. It has been observed that the effective periods for 

both cases are within the constant displacement segment of the response spectra. 

Table 6-5 Target displacements of case study models 2 

Soil Class 

Target displacement (mm) 

Regular building Irregular building 

500-year RP Event 2500-year RP Event 500-year RP Event 2500-year RP Event 

Soil Class C 47.8 86.0 47.7 86.0 

Soil Class D 76.8 138.2 76.8 138.2 

 

Figure 6-22 shows the results for the nonlinear static analyses of the regular and irregular 6-

storey buildings.  

 

Figure 6-22 Nonlinear static analysis of 6-storey regular and irregular buildings- case study models 2 

The lateral load versus displacement of the buildings and the target displacements for different 

soil classes and return periods are illustrated in Figure 6-23 and Figure 6-24. The target displacements 

especially for the rare events (with 2500-year return period), is within the nonlinear range of the system 

response behaviour. The local performance of different components also needs to be checked at this 

point to assess the state of the building. 
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Figure 6-23 Target displacements, soil class C and D, 500 and 2500-year RP - case study models 2: 6-

storey regular building 

 

Figure 6-24 Target displacements, soil class C and D, 500 and 2500-year RP - case study models 2: 6-

storey irregular building 
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6.4.4.2.2 Response behaviour of elements 

 

 

Figure 6-25 Shear wall response behaviour - case study models 2: 6-storey irregular building 

fc is the point at which the stress in the outermost fibre attains the level of the concrete strength. 

Fy is the point at which the outermost steel fibre attains the condition of yield and εu corresponds to the 

point at which the outermost concrete fibre attains the ultimate strain of concrete. 

From Figure 6-25 it is apparent that shear core wall with the web in tension is experiencing 

compression failure in the flanges while the shear core wall with the web in compression is not yielding 

till structural collapse takes place.  
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6.4.4.2.3 Response behaviour of buildings 

 

(a) Irregular (b) Regular 

Figure 6-26 Failure mechanism of structures at the onset of collapse - case study models 2: 6-storey buildings 

Figure 6-26 highlights the failure mechanisms of case study models 2. The values illustrated in 

Figure 6-26 with distinct colours are the ductility demand (μDemand) to the ductility capacity (μCapacity) 

ratios of the component (as defined in Figure 6-19). The failure hierarchy of the irregular building 

resembles the regular building. For both buildings, failure starts from the shear core wall with the web 

in tension, and finally the structure experiences axial load failure in the columns belonging to the frame. 

Contrary to the expectations, for case study models 2, no failure in the transfer beams has been 

identified. 

6.4.4.3 Case study models 3: 12-storey buildings 

6.4.4.3.1 Target displacements and capacity curves 

Target displacements of case study models 3 are presented in Table 6-6. The most interesting 

finding is that the values of the target displacements for each particular soil class and the specified 

return periods are not changing. 
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Table 6-6 Target displacements of case study models 3 

Soil Class 

Target displacement (mm) 

Regular building Irregular building 

500-year RP Event 2500-year RP Event 500-year RP Event 2500-year RP Event 

Soil Class C 47.7 85.9 47.8 86.0 

Soil Class D 76.8 138.2 76.5 138.3 

 

Figure 6-27 demonstrates the comparison between response behaviour of regular and irregular 

buildings. The analysis of irregular building stopped at lower roof lateral displacements due to the shear 

failure of the transfer beam. 

 

Figure 6-27 Nonlinear static analysis of 12-storey regular and irregular buildings- case study models 3 

The target displacements for different soil classes and return periods are presented in Figure 

6-28 and Figure 6-29 along with the capacity curves of the structures. 

It can be observed from the figures that for both of the buildings the target displacements are 

in the elastic range of the system response behaviour. 



Chapter 6- Nonlinear Response Behaviour of Buildings Featuring Irregularities 

 

161 

 

 

Figure 6-28 Target displacements, soil class C and D, 500 and 2500-year RP - case study models 3: 12-

storey regular building 

 

Figure 6-29 Target displacements, soil class C and D, 500 and 2500-year RP - case study models 3: 12-

storey irregular building 

6.4.4.3.2 Response behaviour of elements 

The C-section shear core wall with the web in tension fails in compression which initiates in 

the outermost fibres of flanges in regular building, Figure 6-30. The core with the web in compression 

does not fail until structural collapse. 

In the figures, fc corresponds to the displacement at which the stress in the outermost fibre 

attains the level of the concrete strength. Fy corresponds to the displacement at which the outermost 

steel fibre attains the conditions of yield and εu corresponds to the point at which the outermost concrete 

fibre attains the ultimate strain of concrete. 
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Figure 6-30 Shear wall response behaviour - case study models 3: 12-storey regular building 
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Figure 6-31 Shear walls response behaviour - case study models 3: 12-storey irregular building 

It is noted that while premature failure occurs in the irregular buildings due to the failure of the 

transfer beams, the shear core walls are responding within the elastic range at the ultimate displacement. 

6.4.4.3.3 Response behaviour of buildings 

Failure mechanisms of case study 3 structures can be seen in Figure 6-32. The values illustrated 

in the figure with distinct colours are the ductility demand (μDemand) to the ductility capacity (μCapacity) 

ratios of the components (defined in Figure 6-19). 

For the irregular structure, premature shear failure of the transfer beams leads to collapse. In 

this building, beams located above the transfer beams (which fail in shear) experience hinging due to 

the shear forces induced in order to keep the planted columns on the transfer beams. Other components 

are mainly elastic at the onset of failure.  

For the regular building, failure initiates from the shear wall core having the web in tension and 

building collapses as a consequence of axial load failure in the columns of the frame. 

It is noteworthy to highlight that the discrepancies between the response behaviour of regular 

and irregular buildings up to the collapse point of the irregular building are negligible. 
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(a) Irregular (b) Regular 

Figure 6-32 Failure mechanism of structures at the onset of collapse - case study models 3: 12-storey buildings 
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6.4.4.4 Case study models 4: 6-storey buildings 

6.4.4.4.1 Target displacements and capacity curves 

Table 6-7 lists target displacements of case study models 4. Shear failure of the transfer beams 

and the subsequent immediate collapse of the structure occurs before expected target displacement for 

the 2500-year return period event on soil class D. Thus, there is no value for this hazard level in the 

table. 

Table 6-7 Target displacements of case study models 4 

Soil Class 

Target displacement (mm) 

Regular building Irregular building 

500-year RP Event 2500-year RP Event 500-year RP Event 2500-year RP Event 

Soil Class C 47.8 86.0 47.4 85.6 

Soil Class D 76.7 138.1 76.7 - 

 

Figure 6-33 demonstrates the comparison between the response behaviour of the regular and 

irregular buildings of case study models 4. The analysis for the irregular building stopped at early 

displacements due to the shear failure of the transfer beams. The results indicate that the response 

behaviour of the irregular building is alongside the response behaviour of the regular building on the 

pushover curve up to the point of failure. 

 

Figure 6-33 Nonlinear static analysis of 6-storey regular and irregular buildings- case study models 4 

The capacity curves of the structures and the target displacements for different soil classes and 

return periods are provided in Figure 6-34 and Figure 6-35. 
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Figure 6-34 Target displacements, soil class C and D, 500 and 2500-year RP - case study models 4- 6-

storey regular building 

 

Figure 6-35 Target displacements, soil class C and D, 500 and 2500-year RP - case study models 4- 6-

storey irregular building 

The figures above show that the buildings at the target displacements are experiencing a slightly 

higher degree of nonlinearity at the system level. 
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6.4.4.4.2 Response behaviour of elements 

The core with the web in tension for the regular building is experiencing extensive damage 

level; however, the same wall in the irregular building experienced less damage than the core of regular 

building (it has not yet reached its ultimate flexural strength). The shear core wall with the web in 

tension, for both cases (i.e. regular and irregular buildings), did not fail till the ultimate displacements 

of both structures have been reached. 

 

 

Figure 6-36 Shear walls response behaviour - case study models 4: 6-storey regular building 
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Figure 6-37 Shear wall response behaviour - case study models 4: 6-storey irregular building 

fc illustrates the displacement when the stress in the outermost fibre attains the level of the 

concrete strength. Fy shows the displacement where the outermost steel fibre attains the conditions of 

yield and εu representing the point at which the outermost concrete fibre attains the ultimate strain of 

concrete. 

6.4.4.4.3 Response behaviour of buildings 

Figure 6-38 reveals the failure mechanism and the hierarchy of case study models 4. The values 

illustrated in the figure with distinct colours are the ductility demand (μDemand) to the ductility capacity 

(μCapacity) ratios of the components. Similar to case study models 3, failure of transfer beams in the 

irregular building is happening prior to the failure of the walls. In these cases, beams above transfer 

beams are responding in the nonlinear range due to the shear force induced by the planted columns. 

For the regular buildings, columns on the first storey after developing more nonlinearity in the 

shear wall cores at the base, start yielding. Finally, the building experiences collapse due to axial load 

failure of the columns of I3 grid at the second and third floors. 
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(a) Irregular (b) Regular 

Figure 6-38 Failure mechanism of structures at the onset of collapse - case study models 4: 6-storey buildings 

 RESPONSE MODIFICATION FACTORS OF BUILDINGS FEATURING 

TRANSFER BEAMS  

Designing, proportioning, and detailing of structures are based on the values of internal forces 

obtained from elastic static or modal response spectrum analyses in practice. An appropriate level of 

ductility and overstrength can be assumed for various structural system types and an elastic design with 

reduced forces can be performed to achieve the anticipated performance. In this section, the response 

modification factors of the regular and irregular buildings featuring transfer beams were calculated and 

compared using the nonlinear static analysis procedure. 
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The response modification factors specified in the seismic design provisions (e.g., 

AS1170.4:2007 [17]), ASCE 7-10 [19], EC8 [82]) are currently used for the seismic design of reinforced 

concrete buildings to estimate the scaled base shear of the buildings.  

In design codes, these reference values are specified for the regular buildings. The exception to 

this is EC8 [82], which requires that response modification factor for all types of irregularities is to be 

taken as 80% of the listed values for the regular buildings. Other codes implicitly use the same values 

which are suggested for the regular buildings. This section investigates the applicability of adopting 

such factors for the design of irregular buildings featuring transfer beams. 

The response modification factors are computed such that they are compatible with 

AS1170.4:2007.  However, the method adopted is in accordance with the procedure described in  ATC-

19 [146]. 

 

Figure 6-39 Structural ductility factor (μ) and the structural performance factor (SP) 

For the calculation of the response modification factors (R), ATC-19 recommends Equation 

(6.7). 

𝑅 = 𝑅𝑠 ∙ 𝑅𝜇 ∙ 𝑅𝑅 6.7 

Where, 𝑅𝑠 is the overstrength factor; 𝑅𝜇 is the ductility factor; and 𝑅𝑅 is the redundancy factor 

which is assumed to be equal to 1.0 in this study. Response modification factors of the current codes do 

not include this factor in practice. 
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Equations (6.8) and (6.9) define the strength and ductility factors, subsequently. 

𝑅𝑠 =
𝑉𝑦

𝑉𝑑
 6.8 

𝑅𝜇 =
𝑉𝑒
𝑉𝑦

 
6.9 

𝑉𝑦 is the yield base shear in the idealised bilinear capacity curve; 𝑉𝑑 is the design base shear 

and 𝑉𝑒  is the maximum elastic force in the corresponding elastic structure. Newmark and Hall’s 

relationship [147] is employed to calculate the ductility factor.  

In spite of the different notations adopted in AS1170.4:2007 to define the structural factors, the 

factors are compatible and comparable with other standards. The structural ductility factor (μ) and 

structural performance factor (SP) in AS1170.4:2007 are defined as: 

𝜇 =
∆𝑢
∆𝑦

 6.10 

𝑆𝑝 =
𝑉𝑑
𝑉𝑦
  

6.11 

Hence, the response modification factor (R) in accordance to this standard is: 

𝑅 = 
𝜇

𝑆𝑝
  6.12 

The overstrength factor (𝑅𝑠 in ASCE 7-10 or  
1

𝑆𝑝
 in AS1170.4:2007) is the reserved strength 

which can provide extra capacity in excess of the required capacity for the design ground motion. 

Therefore, the building may be capable of resisting loads from the occurrence of stronger ground 

motions. The components contributing to the amount of the overstrength factor are discussed in FEMA 

369 [16]. A summary of the constituents contributing to the overstrength factor is provided below: 

1) Material overstrength is the overstrength introduced as an outcome due to the use of the 

characteristic strength of tested specimens as prescribed by the codes for design purposes. 

2) Code complement design overstrength is the supplementary strength as a result of 

reduction factors for decreasing the actual strength of material to obtain the nominal material 

strength and amplified design loads due to the load factors.  

3) Seismic provisions requirements overstrength is the further capacity provided due to the 

requirements of the seismic codes such as restricting the inter-storey drift ratios which can 

introduce additional strength to the flexible structural systems such as moment-resisting 
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frame systems where stiffness criteria are governing the design instead of the strength 

criteria. Other affecting aspects are capacity design criteria and the requirements of the 

ductile detailing concept on the higher seismicity regions. 

4) Design overstrength is the overstrength caused by selection of the sections and the detailing 

by structural engineers which assures the minimum specified codes of practice strength. 

5) System overstrength is the ability of a structure to redistribute the loads and is a potential 

for a substitution to the alternative load paths after yielding of the members of a particular 

load path. This is subjective and dependent on the designer's experience and expertise in 

proportioning members and developing strength hierarchies. 

A typical range of overstrength factors for various systems is reported in FEMA 369 

commentary [16]. For the ordinary moment-resisting frames this value is noted as 2-3.5 and for the dual 

systems, 1.5-2.5 is reported.  

Response modification factor values in accordance with the various seismic codes are reported 

in Table 6-8 for the dual systems of the limited ductile shear wall and moment-resisting frames. 

Table 6-8 Response modification factors in accordance with the seismic standards 

ASCE 7-10 AS1170.4:2007 EC 8 

𝜇 (𝑅𝜇) 𝑅𝑠(Ω) 𝑆𝑝 
𝜇

𝑆𝑝
(R) 𝜇 (𝑅𝜇) 𝑅𝑠(Ω) 𝑆𝑝 

𝜇

𝑆𝑝
(R)  

𝜇

𝑆𝑝
(R) or q 

1.8 2.5 0.4 4.5 2.0 1.30 0.77 2.6 1.5 

 

For the assessment of the buildings, two limit state types were considered in this study. The 

first limit state is inter-storey drift ratio. This limit state is normally being used “to restrict damage to 

partitions, shaft and stair enclosures, glass, and other fragile non-structural elements and, more 

importantly, to minimize differential movement demands on the seismic safety elements” [16]. The 

second limit state employed to evaluate the extent of the nonlinearity of the structural elements. Amount 

of inelastic deformation at each stage of response behaviour of the components can be checked to 

indicate the nonlinear state and seismic performance level. Finally, the smallest displacement at the roof 

(∆𝑢)  at the onset of exceeding a certain limit state threshold for each component, is the threshold of a 

certain performance level at the system level. 

For the components which have been modelled using the concentrated plasticity method, 

seismic performance thresholds are defined as noted in Figure 6-40 using different limit states. In these 

components, Life-Safety performance level thresholds are the onset of shear failure occurrence and 

Collapse Prevention performance level thresholds are the onset of axial load failure occurrence. 
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Figure 6-40 Limit state thresholds for the concentrated plasticity components 

It has been shown that distributed plasticity elements are capable of simulating the global 

response quantities (force-displacement response behaviour) up to the peak capacity and the modelling 

approach does not affect these quantities. However, material strains may not be accurate at a local 

response behaviour. Hence, “strains should not be back-calculated from the results obtained at the 

global level”, and performance assessment cannot depend on the material limit states[135]. The 

thresholds for Life-Safety and Collapse Prevention seismic performance levels for shear core walls are 

presented in Figure 6-41. The Life-Safety performance level is defined as when the maximum flexural 

capacity of the core wall is reached. The Collapse Prevention performance level is defined as the 

displacement which corresponds to when the wall experiences 50% degradation of the ultimate strength.  

 

Figure 6-41 Limit state thresholds for the fibre components 

Corresponding roof displacements where each of the performance level thresholds have been 

surpassed is presented in Figure 6-42 and Figure 6-43. In these figures, “Δ1.5%” denotes the 

corresponding roof displacement where the first inter-storey drift ratio exceeds the limit state of 1.5% 

for the non-structural elements. “Wall” notation in the figures indicates the corresponding roof 

displacement at which the first section of the cores/walls of the building attains the limit state which is 

defined as the Life-Safety threshold (noted in Figure 6-41). “Transfer Beam” and “Column” denote the 
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occurrence of the first failure in the beams and columns hinges (when it attains the Life-Safety threshold 

in Figure 6-40). 

  

(a) Case study 1-Regular (b) Case study 1-Irregular 

  

(c) Case study 2-Regular (d) Case study 2-Irregular 

Figure 6-42 Response behaviour of case study models 1 and 2 

Figure 6-42 reveals that capacity curves, the failure pattern, and the hierarchy for the regular 

and irregular buildings were similar. In these case study buildings, contributions of the moment-

resisting frames to the lateral response was not significant. 

Figure 6-43 compares the corresponding roof displacement and failure hierarchy of the regular 

and irregular buildings of case study models 3 and 4. In these case study models, the contribution of 

moment resisting frame to the lateral response was significant contrary to the previous case study 

buildings. In the irregular cases, premature failure of transfer beams was evident. However, regular 

buildings had higher ultimate displacements, and they have experienced collapse associated with shear 

failure of the columns in the frame. 
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(a) Case study 1-Regular (b) Case study 1-Irregular 

  

(c) Case study 2-Regular (d) Case study 2-Irregular 

Figure 6-43 Response behaviour of case study models 3 and 4 

The least of the corresponding roof displacements where each of the performance level 

thresholds have been outdone (Figure 6-42 and Figure 6-43), has been taken as the ultimate roof 

displacement, where in the Life-Safety performance level threshold is believed to have been surpassed. 

Capacity curves of the case study buildings have been bilinearised using the method explained in 

Section 6.4.3. Figure 6-44 to Figure 6-47 depict the bilinearised capacity curves against the actual 

capacity curves. The area under the bilinearised curve and the actual capacity curves are identical for 

each building. In the figures, the design force (𝑉𝑑) and yield strength (𝑉𝑦) is used to illustrate the 

overstrength for the case study buildings for the Life-Safety performance level. 
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(a) Regular (b) Irregular 

Figure 6-44 Response modification factors- case study models 1 

  

(a) Regular (b) Irregular 

Figure 6-45 Response modification factors- case study models 2 

  

(a) Regular (b) Irregular 

Figure 6-46 Response modification factors- case study models 3 
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(a) Regular (b) Irregular 

Figure 6-47 Response modification factors- case study models 4 

The corresponding ductility and overstrength factors for the case study buildings of the Life-

Safety performance level have been calculated using Equations (6.8), (6.10) and (6.11). Response 

modification factors of the case study buildings have been calculated using the recommendations 

provided in ATC19 (Equation (6.7)). The results of response modification factors are presented in Table 

6-9. 

Table 6-9 Response modification factors based on the recommendations of ATC19 

Structure ∆𝑢(mm)  ∆𝑦(mm) 𝑉𝑦(kN) 𝑉𝑑(kN) 𝑅𝜇 𝑅𝑠 𝑅 𝜇 𝑆𝑝 
𝜇

𝑆𝑝
 

Case study 

models 1 

Regular 515.9 466.6 6573.3 3407 1.11 1.93 2.13 1.11 0.93 2.13 

Irregular 516.8 464.1 6492.4 3403 1.11 1.91 2.12 1.11 0.93 2.12 

Case study 

models 2 

Regular 197.4 158.1 6382.7 3034 1.25 2.10 2.63 1.25 0.48 2.63 

Irregular 198.1 157.9 6304.2 2853 1.25 2.21 2.77 1.25 0.45 2.77 

Case study 

models 3 

Regular 461.0 413.3 10888 5236 1.11 2.08 2.32 1.11 0.48 2.32 

Irregular 213.3 191.8 5832 5312 1.11 1.10 1.22 1.11 0.91 1.22 

Case study 

models 4 

Regular 188.5 156.7 10795 3138 1.21 2.17 2.62 1.21 0.46 2.62 

Irregular 140.4 120.0 9198 3284 1.17 1.76 2.07 1.17 0.57 2.07 

 

 DISCUSSION 

Four regular and four irregular 3D-case study buildings have been modelled in OpenSEES to 

study the effect of transfer beam irregularity on the limited ductile behaviour of the buildings. It has 

been demonstrated that failure of the transfer beams can result in premature collapse. Development of 

a weak storey due to this failure type has been found to be dependent on the contribution of the moment-

resisting frame to the lateral resistance of the building. In most of the cases, limited ductile detailing of 

the walls which were detailed without boundary elements is shown to govern the response behaviour 

of the buildings in an earthquake. 
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It has been shown that all the buildings with various levels of contributions of the moment-

resisting frames to the lateral resistance of the building, and different height ranges can withstand 

earthquake levels of intensity corresponding to the 500-year return period on soil class C and D and 

2500-year return period on soil class C.  

As mentioned earlier, buildings are assumed to be located in an area with the value of the hazard 

factor (z) equal to 0.08g. Transfer beams of the 6-storey irregular building which has a higher 

contribution of the moment-resisting frames (case study type 4), is predicted to fail. Its ultimate 

displacement capacity is less than the target displacement of the earthquakes for the return period of 

2500-year on soil class D. The ultimate displacement capacity of the other irregular buildings is higher 

than the predicted target displacement level for a 2500-year return period event on soil class D and is 

therefore deemed to be safe. 

6.5 NONLINEAR DYNAMIC ANALYSIS 

The nonlinear static analysis does not accurately simulate the response behaviour of structures 

having a high participation from higher modes. Although the pushover procedure is capable of assessing 

the response behaviour of buildings which have strength irregularity, it is not suitable for high-rise 

structures (structures with a long fundamental period or high participation from higher modes) [16]. 

This section addresses the need to re-evaluate the response modification factors using the dynamic 

analyses for the tall buildings. Moreover, fragility curves will be constructed for the buildings which 

have been assessed. 

 FRAGILITY FUNCTIONS 

Fragility function is “a mathematical function that expresses the probability that some 

undesirable event occurs (typically that an asset—a facility or a component—reaches or exceeds some 

clearly defined limit state) as a function of some measure of environmental excitation (typically a 

measure of acceleration, deformation, or force in an earthquake, hurricane, or other extreme loading 

condition)” [148]. Generally, fragility functions are cumulative distribution functions that express the 

capacity of an asset to withstand an unfavourable limit state. These limit states in earthquake 

engineering can be expressed in terms of Life-Safety or Collapse state of the building [148]. 

 ESTIMATION OF FRAGILITY FUNCTIONS 

6.5.2.1 Incremental Dynamic Analysis (IDA) 

Incremental Dynamic Analysis is a viable method for understanding the response behaviour of 

buildings under increasing levels of ground motion intensities. It shows changes in stiffness and strength 
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degradation and deformation patterns with respect to the intensity [149]. To conduct IDA, 3 key 

parameters need to be defined: 

1) Scale Factor (SF): unscaled accelerogram to be scaled by a SF for changing the intensity of 

the time-history of a record. 

2) Monotonic Scalable Ground Motion Intensity Measure (IM): is the variable which is a 

function of SF; and reflects the intensity of the ground motion. Some candidate parameters 

are Peak Ground Acceleration (PGA), Peak Ground Velocity (PGV) and Peak Ground 

Displacement (PGD). 

3)  Damage Measure (DM): is a structural state variable which reflects the extent of damage 

incurred by the structure. Maximum base shear, rotations of nodes, peak storey ductility, 

damage indices, peak roof drift, and the maximum value of the peak storey drifts can be 

nominated for this variable. 

A comprehensive discussion on various aspects of fragility curves and trends (e.g. structural 

resurrection, period elongation, weaving) is provided in the Vamvatsikos et al. and Celik studies [149, 

150]. 

Theorem of total probability has provided a framework for seismic risk assessments [150]. 

Lognormal cumulative distribution function (CDF) is being employed to model the fragility curves. 

𝐹𝑅(𝑥) = Φ[
ln (
𝑥
𝜇)

𝛽
] 6.13 

Where, 𝛽 is the logarithmic standard deviation, 

Φ[ ] is the standard normal probability integral, 

𝜇 is the median capacity [150]. 

The probability of failure (𝑃𝑓𝑎𝑖𝑙𝑢𝑟𝑒) is calculated based on the ratio of the numbers of analyses 

which are exceeding the predefined limit state to the total numbers of the analyses [55]. 

Equation (6.14) states the conditional probability reaching a certain level of the limit state at a 

given earthquake intensity. 

𝑃(𝐷𝐿𝑆) = 𝑃𝑓𝑎𝑖𝑙𝑢𝑟𝑒 + (1 − 𝑃𝑓𝑎𝑖𝑙𝑢𝑟𝑒) × [1 − Φ (
ln(𝐷𝐿𝑆) − 𝜆

𝛽
) ] 6.14 

Cumulative probability of lognormal distribution (𝐹(𝐷𝐿𝑆)) can be calculated by the Equation 

(6.15). 
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𝐹(𝐷𝐿𝑆) = Φ(
ln(𝐷𝐿𝑆) − 𝜆

𝛽
) = ∫

1

√2𝜋𝛽𝑦

𝐷𝐿𝑆

0

𝑒𝑥𝑝 [
−1

2
(
ln 𝑦 − 𝜆

𝛽
)
2

] 𝑑𝑦 6.15 

Where, 𝛽 accounts for the uncertainties and λ is the mean of Ln(Dmax). 

6.5.2.2 Multiple Stripe Analysis (MSA) 

Scaling of records can lead to different scenarios that can be different from records which are 

representative of a specific site and intensity levels [151]. In some cases, structural analysis can be 

performed at discrete intensity levels. Multiple Stripe Analysis (MSA) is suggested for these scenarios 

than the conventional method for the discrete data cannot be used. At these data types, the onset of 

collapse for a given ground motion may not exist for a given Intensity Measure (IM). On the other hand, 

structural analysis provides “fraction of ground motions at each IM level that causes collapse” [152]. 

One may write the following equation for the probability of observing zj collapses out of nj 

collapses with IM= xj: 

𝑃(zj collapses in nj ground motions) = (𝑛𝑗
𝑧𝑗
) 𝑝𝑗

𝑧𝑗(1 − 𝑝𝑗)
𝑛𝑗−𝑧𝑗 6.16 

Where, 𝑝𝑗 is the probability that a ground motion with IM= xj, will cause collapse [152]. 

Maximum likelihood function can be used to identify the highest probability obtained from 

analysis. 

likelihood =∏(
𝑛𝑗
𝑧𝑗
)Φ [

ln (
𝑥𝑗
𝜃 )

𝛽
]

𝑧𝑗

(1 − Φ[
ln (
𝑥𝑗
𝜃 )

𝛽
])

𝑛𝑗−𝑧𝑗𝑚

𝑗=1

 6.17 

Where, 𝛽 is logarithmic standard deviation, 

Φ[ ] is the standard normal probability integral, 

ln (𝜃) is the mean. 

Programming languages like MATLAB can be employed to maximise and compute values of 𝛽 and 𝜃. 

6.5.2.3 Cloud Analysis 

Incremental dynamic analyses can be cumbersome and time-consuming. It requires scaling of 

selected records from the elastic state of the building to the collapsed state. Seismic fragility functions 

can be estimated with a simple method called Cloud Analysis. The accuracy of this method is highly 

dependent on the suite of ground motions selected for the analysis [153]. In this method, a suite of 
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unscaled records is being used for the analyses having various intensity levels to produce a cloud of 

data points.  

A conditional demand model is the principal relationship which is defining this analysis to 

construct fragility curves. 

𝐷50% = 𝑎. 𝐼𝑀
𝑏 6.18 

Where, 𝐷50% is the conditional median demand parameter. a and b parameters are the values 

which will be computed from regression analysis of the cloud data points. 

6.5.2.4 Selected Method 

Incremental dynamic analysis (IDA) is formed to determine the relation of capacity and demand 

of a specific structure and to provide a thorough understanding of seismic response behaviour. 

The primary aim of this study is to estimate the response modification factors. This aim is in 

line with the application of IDA procedure for the seismic assessment of structures. Hence, in this 

research, IDA is applied with minor enhancements to diminish its shortcomings using the concepts of 

MSA. Moreover, the MSA method is utilised to suggest the fragility functions and generate fragility 

curves. 

To decrease the shortcomings of scaling records to have different intensity measures, unscaled 

records exist in the suite of input ground motions to mitigate the effect of scaling records with extremely 

high or small scale-factors. In addition to the significance of having unscaled records at the ultimate 

state, it is important to have unscaled records in the linear range to simulate the response behaviour at 

the initial stages. 

 INPUT GROUND MOTIONS 

Records shall be selected in accordance with the geo-seismological characteristics of the 

building sites such as source magnitude, source type, site conditions and source-to-site distance. 

Australian earthquakes are shallow with reverse fault mechanisms [154]. In this study, records with the 

PGV values of close to or greater than 15 cm/sec were selected as recommended in the literature [16]. 

The ratio of the Peak Ground Acceleration to the Peak Ground Velocity of a ground motion 

represents the site characteristics of the ground motions and seismo-tectonic properties [155, 156]. 

Generally, this ratio can be classified into 3 sub-categories. 

1) Low values: 
𝑃𝐺𝐴

𝑃𝐺𝑉
< 0.8 

𝑔
𝑚
𝑠⁄
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Represents earthquakes with high predominant periods, wide-ranging response spectra, 

longer duration and medium to high magnitudes, long epicentral distances and site 

periods. 

2) Intermediate values:  0.8 
𝑔
𝑚
𝑠⁄
≤
𝑃𝐺𝐴

𝑃𝐺𝑉
≤ 1.2 

𝑔
𝑚
𝑠⁄
  

3) High values:  
𝑃𝐺𝐴

𝑃𝐺𝑉
> 1.2 

𝑔
𝑚
𝑠⁄
   

Represents earthquakes with low predominant periods and short epicentral distances 

and site periods [156]. 

The records have been selected such that the 
𝑃𝐺𝐴

𝑃𝐺𝑉
 values are approximately less than 1.2 or 

around this value to avoid having near-field accelerograms. Although, it was impossible to avoid 

entirely to preclude having 
𝑃𝐺𝐴

𝑃𝐺𝑉
 values greater than 1.2 to include stronger unscaled scenarios in the 

suite of records. In addition, the fundamental periods of the case study buildings are relatively high. 

Hence, selection of earthquake scenarios with a high predominant period suits better for the aim of this 

research. 

A suite of 40 records has been employed to carry out the analyses covering a wide range of 

intensities. Three methods have been utilised for the selection or generation of records. The methods 

are described in the following subsections. 

6.5.3.1 Synthetic Records 

6.5.3.1.1 Rock Ground Motions 

Component Attenuation Model (CAM) is an attenuation model which includes a source factor 

and several crustal component factors. “CAM is particularly useful for areas where local strong motion 

data are lacking for satisfactory empirical modelling” [157]. 

34 records are generated stochastically using GENQKE for different Magnitude-Distance (M-

R) combinations typical of low and moderate seismicity regions [158]. This program is a viable tool to 

generate synthetic records using stochastic simulations which are compatible with the Australian geo-

seismological characteristics. “Generic rock” as the crustal type in GENQKE has been used to generate 

the ground motions. 
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Table 6-10 M-R combination of the stochastic accelerograms and approximate Maximum Spectral Accelerations 

Magnitude 

(Mw) 

Distance 

(R) (km) 

Approximate Expected Maximum 

Spectral Accelerations (g) 

6 28 0.09 

7.5 35 0.25 

7.5 30 0.30 

7 20 0.32 

7 16 0.41 

6.9 11 0.55 

7.2 13 0.58 

6.9 10 0.61 

7.2 12 0.63 

7 10 0.66 

7.1 10 0.71 

7.3 10 0.82 

 

The generated stochastic records using GENQKE are on the rock conditions (soil class B). 

6.5.3.1.2 Incorporation of site-effects 

The time history of the generated accelerograms are based on soil class B. Hence; these records 

shall be reformed to the response behaviour of a soil column which has the characteristics of soil class 

D (which is regarded as where the buildings assessed are located). The nonlinear site response analysis 

program DEEPSOIL [159] is used to incorporate the site-effects. Various soil profiles were used to 

enhance the diversity of the response behaviour of the soil columns. The computed accelerograms of 

soil class D will be the input of dynamic analyses for the case study buildings. 

In the analysis, “Vucetic & Dobry 1991” material with the plasticity index (PI) 30 is employed 

to incorporate the site effects on soil class D. The concept of the one-dimensional column is described 

in Figure 6-48. 
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Figure 6-48 Incorporation of site-effects on the accelerograms 

Figure 6-49 shows the Australian soil profiles which are adopted from a joint report by 

Geoscience Australia and USGS. [160] 

 

Figure 6-49 Soil profiles used for the nonlinear analysis of one-dimensional soil columns 

6.5.3.1 Artificial Record 

SeismoArtif is a software capable of generating artificial earthquake accelerograms matched to 

a specific target response spectrum [67]. One record is generated using the target spectrum for a 2500-

year return period earthquake event on soil class D in Melbourne by means of SeismoArtif. 

6.5.3.2 Historical Records 

Table 6-11 illustrates the properties of five historical records used for the dynamic analyses. 

Layer 1

Layer 2

Layer 3

Layer 4

Bed Rock

Soil Response

Rock Motion

One-Dimensional Soil Column
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Table 6-11 Historical scenarios from PEER database [65] 

Record 

Number  

Earthquake 

Event 
(year) 

Earthquake 

description/Bin 
Source 

Magnitude 

(Mw) 

Distance 

(km) 

Faulting 

mechanism 
PGA, [g's] 

PGV, 

[mm/s] 

36 

N. Palm 

Springs 

(1986) 

 Hemet Fire 

Station 
PEER 6.06 34.48* 

Reverse 

Oblique 
0.11 114.71 

37 
Loma Prieta 

(1989) 

Fremont - 

Emerson Court 
PEER 6.93 39.66* 

 Reverse 

Oblique 
0.11 136.94 

38 

Chi-Chi 

Taiwan  

(1999) 

CHY025 PEER 6.3 39.07* Reverse 0.09 110.32 

39 
Friuli Italy 

(1976) 
   - ISESD 6.5 21.1** Reverse 0.32 325.87 

40 
Northridge 

(1994) 

 LA - Griffith 

Park Observatory  
PEER 6.69 21.2* Reverse 0.29 265.40 

* Epicentral ** Hypocentral 

Figure 6-50 and Figure 6-51 illustrate the suite of records. 

 

 

Figure 6-50 Spectra of the suite of input ground motions 
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Figure 6-51 PGA/PGV ratio of the suite of input ground motions 

 DESCRIPTION OF BUILDING MODELS 

As mentioned earlier, the nonlinear static analysis procedure may not be accurate enough for 

taller buildings regardless of several load patterns. To check the validity of the results of nonlinear static 

analyses, the most extreme case is chosen to investigate the variation for the response modification 

factors of the regular and irregular high-rise structures. Due to the substantial computational costs and 

infeasibility of convergence of the analyses for many cases in 3D models, the most critical frames of 

case study models 3 were isolated, and the 2D analyses were conducted on this frame in both cases.  

 

Figure 6-52 Framing plan of the case study buildings for dynamic analyses 
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Frame 3 has been selected as the most critical frame, given that members of this frame for both 

the regular and irregular buildings experienced the highest level of damage according to the results from 

nonlinear static analyses. 

 RESULTS OF DYNAMIC ANALYSES 

This section outlines the details of calculating the response modification factor from 

Incremental Dynamic Analyses. 

6.5.5.1 Definition of the procedure 

Incremental time history analyses should be carried for a wide range of intensity measures to 

ensure that the response behaviour of the building is modelled up to the point of collapse. The intensity 

of each record can be plotted against the Damage Measure (DM) parameter. Given the IM-DM plots 

for each record, fragility curves can be obtained for different limit states namely the Life-Safety or 

Collapse Prevention performance limit states. 

 

Figure 6-53 Incremental Dynamic Analysis (IDA) and Fragility Curves principals 
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The methodology described in [161, 162] is used to compute the response modification factors. 

In this method, intensity measure which has 50% of probability to exceed the desired performance level 

thresholds can be taken as the maximum intensity. Response modification factors can be estimated from 

Equation (6.19). 

𝑅 =
𝐼𝑀50%
𝐼𝑀𝑑𝑒𝑠𝑖𝑔𝑛

 6.19 

Where, 𝐼𝑀50% is the median intensity which can make the structure exceed the desired 

performance level thresholds. In this method, the maximum response modification factor can be 

obtained by assuming that the desired performance level corresponds to an ultimate state of the building 

(i.e. Life-Safety) or Collapse Prevention. Response modification factors, as per given code of practice, 

are estimating the nonlinear forces after the development of sequential plastic hinging prior to the 

formation of a complete mechanism. Assuming that the Life-Safety performance level can be taken as 

the reference for the design objectives, the response modification factors compatible with the design 

codes can be obtained. 

Structural ductility factor can be estimated using Equation (6.20). 

𝜇 =
𝐷𝑀50%
𝐷𝑀𝑦𝑖𝑒𝑙𝑑

 6.20 

Where, 𝐷𝑀50% is the Damage Measure corresponds to the median Intensity Measure 

(𝐼𝑀50%). 𝐷𝑀𝑦𝑖𝑒𝑙𝑑 is the median Damage Measure corresponding to the yield state of the building. 
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Figure 6-54 Algorithm defining the procedure to estimate the response modification factor using IDA 

6.5.5.2 Defining limit states through an IDA curve 

For characterising the response behaviour, 3 types of limit states were used in this study. 

6.5.5.2.1 Yield State of Building 

Yield limit state is the point, structure is experiencing a significant yielding. “The complete 

plastification of at least the most critical region of the structure” is defined as significant yield in FEMA 

369 [16]. In essence, yield state of a structure is subjective and “is not the state of structure when first 

yield in any element occurs”. “Significant yield is the is the level where plastification occurs at the most 

heavily loaded element in the structure” [16]. 

6.5.5.2.2 Collapse State of Building 

In the suite of analyses of this research, the first axial load failure of the columns or shear failure 

in the transfer beams is taken as collapse limit state of the buildings, as structures lose their stability 

after failure and experiencing collapse. 

•Perform Incremental Dynamic Analyses (Figure 6-53 a).

•Construct fragility curves (Figure 6-53 b).

•Find the IM level which has 50% probability, IM50%. (Figure 6-53 b)

•Find the median capacity curve in the IDA graph (Figure 6-53 c).

•Find the damage measure corresponding to 50% probability (DM50%) in Figure 6-53 c. 

Perform Incremental Dynamic Analyses

•Construct fragility curves for different IM types and repeat the procedure.

•Find the IM type which has the minimum dispersion and fits better to the data points.

Selection of the most suitable IM type

•Calculate response modification factor using Equation (6.19).

•Calculate structural ductility factor (μ) using Equation (6.20).

•Calculate structural performance factor (sp) : 𝑠𝑝 =
𝜇

𝑅

Estimating response modification factor
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6.5.5.2.3 Performance Limit States 

Similar to the nonlinear static analysis calculations, two limit state types were used to address 

the performance level of buildings. The inter-storey drift ratio limit state can represent the performance 

of non-structural elements at each deformed state of the building. The other limit state is the state of 

structural elements response behaviour. The life-safety performance level is the reference performance 

level for the design provisions [146]. 

 IDA AND FRAGILITY CURVES 

Incremental dynamic analyses have been carried out for the regular and irregular buildings. 

Results are presented in Figure 6-55 and Figure 6-56.  

Maximum inter-storey drift ratio has been chosen for Damage Measure (DM) parameter. 

Furthermore, care needs to be taken for selecting a suitable Intensity Measure (IM). Peak Ground 

Acceleration (PGA), Peak Ground Velocity (PGV), Peak Ground Displacement (PGD), Max Response 

Spectral Acceleration (RSAMax), Max Response Spectral Velocity (RSVMax), Max Response Spectral 

Displacement (RSDMax), Response Spectral Displacement at the fundamental period (RSD(T1)) are the 

candidates for the IM factor. Discussion on the choice and the effect of factors on the fragility curves 

will be presented in the next subsection. 

Results of incremental dynamic analyses in the form of Maximum Inter-Storey Drift Ratio and 

Response Spectral Displacement at the fundamental period (RSD(T1)) is presented in the following 

figures (Figure 6-55 and Figure 6-56). For the other types of IM, corresponding figures are presented 

in Appendix A7. 

 

Figure 6-55 IDA curves for the irregular building 
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Figure 6-56 IDA curves for the regular building 

The defined limit states were used to produce the probability of exceeding a specific limit state 

(Life-Safety and Collapse Prevention limit states) at a given IM level. 

It has been found that in general, IM types that they are based on the displacement (PGD, 

RSDMax, RSD(T1)) fit better to a cumulative lognormally distributed function in comparison to the IM 

types which are based on the velocity or acceleration. 

 

Figure 6-57 Probability of exceeding Life-Safety performance level thresholds- Irregular Building 
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Figure 6-58 Probability of structural collapse- Irregular Building 

 

Figure 6-59 Probability of exceeding various limit states- Irregular Building 

In the case of irregular buildings, because of the loss of stability following the failure of the 

transfer beams, Collapse and Life-Safety performance levels are very close and consequently, the 

probability to pass these levels are approximately the same. By the use of the code uniform hazard 

spectra for Melbourne (Z=0.08g), considering a return period of 500 and 2500-year, the value of 

RSD(T1) can be computed. For the building which has been studied in this section, the probability of 

exceeding the Life-Safety and Collapse Prevention limit states can be obtained. The probability values 

for these levels are reported in Table 6-12. 
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Table 6-12 Associated probability values using code spectra for each soil class and return periods 

Soil class- return periods C-500  C-2500   D-500  D-2500   

RSD(T1) (mm) 36.70 66.06 59.02 106.23 

Life-Safety probability 0.0% 3.3% 0.5% 86.3% 

Collapse Probability 0.0% 1.4% 0.2% 95.4% 

 

This table confirms the brittle failure nature of buildings which have transfer beams. 

 

Figure 6-60 Probability of exceeding Life-Safety performance level thresholds - Regular Building 

 

Figure 6-61 Probability of structural collapse- Regular Building 

For regular buildings, flexural failure of the shear walls and maximum allowable inter-storey 

drift ratio to control the non-structural elements took place prior to the failure of the frame members. 

Hence, at the point of attaining the Life-Safety performance thresholds, the structure could maintain its 

stability because of the nature of the modes of failure. This was contrary to the irregular building, given 
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that the shear failure of the frame members can result in the collapse of the entire building, right after 

surpassing the Life-Safety performance thresholds. Hence, there is a significant margin of safety 

between the Life-Safety performance thresholds and the collapse thresholds in regular buildings. 

Employing the code spectra, there is close to zero probability of exceeding the Life-Safety performance 

thresholds or collapse thresholds of the building for 500 and 2500-year return period on soil class C and 

D. 

 

Figure 6-62 Probability of exceeding various limit states- Regular Building 

Using the results of the IDA, the probability of exceeding a specific limit state at a given IM 

level for several types of IM types were calculated and fragility functions were fitted using the 

regression analyses. The most appropriate IM type to construct the fragility functions is the one having 

the strongest correlation with the response behaviour of building on the range of DM values (or the 

smallest dispersion (β)) and it is able to predict the collapse limit state (or other limit states). The 

logarithmic standard deviations of the capacity values are reported in Figure 6-63 and Figure 6-64.  

Since most of the building components in the analyses exhibited elastic linear response 

behaviour, it is expected that for the case study structures, the response behaviour becomes highly 

dependent on the fundamental natural period of the building. Hence the response behaviour is sensitive 

to the spectral shape at the fundamental period rather than the design spectral parameters. Consequently, 

the amplitude of frequency content near the fundamental modal frequency characterises the response 

behaviour of a model for each analysis run. 
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Figure 6-63 Dispersion factors of fragility curves for different IM types- Irregular Building 

 

Figure 6-64 Dispersion factors of fragility curves for different IM types- Regular Building 

Figure 6-63 and Figure 6-64 present the dispersion factors (β) for different IM types. The results 

show that the smallest dispersion is obtained for when the IM is taken as the RSD at the fundamental 

mode. Figure 6-65 illustrates how the spectral shapes of different records, can affect the dispersion 

factor. Spectrum A and B are two spectra from the suite of records used for the analyses. Spectral 

acceleration and displacement values at T1=1.8 Seconds are indistinguishable for these records. 

Whereas, the maximum spectral values for these two records are significantly distinct. 
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Figure 6-65 Differences in spectral shape between the records 

 RESPONSE MODIFICATION FACTORS 

By employing the algorithm provided in Figure 6-54, response modification factors have been 

calculated. The value of IMdesign is taken as 59 mm for 500-year return period events on soil class D. 

Table 6-12 shows the response modification factors based on the IDA and Nonlinear Static Analysis 

Methods. In the case of the irregular buildings, no significant yielding has been observed prior to the 

occurrence of collapse. Hence, a ductility factor equal to unity is proposed. Using IDA method, 

estimated ductility factor for the regular building is higher than the ones calculated from the nonlinear 

static analysis method. A possible explanation for this can be the participation of the higher modes of 

the response behaviour throughout the dynamic analyses. In this case, other components will resist more 

loads, and consequently undergo nonlinear response behaviour. 

Table 6-13 Response modification factors based on the IDA and Nonlinear Static Analysis Methods 

Structure 

Incremental Dynamic Analysis Nonlinear Static Analysis 

IM50% IMdesign DM50% DMyiekd 𝜇 𝑆𝑝 
𝜇

𝑆𝑝
 𝜇 𝑆𝑝 

𝜇

𝑆𝑝
 

Regular 255.68 59.02 1.25% 0.82% 1.51 0.36 4.33 1.15 0.37 3.14 

Irregular 85.45 59.02 - - ≅1.00 0.69 1.45 1.10 0.83 1.34 
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6.6 SUMMARY 

Reinforced concrete buildings constitute a significant portion of construction in Australia. 

Many existing buildings in Australia and other low to moderate seismic regions have been designed 

with little to no considerations of ductile detailing. The majority of these buildings also possess vertical 

and horizontal irregularities which can exacerbate their vulnerability in an earthquake.  

This chapter aimed to investigate the ductility and failure behaviour of multi-storey buildings 

featuring discontinuities in their vertical load resisting elements and evaluation of collapse due to the 

sudden shear failure in the transfer beams and formation of a weak storey. 

The nonlinear analytical modelling technique recommended in CHAPTER 5 has been adopted 

to assess the seismic performance of irregular multi-storey buildings. Regular and irregular buildings 

which have properties of typical Australian buildings have been modelled 3-dimensionally. Frames 

have been modelled using concentrated hinges and elastic elements. Effects of bar-slippage, cracking 

of concrete and shear failure mechanism have been considered using the proposed modelling technique. 

Shear core walls have been modelled using Displacement-based beam/column elements in conjunction 

with rigid links. The OpenSEES parallel processing features have been used to analyse the models. 

The following is a listing of the main findings of this chapter: 

• Results of the nonlinear static analyses illustrate that weak storey due to the shear failure of 

transfer beams can be formed depending on the contribution of moment-resisting frames to the 

lateral stiffness. 

• Inelastic response behaviour curves of the irregular limited ductile buildings with the transfer 

beams resemble that of the regular limited ductile buildings up to the corresponding failure 

displacement of the transfer beams.  

• The behaviour of these buildings is mainly governed by the behaviour of the limited ductile 

shear walls. Except for cases where shear failure in the transfer beam occurs prior to the failure 

of the wall, failure of walls due to the lack of boundary elements occurs first and poor detailing 

of the elements is governing the response behaviour of the building as a whole. 

• In analysing a building featuring a weak storey (which is associated with premature shear 

failure of a transfer beam) adopting a more elaborate, and complicated analysis method might 

not be justified. 

• A unique value of the target displacement can be found for given soil class and design return 

period. 
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• Response modification factors calculated in this chapter exhibit different values in comparison 

to the values reported in design codes. The ductility factors have been found to be less than the 

recommended values of design codes.  

• The response modification factors are found to be lower for the irregular buildings in some 

cases. Designers should ensure that specified values for the ductility and overstrength are 

achieved in the design process, and nonlinearity is evenly distributed among the principal 

components of the load path chain. 

The ductility factors of the irregular buildings which have a high contribution from moment-

resisting frames found to be almost equal to unity. This shows that the premature failure of 

transfer beams precludes the distribution and spreading of nonlinearity among the elements of 

the structure. Hence, the structure is almost entirely elastic at the onset of developing a collapse 

mechanism. 
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7.1 INTRODUCTION 

In practice, designing, proportioning and detailing of a structure is based on the reduced elastic 

forces using the response modification factors. In Section 7.2 of this chapter, design recommendations 

will be made in relation to the application of response modification factors and designation of 

appropriate analysis methods for the design of buildings featuring irregularity in the load carrying 

gravity frames.  

Section 7.3 presents a displacement-oriented method for the seismic evaluation of buildings. 

This method can be adopted to assess the seismic performance of regular multi-storey buildings and 

buildings with elevational irregularities featuring transfer beams. A method is proposed to predict the 

nonlinear response behaviour of buildings at the Life-Safety performance level by using a linear 3D 

finite element model.  

Section 7.4 introduces a rapid seismic fragility-based assessment method for reinforced 

concrete buildings in regions of low to moderate seismicity. The method is a versatile tool for 

conducting the vulnerability assessment of buildings designed with a low level of ductile detailing. This 

method is particularly useful when a large number of buildings are to be assessed. 

Both sections jointly provide a viable framework for conducting the rapid seismic assessment 

of vulnerable regular and irregular limited ductile buildings in regions of low to moderate seismicity. 

7.2 RECOMMENDATIONS FOR DESIGN 

In this section, results obtained from the nonlinear analyses presented in CHAPTER 6 will be 

investigated and compared with the design codes of practice, and recommendations will be made to 

ensure the development of the desired mechanism for the limited ductile shear wall dominant buildings 

featuring transfer beams. Finally, the designation of the suitable analysis methods for the design process 

will be discussed. 

 REDUNDANCY 

Redundancy is the ability of a structure to provide alternative load paths and to redistribute the 

loads among the components to persevere structural integrity and stability. In the case of highly 

redundant structures, the structure can withstand the forces higher than the computed design actions 

and it is capable of maintaining stability following the failure of some key structural elements. Hence, 

redundancy is vital for ensuring that the structure does not collapse in an infrequent earthquake event. 
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 RESPONSE MODIFICATION FACTOR AND DESIGN ACTIONS 

Performance criteria for the seismic assessment analyses have been established and explained 

in the previous chapters. Results of nonlinear analyses and validation of the component behaviour 

models have also been presented. The summary of the response modification factor values is shown 

herein in Table 7-1 to Table 7-3. 

It has been demonstrated that the response modification factors calculated in CHAPTER 6 

exhibit different values in comparison with codes of practice. In general, it has been illustrated that the 

ductility factors are less than those recommended in codes of practices.  

Although, the ductility and overstrength factors are found to be different from values specified 

for the shear wall dominant limited ductile buildings in AS1170.4:2007, the response modification for 

regular buildings are similar to specified values in this standard. The ratio is similar, but the respected 

ductility ratio and structural performance factors can be different. In the case of irregular buildings, the 

ductility factor is close to unity, and consequently, the response modification factor can be significantly 

lower than the code specified values. 

Table 7-1 Response modification factors in accordance with the current seismic provisions 

ASCE 7-10 AS1170.4:2007 EC 8 

𝜇 (≅ 𝑅𝜇) 𝑅𝑠(Ω) 𝑆𝑝 
𝜇

𝑆𝑝
(R) 𝜇 (≅ 𝑅𝜇) 𝑅𝑠(Ω) 𝑆𝑝 

𝜇

𝑆𝑝
(R)  

𝜇

𝑆𝑝
(R) or q 

1.8 2.5 0.4 4.5 2.0 1.30 0.77 2.6 1.5 

 
 

Table 7-2 Response modification factors obtained from 3D case study models 

Structure 𝜇 (≅ 𝑅𝜇) 𝑅𝑠(Ω) 𝑆𝑝 
𝜇

𝑆𝑝
(R) 

Case study models 1 
Regular 1.11 1.93 0.93 2.13 

Irregular 1.11 1.91 0.93 2.12 

Case study models 2 
Regular 1.25 2.1 0.48 2.63 

Irregular 1.25 2.21 0.45 2.77 

Case study models 3 
Regular 1.11 2.08 0.48 2.32 

Irregular 1.11 1.1 0.91 1.22 

Case study models 4 
Regular 1.21 2.17 0.46 2.62 

Irregular 1.17 1.76 0.57 2.07 

 
 

Table 7-3 Response modification factors obtained from 2D case study models 

Structure 

Incremental Dynamic Analysis Nonlinear Static Analysis 

𝜇 (≅ 𝑅𝜇) 𝑅𝑠(Ω) 𝑆𝑝 
𝜇

𝑆𝑝
(R) 𝜇 (≅ 𝑅𝜇) 𝑅𝑠(Ω) 𝑆𝑝 

𝜇

𝑆𝑝
(R) 

Regular 1.51 2.78 0.36 4.33 1.15 2.70 0.37 3.14 

Irregular ≅1.0 1.45 0.69 1.45 1.10 1.20 0.83 1.34 



Chapter 7- Recommendations for Practical Applications 

 

203 

 

In current codes of practice, allowance for the provisions of redundancy is not accounted for. 

The selection of a suitable response modification factor is therefore highly dependent on the judgement 

of the designer.  

Analyses involving the use of the response modification factor is essentially based on linear 

elastic behaviour [16]. However, at the component level, elements may experience various levels of 

nonlinearity. Hence, the distribution of forces may not be the same as those associated with linear elastic 

analysis behaviour. Furthermore, in a non-redundant structure, progressive hinge formation cannot be 

observed. It has been shown that in an irregular building featuring the use of transfer beams, the amount 

of load required to form a mechanism is not meaningfully higher than the design load. This is normally 

the case when the contribution from the secondary system is significant.  

Results from analyses demonstrate that the elastic and post-elastic response behaviour of 

regular and irregular buildings are similar. In cases where a premature failure of the transfer beam 

occurs in an irregular building, the force-displacement response behaviour up to the point of failure is 

similar. (Figure 6-11 in CHAPTER 6 refers to the example where failure in the transfer beam did not 

occur whereas Figure 6-27 refers to another example where failure in the transfer beam has occurred.) 

If the premature failure is “postponed”, a similar response behaviour for the irregular buildings is 

expected. Therefore, it is recommended herein to introduce overstrength factor to the seismic design 

actions of the key structural elements in order that premature failure can be avoided. To ensure adequacy 

of the design, the proposed seismic performance factors can be multiplied by the design overstrength 

factor (of 1.5) to obtain the design force for the transfer beam in view of its potential brittle behaviour.  

By making local improvements to design detailing at locations of weaknesses (i.e. at the transfer 

beams) through incorporating an overstrength factor in the design force, the premature lateral collapse 

of the system can be avoided. Hence, this method can be adopted by designers to assure that the 

specified values for the ductility and overstrength factor used for the entire system are achieved, and 

the extent of nonlinearity is uniform in the principal components of the load path chain. Consequently, 

design forces can be reduced as per recommendations made in the specifications for the individual 

components. 

 DESIGNATION OF ANALYSIS METHOD AND CLOSING SUMMING-UP 

CHAPTER 3 investigated the seismic performance of reinforced concrete buildings supported 

by a combination of shear walls/cores and frames featuring vertical irregularities. 75 case study 

buildings featuring different extents and locations of vertical irregularities were selected. Comparison 

between vertical regular and vertical irregular buildings in the elastic range demonstrated that 

introducing discontinuities in some columns within the buildings would not result in any significant 

changes to the overall stiffness behaviour of the buildings. The seismic response behaviour of irregular 
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buildings (in terms of displacements, storey shear forces and structural modal properties) is similar to 

that of a regular building. 

Most seismic guidelines require dynamic analyses to be performed on such buildings. It has 

been found that this stringent requirement is not justified (except when higher mode effects are 

significant). The use of dynamic analysis in itself would not make improvements to the design in terms 

of facilitating desirable failure mechanism. 

In other words, the adoption of a more complicated method of analysis might not avoid the 

development of an undesirable failure mechanism (such as a weak storey mechanism featuring the shear 

failure of transfer beams) and the building seismic performance might not be enhanced. 

The inelastic response behaviour of irregular limited ductile buildings featuring the use of 

transfer beams is not significantly different to that of a regular limited ductile building (up to the point 

of structural collapse). The behaviour of these buildings is mainly governed by the behaviour of certain 

components. Except for some cases where a premature shear failure of transfer beams may occur (prior 

to the failure of walls or columns in frames), the failure of walls because of lack of boundary elements 

or failure of columns because of inadequate resistance to shear occurs first. Thus, poor detailing of 

certain components governs the response behaviour of the building. The ductility factors of irregular 

buildings which have a high contribution from moment-resisting frames can be close to unity (meaning 

no ductility). The premature failure of transfer beams is shown to prevent the distribution of nonlinearity 

among the elements within the structure. Consequently, the structure can be almost entirely elastic at 

the onset of the development of brittle failure.   

In view of these findings, it is concluded that the same method of analysis can be applied to 

both to regular buildings and irregular buildings. In practice, the design process would normally utilise 

linear models of the building. Reduced design forces are then determined in accordance with suitable 

response modification factors which take into account the possible occurrence of the premature failure 

of the individual components. 

 Designing transfer beams with a higher design action (i.e. adopting the overstrength factor) 

can avoid premature failure thereby improving the ductility of the building as a whole. Results of 

nonlinear static analyses (as demonstrated in CHAPTER 6) show that the force-displacement response 

behaviour curves of the irregular limited ductile buildings featuring the use of transfer beams resemble 

that of a regular limited ductile building, up to the point of failure of the transfer beam. Hence, if the 

premature failure of the transfer beam is averted, the inherent capacity of the rest of the building can be 

utilised. The failure mechanism of the irregular buildings could then become consistent with that of 

regular buildings (like the case study models 1 and 2 which have a low contribution from moment-
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resisting frames to the lateral resisting system). Consequently, the force-displacement response 

behaviour curves of the irregular building can be taken similar to that of a regular building up to a 

certain designated ultimate lateral displacement limit. 

Lastly, Generalised Force Method (GFM) of Analysis was introduced in CHAPTER 4 as an 

improvement to the current methods of design. The proposed method utilises a simple rational approach 

in estimating the values of the floor displacements (and storey shear forces) incorporating higher mode 

effects. 

The proposed design recommendations are summarised in Figure 7-1. In the figure, 𝐸𝐷𝑒𝑠𝑖𝑔𝑛 is 

the design action effect which is typically obtained from elastic analysis of the building (by applying 

the response modification factor for force reduction) and 𝐸′𝐷𝑒𝑠𝑖𝑔𝑛is the modified design force. 

 

Figure 7-1 Design recommendation for the limited ductile shear wall dominant irregular buildings 
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7.3 RAPID DISPLACEMENT-BASED SEISMIC ASSESSMENT (RDBSA) 

OF LIMITED DUCTILE BUILDINGS 

As discussed in the previous section, the inelastic response behaviour of irregular limited 

ductile buildings featuring the used of transfer beams is not significantly different to that of a regular 

limited ductile building.  The behaviour of these buildings is mainly governed by the capacity of certain 

components.  

The results from nonlinear analyses illustrate that weak storey due to shear failure of transfer 

beams can be formed depending on the contribution of moment-resisting frames to the lateral stiffness 

of the building. The analyses of a number of buildings (including buildings with a wide range of heights, 

different plans, various levels of contribution of moment-resisting frames to shear wall in the lateral 

response, and different extents and locations of discontinuities) demonstrated that the ductility factors 

of irregular buildings and regular buildings are less than 1.5 for shear wall dominant limited ductile 

buildings. Hence, this class of buildings are responding elastically even up to the ultimate state.  

There is a need for investigating failure mechanisms, and failure hierarchy of a building 

featuring discontinuities in the vertical load resisting elements and evaluating the risk of premature 

shear failure in the transfer beams on the formation of a weak storey. This can be assessed by performing 

nonlinear analyses. However, there are difficulties, and challenges, associated with the implementation 

of nonlinear analyses, namely the time-consuming computational processes, the complexity of 

modelling of the limited ductile elements (which can have a flexural-shear or shear failure modes), and 

also the requirements of expertise of the analyst. Hence, there is a need for introducing a simple method 

for assessing the response behaviour of the building. This section addresses the need for a rapid 

displacement-based method for the seismic performance assessment of regular and irregular buildings 

featuring transfer beams. The method proposed herein predicts the nonlinear response behaviour of a 

given multi-storey building for the ultimate limit state by the use of a linear finite element model of the 

building. 

 ESTIMATION OF STRENGTH AND DISPLACEMENT CAPACITIES 

Strength and displacement capacities at the component level are required to be estimated to 

construct a global model of a building. The techniques and methodologies suggested to 3- dimensionally 

model structures in order to represent their ultimate limit state are outlined here. 

7.3.1.1 Component Force-Displacement Response Behaviour Modelling 

7.3.1.1.1 Beam/column elements 

An analytical modelling technique for the systematic simulation of limited ductile 

beam/column elements based on the concentrated plasticity modelling method has been introduced in 
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CHAPTER 5. The modelling technique considers the effects of bar-slippage, cracking, and shear 

failure. Using the proposed method, a tri-linear backbone can be constructed, refer to Figure 7-2.  

 

Figure 7-2 A schematic tri-linear backbone for a limited ductile beam/column element 

This tri-linear backbone will be used later on to construct and modify the stiffness properties of 

the components in the proposed linear method. In the figure, LR1 is the secant stiffness to the yield 

point and LR2 is the secant stiffness to the onset of shear failure. 

7.3.1.1.2 Shear walls 

To predict the force-displacement response behaviour of limited ductile walls, the model 

proposed by Hoult et al. [143] can be used. Results from the study conducted by Hoult et al. and 

observations from past events have shown that limited ductile shear walls with light longitudinal 

reinforcement (i.e. low percentage of longitudinal reinforcement ratio) are prone to form a localised 

single crack at the base of the wall meaning that plasticity is not evenly distributed up the height of the 

wall. The minimum amount of longitudinal reinforcement ratio required to initiate secondary cracking 

is investigated by the same researchers. Based on the comparison of the existing amount of longitudinal 

reinforcement with the minimum amount required to initiate secondary cracking, formulae have been 

proposed to predict the length of the plastic hinge at the base of the shear wall. Accordingly, a 

methodology has been suggested to predict the displacement behaviour using the recommended plastic 

hinge length. 

7.3.1.2 Force-Displacement Response Behaviour of a Building 

For generating analytical linear models which can be used to represent the response behaviour 

of the building at the ultimate limit state, the stiffness of the elements shall be taken at the component 

level. The stiffness of the individual elements of the building at the global ultimate limit state in practice 

is between the yield and failure secant stiffness values. Hence, the stiffness of the building at the global 
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level can fall somewhere in between the two extreme cases in which all the individual elements are 

either at their yield point (limit state 1) or at their failure point (limit state 2). By defining a strength-

stiffness limit interval, the corresponding displacement at the ultimate level of the structure can be 

approximated. 

 

Figure 7-3 Schematic nonlinear response behaviour of a structure 

Figure 7-3 illustrates the actual behaviour of a building and its bilinearised response behaviour 

as well as the mentioned two extreme cases.  

Limit State 1 as illustrated in Figure 7-3 is the state of the building when all the elements in the 

structure attain their yield limits, simultaneously. Hence, at Limit State 1, the flexural stiffness (EI) of 

members is based on the secant stiffness to the yield point. Readers may also refer to Figure 7-2, which 

depicts the secant stiffness based on the point of yield and failure. The line denoted with Linear 

Response 1 (LR1) in Figure 7-2 is representing the flexural stiffness (EI) based on secant stiffness to 

the point of yield. 

By contrast, Limit State 2 is based on the secant stiffness to the onset of failure (corresponding 

to the Life-Safety performance level). The line illustrated with Linear Response 2 (LR2) in Figure 7-2 

is indicating this alternative definition of the secant stiffness. 

 PERFORMANCE ASSESSMENT 

Two criteria types should be employed to determine the performance level of the building. 

Inter-storey drift ratio can represent the performance of non-structural elements at each deformed state 

of the building. The other criteria types are representing the state of the structural element response 

behaviour. The amount of local plastic deformation of each element corresponding to different 

performance levels can be checked against the acceptance criteria of the component, based on the 

seismic assessment codes (e.g. ASCE41-13) or any limits which can be applied by engineering 
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judgments. Finally, the lowest displacement value of the reference point (roof displacement, ∆𝑈) at the 

onset of surpassing the threshold, is the ultimate point, where the performance level can be achieved. 

7.3.2.1 Assessment of frame elements which are modelled based on secant stiffness to the 

yield (LR1) 

Since the suggested methodology is based on generating representative linear models, it has 

been assumed that the response behaviour of individual elements is infinitely linear. Hence, in the 

assessment process, the effect of the nonlinearity and the cap in the nonlinear response behaviour, can 

only be considered indirectly (by finding the equivalent force corresponding to the deformation limits). 

To find the failure point, when the secant stiffness to the yield (LR1) is selected, Equations (7.1) and 

(7.2) shall be used for each of the individual components of a frame. 

𝜇𝑒𝑙𝑒𝑚𝑒𝑛𝑡𝑖 =
𝜃𝑠𝑓

𝜃𝑦
 7.1 

𝐹𝑒𝑙𝑎𝑠𝑡𝑖𝑐 = 𝜇𝑒𝑙𝑒𝑚𝑒𝑛𝑡𝑖 . 𝐹𝑦 7.2 

Where, 𝜇𝑒𝑙𝑒𝑚𝑒𝑛𝑡𝑖 is the ductility factor showing the ratio of the rotation (or deflection) at the 

onset of failure to the yield rotation (or deflection) in the element level. 𝜃𝑠𝑓 is the rotation (or deflection) 

at the onset of triggering shear failure and 𝜃𝑦 is the rotation (or deflection) at the onset of the initiation 

of yielding. 𝐹𝑦 is the yield shear force, and 𝐹𝑒𝑙𝑎𝑠𝑡𝑖𝑐 is the virtual elastic force (assuming infinite elastic 

response behaviour) corresponding to the onset of triggering shear failure. It is noteworthy to mention 

that different values for the deformation limits can be adopted using seismic assessment standards based 

on the decision of the engineer. 

Figure 7-4 depicts the schematic deflected shape of a structure under an arbitrary lateral load. 

𝑉𝑏𝑒𝑎𝑚 and 𝑉𝑐𝑜𝑙𝑢𝑚𝑛are the shear forces induced in the elements due to the lateral loads. ∆𝑖 is the lateral 

displacement of floor i and 𝛿𝑖 is the inter-storey drift at the ith floor. 
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Figure 7-4 Deflected shape of the modified linear model under an arbitrary load 

By assigning the secant stiffness to the point of yield for each component, shear force in each 

of the elements can be computed for a given roof displacement based on an arbitrary set of loads. Using 

Equation (7.3), the ultimate roof displacement value (∆𝑈) at the onset of failure of element i can be 

found. Corresponding ∆𝑈 displacements for all the elements shall be calculated, and the least of the 

values is the point, where the building is considered to be passing the performance level limit thresholds.  

∆𝑈
∆𝑛
=
𝐹𝑒𝑙𝑎𝑠𝑡𝑖𝑐(= 𝜇𝑒𝑙𝑒𝑚𝑒𝑛𝑡𝑖 . 𝐹𝑦) − 𝑉𝑔𝑖

𝑉𝑒𝑖
 

𝑦𝑖𝑒𝑙𝑑𝑠
→    ∆𝑈=

𝐹𝑒𝑙𝑎𝑠𝑡𝑖𝑐 − 𝑉𝑔𝑖
𝑉𝑒𝑖

. ∆𝑛=
𝜇𝑒𝑙𝑒𝑚𝑒𝑛𝑡𝑖 . 𝐹𝑦 − 𝑉𝑔𝑖

𝑉𝑒𝑖
. ∆𝑛 

7.3 

Where, 𝑉𝑒𝑖 and 𝑉𝑔𝑖
 are the shear forces induced in element i due to earthquake and gravity loads, 

respectively. ∆𝑛 is the roof displacement as obtained from the linear analysis (refer to Figure 7-4) based 

on applying the arbitrary forces. 

Herein, the lateral displacement of the system due to gravity loads in the building is assumed 

to be zero. Hence, this value would need to be deducted from the maximum force of the element at each 

value of the lateral deflection of the system. 
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7.3.2.2 Assessment of frame elements which are modelled based on the secant stiffness to 

the failure point (LR2) 

When the secant stiffness according to the LR2 condition is selected, Equation (7.4) shall be 

employed for estimating the failure point of the individual components of the frame. In this method, the 

force-displacement relationship is set to reach the failure rotation in a straight line. Hence, there is no 

requirement to scale the failure forces. 

∆𝑈
∆𝑛
=
𝐹𝑢𝑖 − 𝑉𝑔𝑖
𝑉𝑒𝑖

𝑦𝑖𝑒𝑙𝑑𝑠
→    ∆𝑈=

𝐹𝑢𝑖 − 𝑉𝑔𝑖
𝑉𝑒𝑖

. ∆𝑛 7.4 

Where, 𝐹𝑢 is the shear force at the onset of shear failure triggering.  

7.3.2.3 Assessment of shear wall elements 

In this study, the outcome of a comprehensive study by Hoult et al. for the prediction of the 

force-displacement response behaviour of the planer and C-shaped walls is utilised. The study uses 

Moment-Curvature Analysis to compute the strength and curvature values for defining the sectional 

behaviour of the walls. Given these values, the displacement capacity of a given structural wall can be 

estimated by the proposed method. 

In the current study, flexural stiffness of the walls underneath the cracking height (which can 

be calculated using the suggested method) is taken as the effective stiffness at the yield and 0.8 of the 

cross-sectional flexural stiffness is assigned to the part of the pier wall above the cracking height in the 

elastic model of the given building. 

7.3.2.4 Assessment of Inter-storey drift ratios for evaluating non-structural elements 

When the inter-storey drift of the system at the floor i is 𝛿𝑖, the roof displacement is ∆𝑛. Hence, 

the corresponding roof displacement (∆𝑈) when the inter-storey drift ratio is 1.5% (which is noted in 

AS1170.4:2007 [17] as the maximum allowed limit), can be computed using Equation (7.5). 

∆𝑈
∆𝑛
=
1.5%

𝛿𝑖
ℎ𝑖

𝑦𝑖𝑒𝑙𝑑𝑠
→    ∆𝑈=

1.5%

𝛿𝑖
ℎ𝑖

. ∆𝑛 
7.5 

Where, ℎ𝑖 is the height of storey i. 

 DEMAND ESTIMATION AND ACCEPTANCE CRITERIA 

It has been shown that target displacements in CHAPTER 6 were constant for the case study 

models which have been investigated in this research. The effective fundamental periods of the 

nonlinear models for all the case study models were in the constant displacement segment of the 
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spectrum. Consequently, target displacement values do not vary significantly between structures. This 

is mainly due to the lengthening of the natural periods of the building (and softening of stiffness at 

higher displacements), at the ultimate limit state of the building. Target displacements for a hazard 

factor (Z) of 0.08g and probability (kp) factor of 1.0 in compliance with AS1170.4:2007 [17] is reported 

in Table 7-4. 

Table 7-4 Target displacements for different soil classes and return periods (kpZ= 0.08g) 

Soil Class 

Target displacement (∆𝑇, mm) 

500-year RP Event 2500-year RP Event 

C 48 86 

D 77 138 

 

For shorter buildings in which the effective fundamental periods in the ultimate state can be in 

the constant velocity part of response spectrum, the same values are suggested to be used conservatively 

as a maximum bound for the target displacements. 

 METHODOLOGY 

The assessment method which is explained in this section, assumes that the yield state of 

components and failure state are close enough to draw the bounds of the global response behaviour of 

a given building between two extreme cases in which the entire elements are either based on the secant 

stiffness to the yield point or to the failure point (limit state 1 and limit state 2). Hence, the method is 

specifically applicable to limited ductile buildings in which the yield and failure points are close enough 

(i.e. low ductility). 

The actual deformation of the components in a building at the ultimate state in practice is 

between the yield and failure points. The elements may have various levels of nonlinearity (since failure 

in different components would not occur simultaneously). Hence, for assessment proposes, it should be 

settled that the status of distinct component types in a building should either be regarded as similar to 

the LR1 condition or to the LR2 condition. 

 In order to study the degree of nonlinearity of each distinct component type at the ultimate 

state of the building, results from nonlinear analyses (of CHAPTER 6) have been employed. Three 

regular and three irregular buildings have been considered for this purpose. Table 7-5 to Table 7-10 

illustrate the location and the roof displacements corresponding to each failure type. These values have 

been compared with results from nonlinear analyses of CHAPTER 6, based on the modelling of 

members employing stiffness to the yield and failure points, using two separate models. 
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Case study models (i) are 12-storey buildings based on the layout presented in Figure 6-1. Case 

study models (ii) and (iii) have an open space in the ground floor level to provide areas for the car park 

(Figure 6-4). Assuming similar framing plan for the case study models (ii) and (iii), the difference 

between these case study models is that case study models (ii) are 12-storey buildings, whereas case 

study models (iii) have 6 storeys. 

Table 7-5 Case study models (i): 12-storey irregular structure 

Limit state criteria 

Stiffness based on the LR1 Stiffness based on the LR2 Nonlinear analysis 

∆𝑈(𝑚𝑚) 
Location 

(storey number) 
∆𝑈(𝑚𝑚) 

Location 

(storey number) 
∆𝑈(𝑚𝑚) 

Location 

(storey number) 

Inter-storey drift ratio 466 7,8,9 462 8,9 517 8 

Column 733 7 565 7 743 7 

 Transfer beam 1016 - 922 - - - 

Wall 479 - 479 - 532 - 

 

Table 7-6 Case study models (i): 12-storey regular structure 

Limit state criteria 

Stiffness based on the LR1 Stiffness based on the LR2 Nonlinear analysis 

∆𝑈(𝑚𝑚) 
Location 

(storey number) 
∆𝑈(𝑚𝑚) 

Location 

(storey number) 
∆𝑈(𝑚𝑚) 

Location 

(storey number) 

Inter-storey drift ratio 462 8 459 8 516 8 

Column 610 10 519 6 748 7 

Wall 479 - 479 - 529 - 

 

Table 7-7 Case study models (ii): 12-storey irregular structure 

Limit state criteria 

Stiffness based on the LR1 Stiffness based on the LR2 Nonlinear analysis 

∆𝑈(𝑚𝑚) 
Location 

(storey number) 
∆𝑈(𝑚𝑚) 

Location 

(storey number) 
∆𝑈(𝑚𝑚) 

Location 

(storey number) 

Inter-storey drift ratio 450 7,8 450 7,8 - - 

Column 756 7 536 7 - - 

 Transfer beam 1447 - 255 - 214 - 

Wall 426 - 426 - - - 

 

Table 7-8 Case study models (ii): 12-storey regular structure 

Limit state criteria 

Stiffness based on the LR1 Stiffness based on the LR2 Nonlinear analysis 

∆𝑈(𝑚𝑚) 
Location 

(storey number) 
∆𝑈(𝑚𝑚) 

Location 

(storey number) 
∆𝑈(𝑚𝑚) 

Location 

(storey number) 

Inter-storey drift ratio 458 7 457 7,8 518 6 

Column 878 3 507 12 672 4 

Wall 426 - 426 - 461 - 
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Table 7-9  Case study models (iii): 6-storey irregular structure 

Limit state criteria 

Stiffness based on the LR1 Stiffness based on the LR2 Nonlinear analysis 

∆𝑈(𝑚𝑚) 
Location 

(storey number) 
∆𝑈(𝑚𝑚) 

Location 

(storey number) 
∆𝑈(𝑚𝑚) 

Location 

(storey number) 

Inter-storey drift ratio 198 5 207 4,5 - - 

Column 245 6 189 5 - - 

 Transfer beam 1233 - 173 - 129 - 

Wall 134 - 134 - - - 

 

Table 7-10  Case study models (iii): 6-storey regular structure 

Limit state criteria 

Stiffness based on the LR1 Stiffness based on the LR2 Nonlinear analysis 

∆𝑈(𝑚𝑚) 
Location 

(storey number) 
∆𝑈(𝑚𝑚) 

Location 

(storey number) 
∆𝑈(𝑚𝑚) 

Location 

(storey number) 

Inter-storey drift ratio 209 4,5 209 4 - - 

Column 189 4 103 4 221 2,3 

Wall 134 - 134 - 189 - 

 

Comparison between results from nonlinear analyses with results from the two approaches (as 

explained in Sections 7.3.2.1 and 7.3.2.2) is presented in the tables. Results demonstrate that at the 

ultimate limit state where frame members fail (for the assessment of frame members) such as 

components of regular frames (and also columns of irregular frames), the state of the building matches 

the condition of the building using Limit State 1 stiffness for the modelling of frame members. i.e. most 

of the frame elements are closer to the yield point rather than to the failure point. However, it has been 

found that at the onset of shear failure in the transfer beams, beams above the transfer beams have 

undergone nonlinear response behaviour (closer to the failure point rather than yield point). This 

phenomenon is mainly due to the shear force induced by the hanging columns which transfer loads from 

the transfer beams to the upper beams (as the transfer beams cannot acquire extra forces with increasing 

seismic actions). Figure 7-5 demonstrates the summary of the algorithm for the proposed rapid 

assessment method. 

Hence, for the assessment of irregular buildings, two separate elastic models shall be developed. 

The first model assumes that frame members stiffness is based on the secant stiffness to the yield point. 

This model can be used for the assessment of frame members (except transfer beams and the beams 

above it) and to check the inter-storey drift ratio. The second model shall be based on stiffness to the 

failure point. It has been observed that the effect of adopting secant stiffness to the failure point, for the 

columns does not affect the response behaviour of the suggested linear models significantly. Hence, it 

is recommended that for the failure assessment of transfer beams, the secant stiffness to the failure 

points be undertaken for the transfer beams as well as the beams above them. For the frame columns, 
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the same stiffness which has been applied in Limit State 1 condition (based on LR1) can be used and 

kept for simplicity in the computations. 

 

Figure 7-5 Flowchart illustrating RDBSA method procedure. 

 ILLUSTRATION OF AN EXAMPLE 

To show the validity of the proposed method, the solution of an example is illustrated here and 

has been compared with the results of the nonlinear analyses conducted in CHAPTER 6. The example 

is one of the case study models of section 6.5 in CHAPTER 6. The plan and elevational view of the 

case study building is illustrated in Figure 7-6. 
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Figure 7-6 Framing plan and elevational view of the worked example 

Using algorithm provided in Figure 7-5, the stiffness of elements in the linear model has been 

reduced to the stiffness of the secant line to the yield point to simulate the nonlinear ultimate state of 

the building. Using GFM of Analysis, fundamental period of the modified linear structure is computed 

as 2.14 Seconds. Table 7-11 illustrates the modal shapes, lateral force values, storey shear force and 

lateral displacement profiles at the ultimate limit state, using GFM of Analysis (Part One). 

Table 7-11 Structural properties of case study example 

Storey mi (kg) hi (mm) Γ. 𝜙𝑖 Fi (kN) Vi (kN) Δi (mm) Inter-storey drift ratio 

12 327438.3 39200 1.45 242.53 242.53 86.5 0.27% 

11 284421.1 36000 1.31 190.15 432.68 78.0 0.27% 

10 284421.1 32800 1.17 169.42 602.10 69.4 0.27% 

9 284991.1 29600 1.02 148.83 750.93 60.9 0.27% 

8 285951 26400 0.88 128.56 879.49 52.4 0.27% 

7 285951 23200 0.74 107.93 987.42 43.9 0.26% 

6 289080.8 20000 0.60 88.69 1076.11 35.7 0.25% 

5 292600.6 16800 0.47 69.98 1146.10 27.7 0.23% 

4 292600.6 13600 0.34 51.26 1197.36 20.2 0.22% 

3 296000.4 10400 0.23 34.30 1231.66 13.3 0.19% 

2 299730.1 7200 0.12 18.76 1250.43 7.2 0.12% 

1 319088.8 4000 0.04 7.12 1257.55 2.6 0.07% 
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The displacements at the ultimate limit state for each storey is reported in Table 7-12. 

Table 7-12 Estimation of ultimate displacement: Inter storey drift ratio 

Storey 
limit state 1-Inter-storey drift ratio 

limit state threshold Inter-storey drift ratio Δ u (mm) 

12 1.5% 0.27% 444.1 

11 1.5% 0.27% 438.9 

10 1.5% 0.27% 444.1 

9 1.5% 0.27% 444.1 

8 1.5% 0.27% 444.1 

7 1.5% 0.26% 460.3 

6 1.5% 0.25% 471.8 

5 1.5% 0.23% 503.3 

4 1.5% 0.22% 547.0 

3 1.5% 0.19% 618.8 

2 1.5% 0.12% 1025.7 

1 1.5% 0.07% 1814.7 

- - Min 438.9 

 

Table 7-13 demonstrates the predicted yield and shear failure rotations for the most critical 

component (Column I3) at each storey level. Similar calculations shall be carried out for all the 

elements.  

Table 7-13 Estimated flexural-shear failure and yield rotation for the most critical element (Column I3) 

Storey θ sf (rad) θy (rad) 𝜇𝑒𝑙𝑒𝑚𝑒𝑛𝑡 𝐼3 

12 0.0342 0.0183 1.87 

11 0.0334 0.0183 1.83 

10 0.0311 0.0166 1.87 

9 0.0303 0.0130 2.33 

8 0.0296 0.0143 2.07 

7 0.0288 0.0130 2.22 

6 0.0279 0.0114 2.45 

5 0.0268 0.0114 2.35 

4 0.0253 0.0100 2.53 

3 0.0292 0.0106 2.75 

2 0.0244 0.0092 2.64 

1 0.0232 0.0088 2.62 
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The shear force values of Column I3 at different levels due to the lateral and gravity forces are 

reported in Table 7-14. Using Equation (7.4), the corresponding roof displacements are computed for 

each storey. 

Table 7-14 Estimation of ultimate displacement: Column I3 

Storey 

limit state 2-Column 

𝑉𝑒𝑖(kN) 𝑉𝑔𝑖(kN) 𝐹𝑦(kN) 𝜇𝑒𝑙𝑒𝑚𝑒𝑛𝑡 𝐼3. 𝐹𝑦 − 𝑉𝑔𝑖  (kN) Δ u (mm) 

Story12 18.31 14.82 89.88 153.69 726.1 

Story11 18.35 13.39 94.63 159.77 753.2 

Story10 20.20 13.47 107.63 187.75 804.1 

Story9 33.78 19.63 146.19 320.82 821.5 

Story8 31.60 15.69 152.94 301.03 824.1 

Story7 33.83 14.00 153.63 326.56 835.1 

Story6 49.60 14.40 195.94 465.03 811.1 

Story5 42.89 10.50 203.25 466.88 941.7 

Story4 42.80 6.43 199.56 497.72 1006.0 

Story3 54.58 2.73 216.45 592.02 938.2 

Story2 44.82 1.16 214.75 566.49 1093.4 

Story1 13.70 -0.26 221.35 581.08 3668.6 

- - - - Min 726.1 

 

Table 7-15 compares the results of the rapid assessment method and the nonlinear static 

analysis. Comparison of the results shows that the proposed method has a satisfactory approximation 

of the ultimate displacements and the hierarchy of the failure mechanisms developed in different 

components.  

Table 7-15 Comparison of estimated failure hierarchy and accurate results from nonlinear analysis 

Limit state criteria 

RDBSA Method Nonlinear Analysis 

∆𝑈(𝑚𝑚) 
Location 

(storey number) 
∆𝑈(𝑚𝑚) 

Location 

(storey number) 

Inter-storey drift ratio 438.9 11 554 8 

Frame (Column I3) 726.1 12 687 4,12 

Wall 425.6 - 461 - 

Min 425.6 - 461 - 
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7.4 RAPID FRAGILITY ASSESSMENT OF BUILDINGS 

Seismic vulnerability of a building can be described as its susceptibility to damage when subject 

to a given intensity of earthquake shaking. Numerous assessment techniques have been developed over 

the past decades for the seismic vulnerability assessment of structures (e.g.,[163, 164]). Nonlinear 

dynamic analysis has commonly been adopted as it is viewed to be able to represent the actual effects 

of ground motion characteristics. However, nonlinear dynamic analyses are generally computationally 

intensive, especially since numerous analyses are required. 

In this study, an innovative straightforward method for the seismic fragility assessment of 

multi-storey reinforced concrete buildings is introduced. 

 FRAGILITY CURVES AND FUNCTIONS 

Fragility curves express the probability that a damage state (dsi) being reached or exceeded at a 

given level of ground motion intensity measure. The curves are assumed to take the form of lognormal 

cumulative distribution function having a median value and logarithmic standard deviation. 

The fragility function is defined by Equation (7.6): 

𝑃(𝐷𝑀 ≥ 𝑑𝑠𝑖|𝐼𝑀) = 𝜑(
ln(𝐼𝑀) − ln (𝐼�̂�) 

𝛽
) 7.6 

Where, 𝑃(𝐷𝑀 ≥ 𝑑𝑠𝑖|𝐼𝑀) is the probability of a ground motion with a certain level of 𝐼𝑀 

causing a damage level of DM equals to or greater than 𝑑𝑠𝑖. 𝐼�̂� is the level of 𝐼𝑀 that has 50% chance 

to cause the damage state to be exceeded. ln(𝐼�̂�) is the mean of lognormally distributed function and 

β is the standard deviation of the lognormal function. 

7.4.1.1 Construction of fragility curves 

Rapid seismic vulnerability assessments have been conducted based on the proposed simple 

static analysis method (as introduced in Section 7.3) to determine the probability of different damage 

limit states to be exceeded under a given intensity of earthquake shaking. The collapse mechanism of 

the building can be investigated using this method. Figure 7-7 illustrates the procedure and flowchart 

to construct the fragility curves. 

 

7.7   

7.8  

 7.9 
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Figure 7-7 Flowchart showing the procedure for the Rapid Fragility Assessment Method 

Modelling:

Use RDBSA method to modify the stiffness of the elastic model components.

Estimating the roof displacement (∆n) at the design hazard level intensity 
((kpZ) Design):

a) Use the Generalised Force Method (GFM) of Analysis to calculate the (I) fundamental 
mode shape, (II) fundamental period and (III) effective weight of the fundamental mode 
(𝑊𝑒𝑓𝑓1)  at the ultimate limit state stiffness. 

b) Use Design Spectrum to calculate the Spectral Acceleration at T1 and find the base 
shear at the design level intensity using the uniform hazard spectrum of the code.

𝑉𝑏 = 𝑅𝑆𝐴 𝑇1 .𝑊𝑒𝑓𝑓1=(kpZ) Design Ch 𝑇1 (7.7)

c) Distribute the base shear (𝑉𝑏) in accordance with the fundamental mode shape.

d) Calculate the roof displacement at the design hazard level intensity (∆n).

Estimating the corresponding displacement at the ultimate limit state (∆u):

Use RDBSA method to calculate ∆u.

Finding the scale factor:

𝑆𝐹 =
∆u
∆n

(7.8)

Finding the hazard level intensity pertinent to the ultimate limit state of the building 
((𝒌𝒑𝒁)𝑼𝒍𝒕𝒊𝒎𝒂𝒕𝒆):

(𝑘𝑝𝑍)𝑈𝑙𝑡𝑖𝑚𝑎𝑡𝑒 = 𝑆𝐹. (𝑘𝑝𝑍)𝐷𝑒𝑠𝑖𝑔𝑛 (7.9)

Selecting  𝜷𝒅 values based on the suitable soil type and hazard level intensity at the 
ultimate state level ((𝒌𝒑𝒁)𝑼𝒍𝒕𝒊𝒎𝒂𝒕𝒆):

Use the recommended figures corresponsing to each soil class and hazard level intensity.

Constructing the fragility curves:

a) Use the ultimate limit state level spectrum to find the Response Displacement at T1

(𝑅𝑆𝐷 𝑇1 ). This value can be selected as 𝐼𝑀, which has 50% chance of exceeding the limit 
state.

b) Construct the fragility curve, using the values of dispersion and 𝐼𝑀factors, and by 
substituting the values into Equation (7.6).
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7.4.1.1.1 Fragility function parameters 

CHAPTER 6 discussed that selecting various Intensity Measure (IM) types for indicating the 

intensity of an earthquake record can affect the results from the fragility assessment studies as they are 

sensitive to the spectral shapes of the records. Due to the inherent features of the structures which have 

been investigated (medium to high-rise limited ductile buildings which are mainly responding linearly), 

it has been found that the best choice of Intensity Measure (IM) is the spectral displacement at the 

fundamental mode (RSD(T1)). Hence, in this method, RSD(T1) parameter has been chosen as the IM 

factor to construct the fragility curves; This makes the results comparable with the results presented in 

CHAPTER 6. 

To construct the fragility curves, constitutive parameters of fragility function should be 

determined. Median capacity (which is the mean value of the lognormally distributed fragility function 

ln(𝐼�̂�)), can be estimated by scaling up the design hazard level ((𝑘𝑝𝑍)𝐷𝑒𝑠𝑖𝑔𝑛) to the hazard level 

causing collapse, or passing a limit state ((𝑘𝑝𝑍)𝑈𝑙𝑡𝑖𝑚𝑎𝑡𝑒 ), using the uniform hazard spectrum of the 

code. Since this spectrum is smoothed and has a regular shape, response values for the acceleration, 

velocity and displacement are pertinent. Given one parameter value, other parameter values can be 

calculated. Employing the code spectrum for determining the intensity level is advantageous because 

the estimated results would be insensitive to the choice of the intensity indicator. 

Hazard level intensity in AS1170.4:2007 [17] is expressed as kpZ factor. Where, kp is the 

probability factor for the annual probability of exceedance and Z is the hazard factor. By using the code 

spectrum, it has been assumed that spectral shapes for various hazard levels are similar and 

corresponding values of kpZ values for certain hazard levels are multiplied to the reference values of the 

spectral shape factor to compute the design spectrum or spectra of the other hazard levels. 

The standard deviation (β) of the lognormally distributed function of Equation (7.6) is defined 

by: 

𝛽 = √𝛽𝑑
2 + 𝛽𝑚

2  7.10 

Where, 𝛽𝑚is the modelling dispersion associated with uncertainties in the definition of the 

structural characteristics of the building, mathematical modelling and uncertainties arising from 

building-to-building variability. A 𝛽𝑚value equal to 0.25 as per FEMA P-58 report [165] can be adopted 

as a reference value for this factor. 𝛽𝑑is the total dispersion associated with uncertainties in the demand 

imposed on the buildings arising from record-to-record variability. Details of the suggested 𝛽𝑑 values 

will be explained in the next section. 
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7.4.1.2 Outlining the computation procedure for the 𝜷𝒅 factor 

Various characteristics of the accelerogram records for the input into the dynamic analyses and 

their influence on the response dispersion (𝛽𝑑factor) is addressed here. Dispersion of the response 

behaviours for three soil class (B, C and D) and various M-R combinations (9 categories of hazard level 

intensities) is investigated in this section. 

7.4.1.2.1 Rock ground motions 

To provide estimates of the total dispersion arising from record-to-record variability (𝛽𝑑), 180 

earthquake excitations were generated based on the magnitude and epicentral distance combinations 

which produce expected kpZ varying approximately from 0.1 to 1.2 on rock, compatible with the 

Australian geo-seismological characteristics. The earthquake ground motions on rock were generated 

using the program GENQKE [158]. “Generic rock” as the crustal type in GENQKE has been used to 

generate the ground motions. 

CAM attenuation relationship (which is the basis of GENQKE) was to estimate the value of 

𝑅𝑆𝑉𝑚𝑎𝑥,𝑟𝑜𝑐𝑘  for different Magnitude-Distance (M-R) combinations typical of low to moderate 

seismicity regions [158]. kpZ parameter can be approximated with the maximum values of response 

spectral velocity on rock sites by the following empirical formula: 

𝑅𝑆𝑉𝑚𝑎𝑥,𝑟𝑜𝑐𝑘 = 𝑘𝑝𝑍 × 1.8 × 750      7.11 

Where, 𝑅𝑆𝑉𝑚𝑎𝑥,𝑟𝑜𝑐𝑘 is the maximum response spectral velocity on rock in mm/sec. 

GENQKE generates stochastic records on the bedrock (soil class B) and consequently, the 

maximum spectral acceleration values reported by GENQKE is based on the bedrock conditions. This 

factor is denoted as kpZ in the AS1170.4:2007 standard [17]. The magnitude and epicentral distance 

combinations of the generated stochastic accelerograms on rock is reported in Table 7-16.  

Figure 7-8 illustrates the Response Spectral Acceleration of generated records on the bedrock 

(site class B) for the 9 intensity levels of ground motions. 
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Table 7-16 M-R Combination of the Stochastic Accelerograms and Approximate Maximum Spectral Accelerations 

Magnitude (Mw) Distance (R) (km) 
Maximum Spectral Velocity 

(mm/s) 
Approximate Expected Maximum Spectral Accelerations (g)  

[kp Z (g)] 

5.5 15 120.6 0.09 

6 28 117.4 0.09 

6.5 38 142.9 0.10 

6 12 281.8 0.21 

6.5 20 284.1 0.21 

7.5 35 344.0 0.25 

7 22 395.9 0.29 

7.5 30 406.9 0.30 

6.5 14 409.5 0.30 

6.2 8 529.9 0.39 

7 16 550.0 0.41 

6.4 8 652.0 0.48 

7.2 15 682.7 0.51 

7.2 13 789.4 0.58 

6.9 10 817.0 0.61 

6.5 6 956.7 0.71 

7 9 983.0 0.73 

6.6 5.9 1067.9 0.79 

7.3 10 1103.7 0.82 

6.6 5.2 1210.5 0.90 

7.3 9 1226.5 0.91 

 

The actual PGA values of the generated records are slightly different with the values calculated 

based on the empirical records, especially for the higher intensity levels. The actual value ranges are 

reported at the following corresponding figures (the values in Figure 7-8 and Figure 7-12 to Figure 7-17 

define the Minimum and Maximum values for the 9 intensity levels of ground motions). 
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Figure 7-8 Response Spectral Acceleration of generated records on the bed rock (soil class B). 

7.4.1.2.2 Incorporation of site-effects 

DEEPSOIL software [159] was used to generate accelerograms which are representative of 

earthquake excitations on class C and D sites in accordance with AS1170.4:2007. [17] The soil profiles 
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presented in Figure 7-9 and Figure 7-10 were used to simulate earthquake excitations on site classes C 

and D, respectively. [160] Two separate series of analyses have been conducted for each soil profile, 

using sand (cohesionless soils) and clay (cohesive soils) sites.” Average, Seed and Idriss 1970” and 

“PI=30, Vucetic and Dobry 1991“were used for modelling of the sand and clay, respectively. 

 

Figure 7-9 Soil profiles used for the nonlinear analyses of one-dimensional soil columns (clay and sand)-soil class C 

 

Figure 7-10 Soil profiles used for the nonlinear analyses of one-dimensional soil columns (clay and sand)- soil class D 

7.4.1.1 Record-to-record variability 

The randomness of the response values arising from record-to-record variability can be 

represented by the variation of response behaviour in the Spectral Displacement-Period format for each 

𝑘𝑝𝑍  value (Peak Ground Acceleration of Bedrock). This parameter is normally used by codes of 

practice to specify the hazard level.  
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Figure 7-11 Using analogy of SDOF systems to estimate the dispersion of the response behaviours at each IM level 

Dispersion of the response values can be represented by means of Single Degree of Freedom 

(SDOF) system analogy. For this SDOF system, IM and DM are equal to the lateral displacement (δ) 

showing the intensity of excitation and deformation as the damage measure. Furthermore, by the 

definition of the spectral displacement in a spectrum, RSD is the maximum displacement which the 

SDOF system is experiencing during the oscillation. Thus, IM=DM= δ=RSD(T1). 

The probability of passing a limit state is assumed to be distributed lognormally. Hence, 

randomness in the capacity due to record-to-record (𝛽𝑑 values) was assumed to be equal to the standard 

deviation values of ln(RSD(T1)), where RSD(T1) is the response spectral displacement at the 

fundamental period of the building (T1). 

The values of 𝛽𝑑  plotted against periods in Figure 7-13, Figure 7-15 and Figure 7-17 for 

different soil classes. Figure 7-12, Figure 7-14 and Figure 7-16 are presenting the spectral displacements 

of generated records for each soil class. 
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Figure 7-12 Response Spectral Displacement- soil class B 
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Figure 7-13 Record to record dispersion factor (βd)- soil class B 
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Figure 7-14 Response Spectral Displacement- soil class C 
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Figure 7-15 Record to record dispersion factor (βd)- soil class C 
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Figure 7-16 Response Spectral Displacement- soil class D 
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Figure 7-17 Record to record dispersion factor (βd)- soil class D 

No systematic trends were observed with the values of 𝛽𝑑. The intensity of ground motions, 

soil conditions and various values of periods of the systems are not shown to have any systematic effects 

on the values of 𝛽𝑑. Values of 𝛽𝑑 were found to vary between 0.3 and 0.5. 
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 ILLUSTRATION OF AN EXAMPLE 

The worked example of Section 7.3.5 will be used to show the application of the rapid fragility 

assessment method. Using Rapid Displacement-Based Seismic Assessment (RDBSA), the ultimate 

displacement (∆𝑈) is found to be 425.6 mm. 

Using Equation (7.8), the scale factor is 4.92 ( 
425.6 

86.5
= 4.92). Having the values of scale factor 

and (𝑘𝑝𝑍)𝐷𝑒𝑠𝑖𝑔𝑛  (=0.08 for Melbourne), the (𝑘𝑝𝑍)𝑈𝑙𝑡𝑖𝑚𝑎𝑡𝑒  value is 0.4. The response spectral 

displacement at T1 or RSD(T1) of the ultimate state (employing the response spectrum of the code with 

the hazard level intensity of (𝑘𝑝𝑍)𝑈𝑙𝑡𝑖𝑚𝑎𝑡𝑒), is 290 mm. Standard deviation value (β) of the lognormal 

function has been obtained using the suggested figures for soil class D (𝛽𝑑=0.32). βm is assumed to be 

zero in this example to compare results obtained from this method with results from Incremental 

Dynamic Analyses of 40 records as presented in the previous chapter (CHAPTER 6). 

Finally, fragility functions are constructed based on Equation (7.6). The fragility curve of the 

structure is presented in Figure 7-18. 

 

Figure 7-18 Probability of exceeding Life-Safety limit states in accordance with the proposed method. 

Discrepancies shown in Figure 7-18 are explained as follows: 

1) RDBSA method is using two stiffness-strength limits to find a range of response 

behaviour in which the accurate nonlinear static analysis curve of the building can be 

located. Hence, the estimated ultimate displacement value of this method may have 

some discrepancies in comparison with the actual values from Nonlinear Static 

Analysis. 
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2) Incremental Dynamic Analyses are based on time history analyses of the building. It 

has been mentioned that Nonlinear Static Analysis method would not accurately 

simulate the response behaviour of the structures, because of the participation of the 

higher modes. Considering that RDBSA is inherently a static analysis method which is 

reproducing the building nonlinear monotonic response behaviour, it is expected that 

the response behaviour estimated from dynamic analyses exhibit discrepancies with the 

static analysis method. 

3) The other sources of discrepancy are the input ground motions and sensitivity of the 

fragility curves to changes in the β factor value. The fragility curve as defined from the 

IDA of 40 records, can have some discrepancies from the 720 records which were used 

to generate the standard deviation values (β). The 40 records of IDA were only based 

on the clay profiles, whereas records used to derive the β factors were based on the 

sand and clay profiles. Furthermore, the 40 records that were chosen to include records 

that have a high amount of spectral response values at the periods were close to the 

fundamental natural period of the building. Records used for deriving the β factors were 

comprehensive for different natural period values and had their spikes at various period 

points. 

7.5 SUMMARY 

Reinforced concrete buildings are highly represented in the Australian buildings stock. 

Commonly these structures have been designed with little to no consideration to seismic requirements, 

and hence ductile detailing. Furthermore, they possess irregularities which can exacerbate their seismic 

performance. 

• In practice, designing, proportioning and detailing of a structure is based on the reduced elastic 

forces using the code specified response modification factors.  

• Response modification factors found to be meaningfully lower for irregular buildings in some 

cases. Designers should ensure that representative values for the ductility and overstrength are 

adopted in the design process, and nonlinearity is evenly distributed among the principal 

components of the load path chain. By assuring the seismic design assumptions, design forces 

can be reduced based on factors recommended in the specifications for other components. In 

the spirit of these remarks, design recommendations have been made regarding consideration 

of irregularity in the design.  

Furthermore, applicability of current design elastic analysis methods has been discussed. 

• Results of nonlinear analyses illustrate that weak storey due to the shear failure of transfer 

beams can be formed. Hence, there is a need to investigate the failure mechanism and failure 
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hierarchy of a given multi-storey buildings featuring discontinuities in their vertical load 

resisting elements; and evaluation of collapse due to the sudden shear failure in the transfer 

beams and the formation of weak storey for seismic intensity level, representative of the 

seismicity in Australia. 

With respect to difficulties which can arise for the nonlinear analysis methods such as 

cumbersome and time-consuming process, complexity of modelling of limited ductile elements 

and requirements for highly experienced experts, nonlinear analysis methods are mostly 

impractical in normal engineering applications. Hence, there is a need for adopting simplified 

methods in the assessment of buildings. 

A framework for the rapid seismic assessment of vulnerable regular, and irregular, limited 

ductile buildings in regions of low to moderate seismicity is proposed in this chapter. 

A displacement-oriented method for the seismic evaluation of buildings is introduced. This 

method can be adopted for assessing seismic performance of vertically regular, or irregular, 

multi-storey buildings. Techniques and methodologies have been addressed here to model a 

linear 3D finite element model to predict the nonlinear response behaviour at the onset of 

surpassing Life-Safety performance level limits. Comparison between the results of nonlinear 

static analyses and the recommended method illustrates that the proposed method is capable of 

predicting the ultimate roof displacement value. In addition, the proposed simplified procedure 

identifies the mechanism hierarchy as well as the location of the failure with an acceptable 

approximation. 

• An innovative rapid vulnerability assessment method for the seismic fragility assessment of 

multi-storey reinforced concrete buildings is proposed. Recommendations have been suggested 

to calculate the required parameters of a fragility function. A comprehensive study has been 

carried out on the record-to-record variability. Accelerograms were generated on rock sites (soil 

class B), soil class C and soil class D to determine the standard deviation values associated with 

the record-to-record randomness. Robustness of the method has been demonstrated by working 

through an example. 
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8.1 SUMMARY 

Buildings featuring irregularities in the gravity load carrying frames (discontinuity irregularity 

type in the form of transfer beams) are particularly common in Australia and other low to moderate 

seismic regions to fulfil architectural requirements. The majority of these buildings in Australia usually 

also consist of numerous discontinuous columns (see Figure 8-1).  Australian building stock typically 

consists of gravity frames to carry the gravity loads and shear wall/cores to resist the lateral load. 

 

Figure 8-1 Discontinuity in the load path irregularity type in the form of transfer beams  

The experience from past earthquakes and the results of previous studies have shown that 

transfer structures can be damaged severely. Frames in these buildings have been designed 

conventionally for gravity loads, and shear wall/cores are to withstand lateral loads and are lightly 

reinforced without boundary elements. In practice, frame and shear wall systems are constrained 

together, and they have compatible lateral displacements along the height of the building. This research 

aimed to assess the displacement capacity of the buildings which possess transfer beam irregularity in 

the frame members. 

Pioneer researchers in the field of vertical irregularity have been trying to quantify and classify 

irregularity types. They found that strength, stiffness and mass irregularities are the principal 

irregularity types. They have investigated the effect of each irregularity type on the global response 

behaviour of structures. Few investigations have been carried out in this field, which have considered 

the nonlinear performance of buildings and have included the local component level response 

behaviour.  Some codes of practice necessitate conducting response spectrum analysis for analysing 

irregular buildings, while others argue that the static analysis method can supply equivalent results. 

Hence, there was a need to address the seismic performance of limited ductile transfer beam buildings 

in Australia. This dissertation aimed to provide a comprehensive and enhanced understanding of the 

Transfer
Beam
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seismic performance of transfer beam irregular buildings in Australia. This has been achieved in the 

form of vulnerability assessment and recommendations for design guidelines. 

8.2 SALIENT POINTS OF THESIS 

This section highlights the key findings of this research and concludes the main implications of 

the dissertation. 

CHAPTER 2 reviewed studies conducted on the irregular buildings and narrowed down on the 

discontinuity or off-set in the load path irregularity type. It investigated the current body of the 

knowledge in the field of transfer structure buildings and highlighted the shortcomings of the existing 

literature. It has been noted that in addition to the issues associated with the limited number of works 

in this area and their inadequacy on the transfer beam buildings, there are some concerns in terms of 

appropriate estimation of demand and modelling of limited ductile elements in the current literature 

which makes it less applicable to be used in the case of Australian buildings stock and seismicity level.  

The majority of Australian buildings have a few numbers of transfer beams as an irregularity, 

and the response behaviour of this irregularity type is unexplored, both in the elastic range and post-

elastic range of response behaviour. CHAPTER 3 attempted to investigate the elastic response 

behaviour of transfer beam buildings. 75 case study buildings with a variety of heights and contributions 

of moment-resisting frames to the lateral stiffness have been considered. These case study buildings 

have different locations and extents of irregularity. It has been demonstrated that irregular buildings 

exhibited similar elastic response behaviour to the equivalent regular building. The modal shapes, 

modal periods, displacement and shear force profiles, and storey stiffness were similar to the regular 

buildings. Thus, it is concluded that requirements of seismic standards for conducting response 

spectrum analysis for irregular buildings are strict. It has been shown that this irregularity type does not 

result in stiffness irregularity (in the elastic range). 

In addition, the analysis results which used the code Equivalent Static Analysis, in terms of 

displacement and storey shear force profiles were found to have discrepancies for both regular and 

irregular buildings. The discrepancy for the buildings which were taller than 30.0 m was notable. The 

drawback of static analysis method is its failure to account for higher mode effects. This can be 

attributed to the empirical equations to predict the fundamental mode and assigning the total mass to 

the fundamental mode. 

CHAPTER 4 introduced a static analysis method known as Generalised Force Method (GFM) 

of Analysis to remedy the shortcomings of the Equivalent Static Analysis method. This method is not 

subject to height range restrictions. Parametric studies of case study examples in CHAPTER 3 have 
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been undertaken to develop the GFM. The method has been extended to incorporate eccentricity for the 

buildings which are not balanced torsionally. 

It has been revealed from the results of parametric studies that natural periods and mode shape 

properties of buildings in the database are well constrained; thereby allowing those properties to be 

generalised and assimilated into the newly developed analysis procedure. The ratios of the second and 

third mode periods to the first mode were found to be constant for the range of buildings that have been 

investigated in this dissertation. Generalised mode shapes have been proposed based on normalised 

mode shapes of parametric studies and were utilised as the principals of Generalised Force Method 

(GFM). GFM has been used to analyse two example buildings. Results of analyses showed a 

satisfactory match to the results obtained using the Response Spectrum Analysis Method. 

GFM has been extended to consider eccentricity in the plan. The coupled translational-torsional 

mode shapes can be estimated by having the translational modes of the equivalent torsionally balanced 

building. In addition, procedures have been recommended for computing the coupled mode shapes of a 

torsionally unbalanced building by using the mode shapes and modal periods of GFM for torsionally 

balanced buildings. The validity of the method has been checked against a 15-storey building (which 

had significant higher mode effects and severe eccentricity) in terms of displacement profile for the soft 

edge of the plan and shear force profile. 

 One of the primary goals of the current study was to determine the ductility, failure pattern and 

nonlinear behaviour of multi-storey limited ductile buildings and specifically to investigate the effect 

of transfer beam irregularity on the seismic response behaviours of a building. To do so, reliable 

analyses had to be carried out which required developing building models which were representative of 

their real response behaviour. CHAPTER 5 aimed to address the need to introduce and develop a 

modelling technique which can consider the flexural-shear mode of failure and bar-slippage in limited 

ductile components. The method is based on the concentrated plasticity modelling technique. In this 

modelling method, a nonlinear hinge is responsible for capturing the post-elastic flexural and shear 

response behaviours as well as bar-slippage. The method has been implemented to estimate the 

hysteretic force-displacement response behaviours of 18 columns from the literature which were 

experimentally tested. The results of this investigation show that this robust but straightforward 

modelling technique is capable of simulating the limited ductile beam/column elements. 

The second part of CHAPTER 5 was allocated to reviewing existing methods and available 

element types to numerically simulate the shear wall/cores which are detailed without boundary 

elements. 
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Parametric case studies have been carried out by employing reliable component modelling 

techniques and elements (which were discussed and developed in CHAPTER 5). The building models 

were representative of Australian structures. In general, eight 3-dimensional models and four 2-

dimensional models have been developed for this purpose. The eight 3-dimensional models have been 

considered in a way that the nonlinear analyses conducted include a wide range of building in terms of 

height (6 storeys to 12 storeys) and degree and location of irregularities as well as the contribution of 

moment-resisting frames to the lateral stiffness. The results from this wide range of parameters 

considered can assist with a holistic conclusion for this type of buildings. 

For these models, frames have been modelled using concentrated hinges and elastic elements. 

Effects of bar-slippage, cracking of concrete and shear failure mechanism have been considered using 

the proposed modelling technique. Shear/core walls have been modelled using displacement-based 

beam/column elements in conjunction with the rigid links. OpenSEES parallel processing features have 

been used to analyse the models. 

The following points are the major outcomes of the nonlinear analyses: 

o A weak storey in the cases that contribution of the moment-resisting frame is high can 

be developed as a consequence of shear failure of the transfer beam. 

o Force-displacement behaviour (capacity curve) of irregular buildings resembles that of 

regular buildings. In the case of buildings with premature failure of the transfer beams, 

the capacity curves of the irregular building up to the failure point are similar to the 

regular building curves. In the case that this premature failure does not happen, the 

failure patterns and ultimate displacements are similar for both cases. 

o The behaviour of limited ductile shear walls or columns governs the seismic response 

behaviour of these buildings. Except for the case where shear failure in the transfer 

beams occurs prior to the failure of the walls, failure of walls due to the lack of 

boundary elements occurs first and poor detailing of the elements is governing the 

response behaviour of the building as a whole. Hence, to avoid inappropriate seismic 

performances such as weak storey mechanism due to the shear failure of transfer beams 

adopting a more complicated method of analysis does not enhance the behaviour of 

designed buildings. 

o Due to the nature of the buildings, softening at the ultimate limit state, and the medium 

to high-rise height of the case study buildings, values of the target displacement for 

each particular soil class and each specific expected return period were found to be 

unique. At the ultimate limit state, the elongated periods of the relatively tall buildings 

are in the range of constant displacement part of the spectrum. 
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Contemporary forced-based analysis methods use a reduction factor; namely, Response 

Modification Factor, to estimate the nonlinear forces and displacements for satisfying the requirements 

of Life-Safety performance level in a safe design process. Response modification factors have been 

evaluated in CHAPTER 6 using nonlinear static and incremental dynamic analyses.  

The calculated response modification factors in this thesis found to be somewhat different from 

the codes. Ductility factors for the case study buildings were found to be less than 1.5. Hence, the 

current detailing practice seems to not assure the expected ductility of 2.0 in compliance with 

AS1170.4:2007, even for regular buildings. The ductility factor for the irregular buildings which had 

higher contributions from moment-resisting frames was shown to be almost 1.0; which reveals the 

concentration of plasticity in the critical elements and an almost elastic response behaviour for other 

elements. Therefore, these structures are practically entirely elastic at the onset of developing a 

mechanism. 

Designing, proportioning and detailing of a structure in practice is based on the reduced elastic 

forces by applying the response modification factors using the force-based methods of analysis. 

Designers should ensure that specified values for the ductility and overstrength are achieved in the 

design process, and nonlinearity is evenly distributed among the components. By fulfilling these 

assumptions, design forces can be reduced based on the factors suggested in the specifications for every 

component. 

In the cases that plasticisation is merely occurring in specific members (e.g. the case of irregular 

buildings), the values of internal forces in the non-critical components is not pertinent to the reduced 

forces using the response modification factors. This is because components attract forces based on their 

relative stiffness and designers determine sizes of sections based on their internal forces, and these 

calculations are based on the linear response behaviour and stiffness.  

Concerning the fact that response modification factors for the irregular buildings were less than 

regular buildings, CHAPTER 7 suggests that the overstrength factor which has been calculated for these 

buildings (≈1.5), to be multiplied to the design actions of transfer beams which are obtained by an 

elastic analysis using the conventional response modification factors. This can postpone the failure and 

enhances the performance of an irregular building. It is expected that a similar performance to the 

regular buildings to be obtained by applying this factor. 

Results of nonlinear static and dynamic analyses illustrate the development of a possible weak 

storey in the irregular buildings as well as the critical inelastic performance for the regular buildings. 

Thus, the failure mechanism and failure hierarchy of a given multi-storey building (either regular and 

irregular buildings) may be of a matter of concern. The corresponding ultimate displacement can be 
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checked against the maximum displacements expected a structure could be experiencing in an interested 

seismic hazard level. 

With respect to the difficulties which can arise for the nonlinear analysis methods such as 

cumbersome and time-consuming process, the complexity of modelling of limited ductile elements and 

requirements for highly experienced experts, it is seldom practical for engineers in industry to conduct 

nonlinear analyses. Hence, there is a need for a simple method to assess these buildings. A framework 

for the practical seismic vulnerability and fragility assessment of regular and irregular limited ductile 

buildings were suggested in CHAPTER 7. This framework makes noteworthy contributions to the 

existing tools in this area. The suggested method recommends methods and concepts to modify the 

stiffness of an elastic model of a given multi-storey building in order to represent the state of building 

at its ultimate state.  

Comparison between the results of nonlinear static analyses and the recommended method 

illustrates that the proposed method is capable of predicting the ultimate roof displacement and 

identifies the mechanism hierarchy as well as the corresponding displacements of failure points with an 

acceptable level of accuracy. 

In the same vein, the method has been used as a part of an innovative rapid vulnerability 

assessments method for the seismic fragility assessment of multi-storey reinforced concrete buildings. 

The corresponding displacement at the ultimate displacement has been taken as the median capacity in 

the fragility curve. A comprehensive study has been carried out on the record-to-record variability to 

predict this factor for the multi-storey structures with the variety of fundamental periods and capacity 

levels. Accelerograms were generated on rock sites (soil class B), soil class C and soil class D to 

determine the standard deviation values associated with the record-to-record randomness. The 

robustness of the method has been demonstrated throughout an example. 

8.3 LIMITATIONS AND RECOMMENDATIONS FOR FURTHER 

STUDIES 

The most important limitation of this study is that failure of beam-column joints in the limited 

ductile frames has been ignored and reduction in the strength and ductility capacities of the columns 

due to lap splices were not investigated. The inclusion of lap splice inadequacies/failure in the modelling 

requires analytical force-displacement models and experimental tests to consider the reduction in the 

strength and ductility in the force-displacement response behaviour of limited ductile beam/column 

elements. 

The results of this study may not apply to the buildings which do not have rigid diaphragms. 

Since the failure and connection of collectors and chords to the slab has not been investigated in this 
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research, it is recommended that further research to be undertaken to investigate the effect of the rigidity 

of slab and its connection to the members. 

For future studies, extensive research is recommended to be undertaken to develop analytical 

force-displacement models which include bi-axial bending response behaviour of limited ductile 

beam/column components with and without lap splices. This requires extensive experimental 

programmes and numerical and analytical studies. Force-displacement models can be used as a tool for 

further studies which considers the nonlinear torsional response behaviour of asymmetric buildings. 

Future research in this field would be of great interest in the seismic response behaviour of 

intermediate ductile and fully ductile structural systems, both in the linear and nonlinear ranges of the 

response behaviour of the buildings. 
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APPENDICES 

 

A1 CEB-FEB METHOD FOR THE DESIGN OF DEEP BEAMS 

 

In the design of deep beams, the area of tensile reinforcement (Ast) can be obtained using 

Equation (A1.1). 

𝐴𝑠𝑡 =
𝑀∗

𝑓𝑠𝑦.𝑑 . 𝑧
 

A1.1 

Where, 𝑓𝑠𝑦.𝑑 is the design yield steel which shall be obtained by Equation (A1.2). z is the lever 

arm. M* is the maximum bending moment. 

𝑓𝑠𝑦.𝑑 =
𝑓𝑠𝑦

1.15
≤ 365 𝑀𝑃𝑎 

A1.2 

The lever arm (z) being taken using the following equations: 

1) For simply supported beams: 

𝑧 = {
0.15𝐷(3.0 +

𝐿

𝐷
) 1 <

𝐿

𝐷
≤ 2

0.6𝐿
𝐿

𝐷
≤ 1

 A1.3 

2) For two-span continuous beams: 

𝑧 = {
0.1𝐷(2.5 +

2𝐿

𝐷
) 1 <

𝐿

𝐷
≤ 2.5

0.45𝐿
𝐿

𝐷
≤ 1

 A1.4 

 

3) For three or more span continuous beams: 

𝑧 = {
0.15𝐷(2.0 +

𝐿

𝐷
) 1 <

𝐿

𝐷
≤ 3

0.45𝐿
𝐿

𝐷
≤ 1

 A1.5 

4) For cantilever beams: 

𝑧 = {
0.15𝐷(3.0 +

2𝐿

𝐷
) 0.5 <

𝐿

𝐷
≤ 1

1.2𝐿
𝐿

𝐷
≤ 0.5

 A1.6 
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Main tensile steel shall be distributed in the depth of the section and enough anchorage length 

shall be provided in the sections which have less bending moment. 

In simply supported deep beams, the main steel should be continued to the support. For other 

types of beams, reinforcement should be anchored to develop at least 80% of the yield force at the inner 

face, using horizontal hooks. 

In the continuous beams, “one half of the total steel should be extended over the entire adjacent 

spans. The length of remainder should be 0.8 𝐷 (for 
𝐿

𝐷
≥ 1) or 0.8 𝐿 (for 

𝐿

𝐷
≥ 1)” [80]. 

Figure A.11 shows the distribution of top steel over an interior support. 

 

Figure A1.1 Distribution of top steel over an interior support.[80] 

Compressive stress in the diagonal struts shall be controlled by Equation (A1.7) 

𝑉∗ < min {
𝑉𝑢.𝑚𝑎𝑥 = 0.1 𝑏𝑤𝐷 𝑓𝑐𝑑
𝑉𝑢.𝑚𝑎𝑥 = 0.1 𝑏𝑤𝐿 𝑓𝑐𝑑

 A1.7 

Where, V* is the design shear force and 𝑓𝑐𝑑 is the compressive design stress of concrete. It can 

be computed by Equation (A1.8). In this equation, 𝑓𝑐 is the compressive strength of concrete. 

𝑓𝑐𝑑 =
𝑓𝑐
1.5

 
A1.8 

Web reinforcement when the load is applied on the upper portion of the beam, an orthogonal 

reinforcement according to Figure A.12 (a) is required. The area of one bar (Asw) of the mesh can be 

obtained by: 

{
𝐴𝑠𝑤 ≥ 0.0025𝑏𝑤𝑠 for plain bars
𝐴𝑠𝑤 ≥ 0.0020𝑏𝑤𝑠 for deformed bars

 A1.9 

Where, 𝑏𝑤 is the width of the web and s the spacing of reinforcement. 
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when the load is applied on the lower portion of the beam, in addition to the orthogonal 

reinforcement similar to the previous part (have been shown in Figure A1.2 (b)), vertical fitments with 

a maximum spacing of 150 mm, for web reinforcement should be provided. 

 

Figure A1.2 Web reinforcement in deep beams.[80] 
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A2 LOCATIONS OF DISCONTINUITIES AND STOREY NUMBERS 

 

 

Table A2.1 Locations of discontinuities and storey numbers 

Floor plan 

type (reference 

figure) 

Number of 

storeys 

Inter-storey height (m) Location of discontinuities  Storey nos. with 

discontinuities  

1 

(Figure 3.2) 

6 
3.8 m for the 1st storey 

3.2 m for others 

G-2 

C-2, E-2, G-2, I-2, K-2 

2nd storey 

4th storey 

2nd and 4th storey 

9 

3.8 m for the 1st storey 

3.2 m for others 

G-2 

C-2, E-2, G-2, I-2, K-2 

2nd storey 

5th storey 

2nd and 5th storeys 

8th storey 

5th and 8th storeys 

12 

3.8 m for the 1st storey 

3.2 m for others 

G-2 

C-2, E-2, G-2, I-2, K-2 

2nd storey 

6th storey 

2nd and 6th storeys 

9th storey 

6th and 9th storeys 

15 

3.8 m for the 1st storey 

3.2 m for others 

G-2 

C-2, E-2, G-2, I-2, K-2 

2nd storey 

7th storey 

2nd and 7th storeys 

12th storey 

7th and 12th storeys 

2 

(Figure 3.3) 

6 
4.2 m for the 1st and 2nd storey 

3.2 m for others 

B-2, C-2, E-2, F-2, G-2 

B-7, C-7, E-7, F-7, G-7 

2nd storey 

9 

4.2 m for the 1st and 2nd storey 

3.2 m for others 

B-2, C-2, E-2, F-2, G-2 

B-7, C-7, E-7, F-7, G-7 
2nd storey 

12 
4.2 m for the 1st and 2nd storey 

3.2 m for others 

B-2, C-2, E-2, F-2, G-2 

B-7, C-7, E-7, F-7, G-7 

2nd storey 

15 

4.2 m for the 1st and 2nd storey 

3.2 m for others 

B-2, C-2, E-2, F-2, G-2 

B-7, C-7, E-7, F-7, G-7 

2nd storey 
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3 

(Figure 3.4) 

6 

4.0 m for the 1st and 2nd storey 

3.2 m for others 

C-2, F-2, C-7, F-7 2nd storey 

9 
4.0 m for the 1st and 2nd storey 

3.2 m for others 

C-2, F-2, C-7, F-7 2nd storey 

12 

4.0 m for the 1st and 2nd storey 

3.2 m for others 

C-2, F-2, C-7, F-7 2nd storey 

15 

4.0 m for the 1st and 2nd storey 

3.2 m for others 
C-2, F-2, C-7, F-7 2nd storey 

4 

(Figure 3.5) 

6 

4.0 m for the 1st and 2nd storey 

3.2 m for others 

B-1, B-2, B-5, B-6 

D-1 to D-6 

F-1 to F-6 

H-1 to H-6 

J-1, J-2, J-5, J-6 

1st storey 

9 

4.0 m for the 1st and 2nd storey 

3.2 m for others 

B-1, B-2, B-5, B-6 

D-1 to D-6 

F-1 to F-6 

H-1 to H-6 

J-1, J-2, J-5, J-6 

1st storey 

12 

4.0 m for the 1st and 2nd storey 

3.2 m for others 

B-1, B-2, B-5, B-6 

D-1 to D-6 

F-1 to F-6 

H-1 to H-6 

J-1, J-2, J-5, J-6 

1st storey 

15 
4.0 m for the 1st and 2nd storey 

3.2 m for others 

B-1, B-2, B-5, B-6 

D-1 to D-6 

F-1 to F-6 

H-1 to H-6 

J-1, J-2, J-5, J-6 

1st storey 

5 

(Figures 3.6, 3.7 

and 3.8) 

6 

4.5 m for the 1st storey 

3.2 m for others 

Relocation of most outer 

columns (Figure 3.7) 

1st storey 

9 

4.5 m for the 1st storey 

3.2 m for others 

Relocation of most outer 

columns (Figure 3.7) 

1st storey 

12 
4.5 m for the 1st storey 

3.2 m for others 

Relocation of most outer 

columns (Figure 3.7) 

1st storey 

15 

4.5 m for the 1st storey 

3.2 m for others 

Relocation of most outer 

columns (Figure 3.7) 

1st storey 
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A3 REDMOND BARRY BUILDING 

Redmond Barry Building is the tallest and one of the oldest buildings on campus. The building 

construction was finished in 1961. It is expected that designing had been done in accordance with the 

gravity load combinations for the building.  

 

Figure A3.1 Redmond Barry Building[166] 

 

Figure A3.2 Architectural drawings of the first 6 storeys 
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A4 DIMENSIONS OF MEMBERS 

 

 

Table A4.1 Dimensions of members-Floor Plan Type 1 

Number of 

storeys 

Model 

No. 

Discontinuity 

levels  

Discontinuity 

locations 

Transfer 

Beam 

Other 

Beams 

1st-3rd storey 

columns 

4th-6th storey 

columns 

7th-9th storey 

columns 

10th -12th 

storey columns 

13th -15th 

storey columns 

6 

1 2nd storey G-2 1000X280 620X280 530X280 530X280 - - - 

2 2nd storey 
C-2, E-2, G-2, I-2, 

K-2 
1000X280 620X280 530X280 530X280 - - - 

3 4th storey G-2 1000X280 620X280 530X280 530X280 - - - 

4 4th storey 
C-2, E-2, G-2, I-2, 

K-2 
1000X280 620X280 530X280 530X280 - - - 

5 
2nd and 4th 

storeys 
G-2 1000X280 620X280 530X280 530X280 - - - 

6 
2nd and 4th 

storeys 

C-2, E-2, G-2, I-2, 

K-2 
1000X280 620X280 530X280 530X280 - - - 

7 Regular Regular - 620X280 530X280 530X280 - - - 

 

 

 

 

 



 

262 

 

 

 

Table A4.2 Dimensions of members-Floor Plan Type 1 

Number of 

storeys 

Model 

No. 

Discontinuity 

levels  

Discontinuity 

locations 

Transfer 

Beam 

Other 

Beams 

1st-3rd storey 

columns 

4th-6th storey 

columns 

7th-9th storey 

columns 

10th -12th 

storey columns 

13th -15th 

storey columns 

9 

8 2nd storey G-2 1000X280 620X280 580X280 580X280 580X280 - - 

9 2nd storey 
C-2, E-2, G-2, I-2, 

K-2 
1000X280 620X280 

580X280 
580X280 580X280 - - 

610X280 

10 5th storey G-2 1000X280 620X280 580X280 580X280 580X280 - - 

11 5th storey 
C-2, E-2, G-2, I-2, 

K-2 
1000X280 620X280 

580X280 
580X280 580X280 - - 

610X300 

12 
2nd and 5th 

storeys 
G-2 1000X280 620X280 580X280 580X280 580X280 - - 

13 
2nd and 5th 

storeys 

C-2, E-2, G-2, I-2, 

K-2 
1000X280 620X280 

580X280 
580X280 580X280 - - 

650X320 

14 8th storey G-2 1000X280 620X280 580X280 580X280 580X280 - - 

15 8th storey 
C-2, E-2, G-2, I-2, 

K-2 
1000X280 620X280 580X280 580X280 580X280 - - 

16 
5th and 8th 

storeys 
G-2 1000X280 620X280 

580X280 
580X280 580X280 - - 

610X300 

17 
5th and 8th 

storeys 

C-2, E-2, G-2, I-2, 

K-2 
1000X280 620X280 580X280 580X280 580X280 - - 

18 Regular Regular - 620X280 580X280 580X280 580X280 - - 
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Table A4.3 Dimensions of members-Floor Plan Type 1 

Number of 

storeys 

Model 

No. 

Discontinuity 

levels  

Discontinuity 

locations 

Transfer 

Beam 

Other 

Beams 

1st-3rd storey 

columns 

4th-6th storey 

columns 

7th-9th storey 

columns 

10th -12th 

storey columns 

13th -15th 

storey columns 

12 

19 2nd storey G-2 1000X280 620X280 
670X280 

670X280 610X280 610X280 - 
670X350 

20 2nd storey 
C-2, E-2, G-2, I-2, 

K-2 
1000X280 620X280 

670X280 
670X280 610X280 610X280 - 

670X380 

21 6th storey G-2 1000X280 620X280 
670X280 

670X280 610X280 610X280 - 
670X300 

22 6th storey 
C-2, E-2, G-2, I-2, 

K-2 
1000X280 620X280 

670X280 
670X280 610X280 610X280 - 

670X300 

23 
2nd and 6th 

storeys 
G-2 1000X280 620X280 

670X280 
670X280 610X280 610X280 - 

670X350 

24 
2nd and 6th 

storeys 

C-2, E-2, G-2, I-2, 

K-2 
1000X280 620X280 

670X280 
670X280 610X280 610X280 - 

670X380 

25 9th storey G-2 1000X280 620X280 
670X280 

670X280 610X280 610X280 - 
670X300 

26 9th storey 
C-2, E-2, G-2, I-2, 

K-2 
1000X280 620X280 

670X280 
670X280 610X280 610X280 - 

670X320 

27 
6th and 9th 

storeys 
G-2 1000X280 620X280 

670X280 
670X280 610X280 610X280 - 

670X300 

28 
6th and 9th 

storeys 

C-2, E-2, G-2, I-2, 

K-2 
1000X280 620X280 

670X280 
670X280 610X280 610X280 - 

670X300 

29 Regular Regular - 620X280 
670X280 

670X280 610X280 610X280 - 
670X300 
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Table A4.4 Dimensions of members-Floor Plan Type 1 

Number of 

storeys 

Model 

No. 

Discontinuity 

levels  

Discontinuity 

locations 

Transfer 

Beam 

Other 

Beams 

1st-3rd storey 

columns 

4th-6th storey 

columns 

7th-9th storey 

columns 

10th -12th 

storey columns 

13th -15th 

storey columns 

15 

30 2nd storey G-2 1000X280 620X280 
750X280 630X280 

610X280 610X280 610X280 
700X350 630X300 

31 2nd storey 
C-2, E-2, G-2, I-2, 

K-2 
1000X280 620X280 

750X280 630X280 
610X280 610X280 610X280 

700X450 630X300 

32 7th storey G-2 1000X280 620X280 750X280  630X280  610X280 610X280 610X280 

33 7th storey 
C-2, E-2, G-2, I-2, 

K-2 
1000X280 620X280 

750X280 630X280 
610X280 610X280 610X280 

700X450 630X400 

34 
2nd and 7th 

storeys 
G-2 1000X280 620X280 

750X280 630X300 
610X280 610X280 610X280 

700X350 610X400 

35 
2nd and 7th 

storeys 

C-2, E-2, G-2, I-2, 

K-2 
1000X280 620X280 

750X280 630X280 
610X280 610X280 610X280 

700X450 610X400 

36 12th storey G-2 1000X280 620X280 750X280  630X280  610X280 610X280 610X280 

37 
7th and 12th 

storeys 
G-2 1000X280 620X280 750X280  630X280  610X280 610X280 610X280 

38 
7th and 12th 

storeys 

C-2, E-2, G-2, I-2, 

K-2 
1000X280 620X280 

750X280 630X280 
610X280 610X280 610X280 

700X450 630X400 

39 Regular Regular - 620X280 750X280  630X280  610X280 610X280 610X280 
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Table A4.5 Dimensions of members-Floor Plan Type 2 

Number of 

storeys 

Model 

No. 

Discontinuity 

levels  

Discontinuity 

locations 

Transfer 

Beam 

Other 

Beams 

1st-3rd storey 

columns 

4th-6th storey 

columns 

7th-9th storey 

columns 

10th -12th 

storey columns 

13th -15th 

storey columns 

6 

40 

2nd storey 

B-2, C-2, E-2, F-

2, G-2 
1600X300 450X280 

350X350 

300X300 - - - 

41 
B-7, C-7, E-7, F-

7, G-7 
500X350 

42 Regular Regular - 450X280 350X350 300X300 - - - 

9 

43 

2nd storey 

B-2, C-2, E-2, F-

2, G-2 
1600X300 450X280 450X350  350X350 300X300 - - 

44 
B-7, C-7, E-7, F-

7, G-7 

45 Regular Regular - 450X280 450X350 350X350 300X300 - - 

12 

46 

2nd storey 

B-2, C-2, E-2, F-

2, G-2 

1700X350 450X280 

500X400 400X350 300X300 

300X300 - 

47 

B-7, C-7, E-7, F-

7, G-7 
700X450 500X400 350X350 

  300X300 300X300   

48 Regular Regular - 450X280 500X400  400X350 300X300 300X300 - 

15 

49 

2nd storey 

B-2, C-2, E-2, F-

2, G-2 

1700X350 450X280 

550X450 550X350 400X350 300X300 300X300 

50 

B-7, C-7, E-7, F-

7, G-7 
750X450 550X400 450X350  400X300 350X300 

  400X350 400X350       

51 Regular Regular - 450X280 550X450 550X350 400X350 300X300 300X300 
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Table A4.6 Dimensions of members-Floor Plan Type 3 

Number of 

storeys 

Model 

No. 

Discontinuity 

levels  

Discontinuity 

locations 

Transfer 

Beam 

Other 

Beams 

1st-3rd storey 

columns 

4th-6th storey 

columns 

7th-9th storey 

columns 

10th -12th storey 

columns 

13th -15th storey 

columns 

6 
52 2nd storey C-2, F-2, C-7, F 7 550X300 550X280 

350X300 
300X300 - - - 

300X300 

53 Regular Regular - 550X280 350X300 300X300 - - - 

9 
54 2nd storey C-2, F-2, C-7, F 7 500X350 550X280 

400X350 
300X300 300X300 - - 

300X300 

55 Regular Regular - 550X280 400X350 300X300 300X300 - - 

12 
56 2nd storey C-2, F-2, C-7, F 7 500X350 550X280 

500X400 
400X350 350X300 300X300 - 

450X350 

57 Regular Regular - 550X280 500X400 400X350 350X300 300X300 - 

15 
58 2nd storey C-2, F-2, C-7, F 7 500X350 550X280 

550X350 
450X350 400X350 350X300 300X300 

450X350 

59 Regular Regular - 550X280 500X400 450X350 400X350 350X300 300X300 
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Table A4.7 Dimensions of members-Floor Plan Type 4 

Number of 

storeys 

Model 

No. 

Discontinuity 

levels  

Discontinuity 

locations 

Transfer 

Beam 

Other 

Beams 

1st-3rd storey 

columns 

4th-6th storey 

columns 

7th-9th storey 

columns 

10th -12th 

storey columns 

13th -15th 

storey columns 

6 

60 1st storey 

B-1, B-2, B-5, B-

6 

750X300 

400X280 400X300 

300X300 - - - 

D-1 to D-6 750X280 500X350 

F-1 to F-6   300X300 

H-1 to H-6     

J-1, J-2, J-5, J-6     

61 Regular Regular - 
400X280 

400X300 300X300 - - - 
750X280 

9 

62 1st storey 

B-1, B-2, B-5, B-

6 

750X300 

400X280 450X300 

300X300 300X300 - - 

D-1 to D-6 750X280 600X400 

F-1 to F-6   300X300 

H-1 to H-6     

J-1, J-2, J-5, J-6     

63 Regular Regular - 
400X280 

450X300 300X300 300X300 - - 
750X280 
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Table A4.8 Dimensions of members-Floor Plan Type 4 

Number of 

storeys 

Model 

No. 

Discontinuity 

levels  

Discontinuity 

locations 

Transfer 

Beam 

Other 

Beams 

1st-3rd storey 

columns 

4th-6th storey 

columns 

7th-9th storey 

columns 

10th -12th 

storey columns 

13th -15th 

storey columns 

12 

64 1st storey 

B-1, B-2, B-5, B-

6 

800X300 

400X280 500X400 400X300 

350X300 300X300 - 

D-1 to D-6 750X280 650X500 500X450 

F-1 to F-6   450X300 450X300 

H-1 to H-6       

J-1, J-2, J-5, J-6       

65 Regular Regular - 
400X280 

500X400 400X300 350X300 300X300 - 
750X280 

15 

66 1st storey 

B-1, B-2, B-5, B-

6 

1000X400 

400X280 500X400 450X400 450X350 

300X300 300X300 

D-1 to D-6 750X280 800X600 550X450 500X400 

F-1 to F-6   450X400     

H-1 to H-6         

J-1, J-2, J-5, J-6         

67 Regular Regular - 
400X280 

500X400 450X400 450X350 300X300 300X300 
750X280 
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Table A4.9 Dimensions of members-Floor Plan Type 5 

Number of 

storeys 

Model 

No. 

Discontinuity 

levels  

Discontinuity 

locations 

Transfer 

Beam 

Other 

Beams 

1st-3rd storey 

columns 

4th-6th storey 

columns 

7th-9th storey 

columns 

10th -12th storey 

columns 

13th -15th storey 

columns 

6 
68 1st storey 

Relocation of the 

most outer columns 
2200X300 400X280 

300X300 
300X300 - - - 

550X300 

69 Regular Regular - 400X280 300X300 300X300 - - - 

9 
70 1st storey 

Relocation of the 

most outer columns 
2200X300 400X280 

350X300 
300X300 300X300 - - 

550X300 

71 Regular Regular - 400X280 350X300 300X300 300X300 - - 

12 
72 1st storey 

Relocation of the 

most outer columns 
2200X300 400X280 

350X300 
300X300 300X300 300X300 - 

550X300 

73 Regular Regular - 400X280 350X300 300X300 300X300 300X300 - 

15 
74 1st storey 

Relocation of the 

most outer columns 
2300X300 400X280 

450X350 
300X300 300X300 300X300 300X300 

750X300 

75 Regular Regular - 400X280 450X350 300X300 300X300 300X300 300X300 
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A5 INTER-STOREY DRIFT RATIO PROFILES 

 

 

Figure A5.1 Inter-storey drift ratios of buildings 
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A6 SHEAR FORCE PROFILES 

 

 

Figure A6.1 Storey shear forces of buildings 
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A7 SEISMIC FRAGILITY CURVES 

 

Figure A7.1 IDA curves for the irregular building-RSVMax 

 

Figure A7.2 IDA curves for the regular building-RSVMax 

 

Figure A7.3 Probability of exceeding Life-Safety performance level thresholds- Irregular Building-RSVMax  
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Figure A7.4 Probability of Collapse- Irregular Building-RSVMax 

 

Figure A7.5 Probability of exceeding Life-Safety performance level thresholds- Regular Building-RSVMax 

 

Figure A7.6 Probability of Collapse- Regular Building-RSVMax 
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Figure A7.7 IDA curves for the irregular building-RSAMax 

 

Figure A7.8 IDA curves for the regular building-RSAMax 

 

Figure A7.9 Probability of exceeding Life-Safety performance level thresholds- Irregular Building-RSAMax  
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Figure A7.10 Probability of Collapse- Irregular Building-RSAMax 

 

Figure A7.11 Probability of exceeding Life-Safety performance level thresholds- Regular Building-RSAMax  

 

Figure A7.12 Probability of Collapse- Regular Building-RSAMax 
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Figure A7.13 IDA curves for the irregular building-RSDMax 

 

Figure A7.14 IDA curves for the regular building-RSDMax 

 

Figure A7.15 Probability of exceeding Life-Safety performance level thresholds- Irregular Building-RSDMax  
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Figure A7.16 Probability of Collapse- Irregular Building-RSDMax 

 

Figure A7.17 Probability of exceeding Life-Safety performance level thresholds - Regular Building-RSDMax  

 

Figure A7.18 Probability of Collapse- Regular Building-RSDMax 
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Figure A7.19 IDA curves for the irregular building-PGA 

 

Figure A7.20 IDA curves for the regular building-PGA 

 

Figure A7.21 Probability of exceeding Life-Safety limit state- Irregular Building-PGA 
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Figure A7.22 Probability of Collapse- Irregular Building-PGA 

 

Figure A7.23 Probability of exceeding Life-Safety performance level thresholds- Regular Building-PGA 

 

Figure A7.24 Probability of Collapse- Regular Building-PGA 
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Figure A7.25 IDA curves for the irregular building-PGV 

 

Figure A7.26 IDA curves for the regular building-PGV 

 

Figure A7.27 Probability of exceeding Life-Safety performance level thresholds- Irregular Building-PGV 
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Figure A7.28 Probability of Collapse- Irregular Building-PGV 

 

Figure A7.29 Probability of exceeding Life-Safety performance level thresholds- Regular Building-PGV 

 

Figure A7.30 Probability of Collapse- Regular Building-PGV 
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Figure A7.31 IDA curves for the irregular building-PGD 

 

Figure A7.32 IDA curves for the regular building-PGD 

 

Figure A7.33 Probability of exceeding Life-Safety performance level thresholds- Irregular Building-PGD 
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Figure A7.34 Probability of Collapse- Irregular Building- PGD 

 

Figure A7.35 Probability of exceeding Life-Safety performance level thresholds- Regular Building-PGD 

 

Figure A7.36 Probability of Collapse- Regular Building-PGD 


